








ASCE STANDARDS

In 2014, the Board of Direction approved revisions to the
ASCE Rules for Standards Committees to govern the writing
and maintenance of standards developed by ASCE. All such
standards are developed by a consensus standards process
managed by the ASCE Codes and Standards Committee (CSC).
The consensus process includes balloting by a balanced
standards committee and reviewing during a public comment
period. All standards are updated or reaf rmed by the same
process every ve to ten years. Requests for formal interpreta-
tions shall be processed in accordance with Section 7 of ASCE
Rules for Standards Committees, which are available
at www.asce.org. Errata, addenda, supplements, and interpreta-
tions, if any, for this standard can also be found at
https://doi.org/10.1061/9780784414248.

This standard has been prepared in accordance with recog-
nized engineering principles and should not be used without the
user’s competent knowledge for a given application. The publi-
cation of this standard by ASCE is not intended to warrant that
the information contained therein is suitable for any general or
speci ¢ use, and ASCE takes no position respecting the validity
of patent rights. The user is advised that the determination of
patent rights or risk of infringement is entirely his or her own
responsibility.

A complete list of current standards is available in the ASCE
Library (http://ascelibrary.org/page/books/s-standards).
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Table 1.3-2 Target Reliability (Conditional Probability of Failure)
for Structural Stability Caused by Earthquake

Conditional Probability of
Failure Caused by the MCEg

Risk Category Shaking Hazard (%)

I &1l 10
11 5
v 2.5

Table 1.3-3 Target Reliability (Conditional Probability of Failure)
for Ordinary Noncritical Structural Members Caused
by Earthquake

Conditional Probability of
Component or Anchorage Failure
Caused by the MCER Shaking

Risk Category Hazard (%)

1 &1l 25
11 15
v 9

values from the test program shall be in accordance with those
industry standards and practices. Where such standards or prac-
tices do not exist, specimens shall be constructed to a scale
similar to that of the intended application unless it can be
demonstrated that scale effects are not signi cant to the indicated
performance. Evaluation of test results shall be made on the basis
of the values obtained from not less than three tests, provided that
the deviation of any value obtained from any single test does
not vary from the average value for all tests by more than 15%. If
such deviation from the average value for any test exceeds 15%,
then additional tests shall be performed until the deviation of any
test from the average value does not exceed 15% or a minimum
of six tests have been performed. No test shall be eliminated
unless a rationale for its exclusion is given. Test reports shall
document the location, the time and date of the test, the char-
acteristics of the tested specimen, the laboratory facilities, the test
con guration, the applied loading and deformation under load,
and the occurrence of any damage sustained by the specimen,
together with the loading and deformation at which such damage
occurred.

1.3.1.3.3 Documentation. The procedures used to demonstrate
compliance with this section and the results of analysis and testing
shall be documented in one or more reports submitted to the
Authority Having Jurisdiction and to an independent peer review.

1.3.1.3.4 Peer Review. The procedures and results of analysis,
testing, and calculation used to demonstrate compliance with the
requirements of this section shall be subject to an independent
peer review approved by the Authority Having Jurisdiction. The
peer review shall comprise one or more persons having the
necessary expertise and knowledge to evaluate compliance,
including knowledge of the expected performance, the structural
and component behavior, the particular loads considered, struc-
tural analysis of the type performed, the materials of construc-
tion, and laboratory testing of elements and components to
determine structural resistance and performance characteristics.
The review shall include assumptions, criteria, procedures, cal-
culations, analytical models, test setup, test data, nal drawings,
and reports. Upon satisfactory completion, the peer reviewers

shall submit a letter to the Authority Having Jurisdiction indicating
the scope of their review and their ndings.

1.3.2 Serviceability. Structural systems, and members thereof,
shall be designed under service loads to have adequate stiffness
to limit de ections, lateral drift, vibration, or any other deforma-
tions that adversely affect the intended use and performance
of buildings and other structures based on requirements set forth
in the applicable codes and standards, or as speci ed in the
project design criteria.

1.3.3 Functionality. Structural systems and members and
connections thereof assigned to Risk Category IV shall be
designed with reasonable probability to have adequate structural
strength and stiffness to limit de ections, lateral drift, or other
deformations such that their behavior would not prevent function
of the facility immediately following any of the design level
environmental hazard events speci ed in this standard.
Designated nonstructural systems and their attachment to the
structure shall be designed with suf cient strength and stiffness
such that their behavior would not prevent function immediately
following any of the design level environmental hazard events
speci ed in this standard. Components of designated nonstructural
systems shall be designed, quali ed, or otherwise protected such
that they shall be demonstrated capable of performing their critical
function after the facility is subjected to any of the design level
environmental hazards speci ed in this standard.

The provisions in Section 1.3.1.1 and Section 1.3.1.2 in this
standard are deemed to comply with the requirements of this
section.

1.3.4 Self-Straining Forces and Effects. Provision shall be
made for anticipated self-straining forces and effects arising
from differential settlements of foundations and from restrained
dimensional changes caused by temperature, moisture, shrinkage,
creep, and similar effects.

1.3.5 Analysis. Load effects on individual structural members
shall be determined by methods of structural analysis that take
into account equilibrium, general stability, geometric compatibility,
and both short- and long-term material properties. Members that
tend to accumulate residual deformations under repeated
service loads shall have included in their analysis the added
eccentricities expected to occur during their service life.

1.3.6 Counteracting Structural Actions. All structural
members and systems, and all components and cladding in a
building or other structure, shall be designed to resist forces
caused by earthquake and wind, with consideration of over-
turning, sliding, and uplift, and continuous load paths shall be
provided for transmitting these forces to the foundation. Where
sliding is used to isolate the elements, the effects of friction
between sliding elements shall be included as a force. Where all or
a portion of the resistance to these forces is provided by dead load,
the dead load shall be taken as the minimum dead load likely to be
in place during the event causing the considered forces.
Consideration shall be given to the effects of vertical and
horizontal de ections resulting from such forces.

1.3.7 Fire Resistance. Structural re resistance shall be provided
in accordance with the requirements speci ed in the applicable
building code. As an alternative, the performance-based design
procedures in Appendix E are permitted, where approved.

1.4 GENERAL STRUCTURAL INTEGRITY

All structures shall be provided with a continuous load path in
accordance with the requirements of Section 1.4.1 and shall have
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a complete lateral force-resisting system with adequate strength
to resist the forces indicated in Section 1.4.2. All members of the
structural system shall be connected to their supporting members
in accordance with Section 1.4.3. Structural walls shall be
anchored to diaphragms and supports in accordance with Sec-
tion 1.4.4. The effects on the structure and its components caused
by the forces stipulated in this section shall be taken as the
notional load, N, and combined with the effects of other loads in
accordance with the load combinations of Section 2.6. Where
material resistance depends on load duration, notional loads are
permitted to be taken as having a duration of 10 minutes.
Structures designed in conformance with the requirements of
this standard for Seismic Design Categories B, C, D, E, or F shall
be deemed to comply with the requirements of Sections 1.4.2,
1.4.3, and 1.4.4.

1.4.1 Load Path Connections. All parts of the structure
between separation joints shall be interconnected to form a
continuous path to the lateral force-resisting system, and the
connections shall be capable of transmitting the lateral forces
induced by the parts being connected. Any smaller portion of the
structure shall be tied to the remainder of the structure with
elements having the strength to resist a force of not less than 5%
of the portion’s weight.

1.4.2 Lateral Forces. Each structure shall be analyzed for the
effects of static lateral forces applied independently in each of
two orthogonal directions. In each direction, the static lateral
forces at all levels shall be applied simultaneously. For purposes
of analysis, the force at each level shall be determined using
Eq. (1.4-1):

F, = 0.01W, (1.4-1)

where

F, =the design lateral force applied at story x, and
W, = the portion of the total dead load of the structure, D, located
or assigned to level x.

Structures explicitly designed for stability, including second-
order effects, shall be deemed to comply with the requirements of
this section.

1.4.3 Connection to Supports. A positive connection for
resisting a horizontal force acting parallel to the member shall
be provided for each beam, girder, or truss either directly to its
supporting elements or to slabs designed to act as diaphragms.
Where the connection is through a diaphragm, the member’s
supporting element shall also be connected to the diaphragm.
The connection shall have the strength to resist a force of 5% of
the unfactored dead load plus live load reaction imposed by the
supported member on the supporting member.

1.4.4 Anchorage of Structural Walls. Walls that provide
vertical load bearing or lateral shear resistance for a portion of
the structure shall be anchored to the roof and all oors and
members that provide lateral support for the wall or that are
supported by the wall. The anchorage shall provide a direct
connection between the walls and the roof or oor construction.
The connections shall be capable of resisting a strength level
horizontal force perpendicular to the plane of the wall equal to
0.2 times the weight of the wall tributary to the connection, but
not less than 5 psf (0.24 kN m?).

1.4.5 Extraordinary Loads and Events. When considered,
design for resistance to extraordinary loads and events shall
be in accordance with the procedures of Section 2.5.

1.5 CLASSIFICATION OF BUILDINGS AND OTHER
STRUCTURES

1.5.1 Risk Categorization. Buildings and other structures shall
be classi ed, based on the risk to human life, health, and welfare
associated with their damage or failure by nature of their
occupancy or use, according to Table 1.5-1 for the purposes
of applying ood, wind, snow, earthquake, and ice provisions.
Each building or other structure shall be assigned to the highest
applicable Risk Category or Categories. Minimum design loads
for structures shall incorporate the applicable importance factors
given in Table 1.5-2, as required by other sections of this
standard. Assignment of a building or other structure to
multiple Risk Categories based on the type of load condition
being evaluated (e.g., snow or seismic) shall be permitted.

When the building code or other referenced standard speci es
an Occupancy Category, the Risk Category shall not be taken as
lower than the Occupancy Category speci ed therein.

Table 1.5-1 Risk Category of Buildings and Other Structures for
Flood, Wind, Snow, Earthquake, and Ice Loads

Use or Occupancy of Buildings and Structures Risk Category

Buildings and other structures that represent low risk to |
human life in the event of failure

All buildings and other structures except those listed in Risk I
Categories I, Ill, and IV

Buildings and other structures, the failure of which could 11
pose a substantial risk to human life

Buildings and other structures, not included in Risk
Category IV, with potential to cause a substantial economic
impact and/or mass disruption of day-to-day civilian life in
the event of failure

Buildings and other structures not included in Risk Category
1V (including, but not limited to, facilities that manufacture,
process, handle, store, use, or dispose of such substances as
hazardous fuels, hazardous chemicals, hazardous waste, or
explosives) containing toxic or explosive substances where
the quantity of the material exceeds a threshold quantity
established by the Authority Having Jurisdiction and is
suf cient to pose a threat to the public if released®

Buildings and other structures designated as essential v
facilities

Buildings and other structures, the failure of which could
pose a substantial hazard to the community

Buildings and other structures (including, but not limited to,
facilities that manufacture, process, handle, store, use, or
dispose of such substances as hazardous fuels, hazardous
chemicals, or hazardous waste) containing suf cient
quantities of highly toxic substances where the quantity of
the material exceeds a threshold quantity established by the
Authority Having Jurisdiction and is suf cient to pose a
threat to the public if released®

Buildings and other structures required to maintain the
functionality of other Risk Category IV structures

2Buildings and other structures containing toxic, highly toxic, or explosive
substances shall be eligible for classi cation to a lower Risk Category If it can
be demonstrated to the satisfaction of the Authority Having Jurisdiction by a
hazard assessment as described in Section 1.5.3 that a release of the sub-
stances is commensurate with the risk associated with that Risk Category.
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Table 1.5-2 Importance Factors by Risk Category of Buildings and
Other Structures for Snow, Ice, and Earthquake Loads

Risk Snow Ice Importance Ice Importance Seismic
Category from Importance Factor— Factor—Wind, Importance
Table 1.5-1 Factor, | Thickness, [; lw Factor, |
| 0.80 0.80 1.00 1.00

1 1.00 1.00 1.00 1.00
11 1.10 1.15 1.00 1.25
v 1.20 1.25 1.00 1.50

Note: The component importance factor, I, applicable to earthquake loads, is
not included in this table because it depends on the importance of the
individual component rather than that of the building as a whole, or its
occupancy. Refer to Section 13.1.3.

1.5.2 Multiple Risk Categories. Where buildings or other
structures are divided into portions with independent structural
systems, the classi cation for each portion shall be permitted to
be determined independently. Where building systems, such as
required egress, HVAC, or electrical power, for a portion with a
higher Risk Category pass through or depend on other portions of
the building or other structure having a lower Risk Category,
those portions shall be assigned to the higher Risk Category.

1.5.3 Toxic, Highly Toxic, and Explosive Substances. Buildings
and other structures containing toxic, highly toxic, or explosive
substances are permitted to be classi ed as Risk Category Il
structures if it can be demonstrated to the satisfaction of the
Authority Having Jurisdiction by a hazard assessment as part of
an overall risk management plan (RMP) that a release of the
toxic, highly toxic, or explosive substances is not suf cient to
pose a threat to the public.

To qualify for this reduced classi cation, the owner or operator
of the buildings or other structures containing the toxic, highly
toxic, or explosive substances shall have an RMP that incorpo-
rates three elements as a minimum: a hazard assessment, a
prevention program, and an emergency response plan.

As a minimum, the hazard assessment shall include the
preparation and reporting of worst-case release scenarios for
each structure under consideration, showing the potential effect
on the public for each. As a minimum, the worst-case event shall
include the complete failure e.g., instantaneous release of entire
contents of a vessel, piping system, or other storage structure. A
worst-case event includes, but is not limited to, a release during
the design wind or design seismic event. In this assessment, the
evaluation of the effectiveness of subsequent measures for acci-
dent mitigation shall be based on the assumption that the
complete failure of the primary storage structure has occurred.
The off-site impact shall be de ned in terms of population within
the potentially affected area. To qualify for the reduced classi -
cation, the hazard assessment shall demonstrate that a release of
the toxic, highly toxic, or explosive substances from a worst-case
event does not pose a threat to the public outside the property
boundary of the facility.

As a minimum, the prevention program shall consist of the
comprehensive elements of process safety management, which is
based upon accident prevention through the application of
management controls in the key areas of design, construction,
operation, and maintenance. Secondary containment of the toxic,
highly toxic, or explosive substances; including, but not limited
to, double-wall tank, dike of suf cient size to contain a spill, or
other means to contain a release of the toxic, highly toxic, or
explosive substances within the property boundary of the facility
and prevent release of harmful quantities of contaminants to the
air, soil, groundwater, or surface water; are permitted to be used
to mitigate the risk of release. Where secondary containment is
provided, it shall be designed for all environmental loads and is
not eligible for this reduced classi cation. In hurricane-prone
regions, mandatory practices and procedures that effectively
diminish the effects of wind on critical structural elements or
that alternatively protect against harmful releases during and after
hurricanes are permitted to be used to mitigate the risk of release.

As a minimum, the emergency response plan shall address
public noti cation, emergency medical treatment for accidental
exposure to humans, and procedures for emergency response to
releases that have consequences beyond the property boundary of
the facility. The emergency response plan shall address the
potential that resources for response could be compromised by
the event that has caused the emergency.

1.6 ADDITIONS AND ALTERATIONS TO EXISTING
STRUCTURES

When an existing building or other structure is enlarged or
otherwise altered, structural members affected shall be strength-
ened if necessary so that the factored loads de ned in this
document will be supported without exceeding the speci ed
design strength for the materials of construction. When using
allowable stress design, strengthening is required when the
stresses caused by nominal loads exceed the speci ed allowable
stresses for the materials of construction.

1.7 LOAD TESTS

A load test of any construction shall be conducted when required
by the Authority Having Jurisdiction whenever there is reason to
question its safety for the intended use.

1.8 CONSENSUS STANDARDS AND OTHER
REFERENCED DOCUMENTS

This section lists the consensus standards and other documents
that shall be considered part of this standard to the extent
referenced in this chapter.

OSHA Standards for General Industry, 29 CFR (Code of
Federal Regulations) Part 1910.1200. Appendix A, with Amend-
ments as of February 1, 2000, U.S. Department of Labor,
Occupational Safety and Health Administration, 2005.

Cited in: Section 1.2
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adversely affect structural safety or performance, T shall be
considered in combination with other loads. The load factor
on T shall be established considering the uncertainty associated
with the likely magnitude of the structural forces and effects,
the probability that the maximum effect of T will occur
simultaneously with other applied loadings, and the potential
adverse consequences if the effect of T is greater than assumed.
The load factor on T shall not have a value less than 1.0.

2.3.5 Load Combinations for Nonspeci ed Loads. Where
approved by the Authority Having Jurisdiction, the registered
design professional is permitted to determine the combined load
effect for strength design using a method that is consistent with
the method on which the load combination requirements in
Section 2.3.1 are based. Such a method must be probability
based and must be accompanied by documentation regarding the
analysis and collection of supporting data that are acceptable to
the Authority Having Jurisdiction.

2.3.6 Basic Combinations with Seismic Load Effects. Whena
structure is subject to seismic load effects, the following load com-
binations shall be considered in addition to the basic combinations
in Section 2.3.1. The most unfavorable effects from seismic loads
shall be investigated, where appropriate, but they need not be
considered to act simultaneously with wind loads.

Where the prescribed seismic load effect, E =fdE,; E,p (de ned
in Section 12.4.2 or 12.14.3.1) is combined with the effects of
other loads, the following seismic load combinations shall be used:

6. 1.2DpE,pE,pLp0.2S
7. 09D E,pE;

Where the seismic load effect with overstrength,
E,,=f0E,; E,,b, de ned in Section 12.4.3, is combined with
the effects of other loads, the following seismic load combination
for structures shall be used:

6. 1.2DPE,PEy b Lp0.2S
7. 09D E, b Em

EXCEPTION:

1. The load factor on L in combinations 6 is permitted to equal 0.5
for all occupancies in which L, in Chapter 4, Table 4.3-1, is
less than or equal to 100 psf (4.78 kN/sg m), with the exception
of garages or areas occupied as places of public assembly.

2. In combinations 6, the companion load S shall be taken as
either the at roof snow load (p;) or the sloped roof snow

load (p;).

Where uid loads F are present, they shall be included with the
same load factor as dead load D in combinations 6 and 7.
Where loads H are present, they shall be included as follows:

1. Where the effect of H adds to the primary variable load
effect, include H with a load factor of 1.6;

2. Where the effect of H resists the primary variable load
effect, include H with a load factor of 0.9 where the load is
permanent or a load factor of O for all other conditions.

2.4 LOAD COMBINATIONS FOR ALLOWABLE
STRESS DESIGN

2.4.1 Basic Combinations. Loads listed herein shall be con-
sidered to act in the following combinations; whichever produces
the most unfavorable effect in the building, foundation, or
structural member shall be considered. Effects of one or more
loads not acting shall be considered. Seismic load effects shall be

8

combined with other loads in accordance with Section 2.4.5.
Wind and seismic loads need not be considered to act
simultaneously. Refer to Sections 1.4, 2.4.5, 12.4, and 12.14.3
for the speci c de nition of the earthquake load effect E.

Increases in allowable stress shall not be used with the loads or
load combinations given in this standard unless it can be
demonstrated that such an increase is justi ed by structural
behavior caused by rate or duration of load.

D

DpL

Dp (L, or Sor R)

D p 0.75L b 0.75(L, or S or R)

D p 80.6Wp

D p 0.75L b 0.7580.6Wb p 0.75(L, or S or R)
0.6D p 0.6W

NogkrwhpE

EXCEPTIONS:

1. In combinations 4 and 6, the companion load S shall be
taken as either the at roof snow load (p;) or the sloped roof
snow load (ps).

2. For nonbuilding structures in which the wind load is deter-
mined from force coef cients, Cs, identi ed in Figs. 29.4-1,
29.4-2, and 29.4-3 and the projected area contributing wind
force toafoundation element exceeds 1,000 sq ft (93 sqm)on
either a vertical or a horizontal plane, it shall be permitted to
replace W with 0.9W in combination 7 for design of the
foundation, excluding anchorage of the structure to the
foundation.

Where uid loads F are present, they shall be included in
combinations 1 through 6 with the same factor as that used for
dead load D.

Where loads H are present, they shall be included as follows:

1. where the effect of H adds to the principal load effect,
include H with a load factor of 1.0;

2. where the effect of H resists the principal load effect,
include H with a load factor of 0.6 where the load is
permanent or a load factor of O for all other conditions.

The most unfavorable effects from both wind and earthquake
loads shall be considered, where appropriate, but they need not
be assumed to act simultaneously. Refer to Sections 1.4, 2.4.5,
12.4, and 12.14.3 for the speci ¢ de nition of the earthquake
load effect E.

Increases in allowable stress shall not be used with the loads or
load combinations given in this standard unless it can be
demonstrated that such an increase is justi ed by structural
behavior caused by rate or duration of load.

2.4.2 Load Combinations Including Flood Load. When a
structure is located in a ood zone, the following load
combinations shall be considered in addition to the basic
combinations in Section 2.4.1:

1. InV-Zones or Coastal A-Zones (Section 5.3.1), 1.5F, shall
be added to other loads in combinations 5, 6, and 7, and E
shall be set equal to zero in combinations 5 and 6.

2. Innoncoastal A-Zones, 0.75F, shall be added to combina-
tions 5, 6, and 7, and E shall be set equal to zero in
combinations 5 and 6.

2.4.3 Load Combinations Including Atmospheric Ice Loads.
When a structure is subjected to atmospheric ice and wind-on-ice
loads, the following load combinations shall be considered:

1. 0.7D; shall be added to combination 2.
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2. (L, or S or R) in combination 3 shall be replaced by
0.7D; p 0.7W; b S.

3. 0.6W in combination 7 shall be replaced by 0.7D; p 0.7W,.

4. 0.7D; shall be added to combination 1.

2.4.4 Load Combinations Including Self-Straining Forces
and Effects. Where the structural effects of T are expected to
adversely affect structural safety or performance, T shall be
considered in combination with other loads. Where the
maximum effect of load T is unlikely to occur simultaneously
with the maximum effects of other variable loads, it shall be
permitted to reduce the magnitude of T considered in
combination with these other loads. The fraction of T
considered in combination with other loads shall not be less
than 0.75.

2.4.5 Basic Combinations with Seismic Load Effects. When a
structure is subject to seismic load effects, the following load
combinations shall be considered in addition to the basic
combinations and associated Exceptions in Section 2.4.1.
Where the prescribed seismic load effect, E =fdE,; E,P (de-
ned in Section 12.4.2) is combined with the effects of other
loads, the following seismic load combinations shall be used:

8. 1.0D p 0.7E, p 0.7,
9. 1.0D p 0.525E, p 0.525E;, pp 0.75L p 0.75S
10. 06D 0.7E, p 0.7E;,

Where the seismic load effect with overstrength,
E., =f0E,; Ennb, de ned in Section 12.4.3, is combined with
the effects of other loads, the following seismic load combination
for structures not subject to ood or atmospheric ice loads shall
be used:

8. 1.0D p 0.7E, p 0.7E,
9. 1.0D p 0.525E, p 0.525E,,, | 0.75L p 0.75S
10. 0.6D 0.7E, p 0.7E,

Where allowable stress design methodologies are used with
the seismic load effect de ned in Section 12.4.3 and applied in
load combinations 8, 9, or 10, allowable stresses are permitted to
be determined using an allowable stress increase factor of 1.2.
This increase shall not be combined with increases in allowable
stresses or load combination reductions otherwise permitted by
this standard or the material reference document except for
increases caused by adjustment factors in accordance with AWC
NDS.

EXCEPTIONS:

1. In combinations 9, the companion load S shall be taken as
either the at roof snow load (p;) or the sloped roof snow
load (ps).

2. It shall be permitted to replace 0.6D with 0.9D in combi-
nation 10 for the design of special reinforced masonry
shear walls where the walls satisfy the requirement of
Section 14.4.2.

Where uid loads F are present, they shall be included in
combinations 8, 9, and 10 with the same factor as that used for
dead load D.

Where loads H are present, they shall be included as follows:

1. where the effect of H adds to the primary variable load
effect, include H with a load factor of 1.0;

2. where the effect of H resists the primary variable load
effect, include H with a load factor of 0.6 where the load is
permanent or a load factor of O for all other conditions.

2.5 LOAD COMBINATIONS FOR EXTRAORDINARY
EVENTS

2.5.1 Applicability. Where required by the owner or applicable
code, strength and stability shall be checked to ensure that
structures are capable of withstanding the effects of extra-
ordinary (i.e., low-probability) events, such as res, explo-
sions, and vehicular impact without disproportionate collapse.

2.5.2 Load Combinations.

2.5.2.1 Capacity. For checking the capacity of a structure or
structural element to withstand the effect of an extraordinary
event, the following gravity load combination shall be considered:

30.9 or 1.20D p A, p 0.5L p 0.2S (2.5-1)

in which A, = the load or load effect resulting from extraordinary
event A.

2.5.2.2 Residual Capacity. For checking the residual load-
carrying capacity of a structure or structural element following
the occurrence of a damaging event, selected load-bearing elements
identi ed by the registered design professional shall be notionally
removed, and the capacity of the damaged structure shall be
evaluated using the following gravity load combination:

80.9 or 1.2bD p 0.5L p 0.2L, or S or Rp (2.5-2)

2.5.3 Stability Requirements. Stability shall be provided for
the structure as a whole and for each of its elements. Any method
that considers the in uence of second-order effects is permitted.

2.6 LOAD COMBINATIONS FOR GENERAL
STRUCTURAL INTEGRITY LOADS

The notional loads, N, speci ed in Section 1.4 for structural
integrity shall be combined with other loads in accordance with
Section 2.6.1 for strength design and Section 2.6.2 for allowable
stress design.

2.6.1 Strength Design Notional Load Combinations.

1. 1.2Dp1ONpLp0.2S
2. 0.9D p 1.0N

2.6.2 Allowable Stress Design Notional Load Combinations.

1. Dp0.7N
2. D 0.7580.7Nb p 0.75L p 0.75(L, or S or R)
3. 0.6Dp0.7N

2.7 CONSENSUS STANDARDS AND OTHER
REFERENCED DOCUMENTS

This section lists the consensus standards and other documents
that shall be considered part of this standard to the extent
referenced in this chapter.

ANSI/AISC 300, Speci cation for Structural Steel Buildings,
American Institute of Steel Construction, 2016.

Cited in: Section 2.3.5

AWC NDS 12, National Design Speci cation for Wood Con-
struction, Including Supplements, American Wood Council, 2012.

Cited in: Section 2.4.5

AWC NDS 15, National Design Speci cation for Wood Con-
struction, Including Supplements, American Wood Council, 2014.

Cited in: Section 2.4.5

Minimum Design Loads and Associated Criteria for Buildings and Other Structures 9






CHAPTER 3
DEAD LOADS, SOIL LOADS, AND HYDROSTATIC PRESSURE

3.1 DEAD LOADS overturning, sliding, and uplift conditions in accordance with

3.1.1 De nition. Dead loads consist of the weight of all Section 1.3.6,

materials of construction incorporated into the building
including, but not limited to, walls, oors, roofs, ceilings, EXCEPTIONS:
stairways, built-in partitions, nishes, cladding, and other
similarly incorporated architectural and structural items and
xed service equipment, including the weight of cranes and
material handling systems.

1. Where force effects are the result of the presence of the
variable components, the components are permitted to be
used to counter those load effects. In such cases, the
structure shall be designed for force effects with the

3.1.2 Weights of Materials and Constructions. In determining variable components present and with them absent.

dead loads for purposes of design, the actual weights of materials 2. For the calculation of seismic force effects, the components

and constructions shall be used, provided that in the absence of of xed service equipment that are variable, such as liquid

de nite information, values approved by the Authority Having contents and movable trays, need not exceed those

Jurisdiction shall be used. expected during normal operation.

3.1.3 Weight of Fixed Service Equipment. In determining 3.1.4 Vegetative and Landscaped Roofs. The weight of all

dead loads for purposes of design, the weight of xed service landscaping and hardscaping materials shall be considered as

equipment, including the maximum weight of the contents of dead load. The weight shall be computed considering both fully
xed service equipment, shall be included. The components of saturated soil and drainage layer materials and fully dry soil and
xed service equipment that are variable, such as liquid contents drainage layer materials to determine the most severe load effects

and movable trays, shall not be used to counteract forces causing on the structure.

Table 3.2-1 Design Lateral Soil Load

Design Lateral Soil Load?® psf per foot of depth

Description of Back Il Material Uni ed Soil Classi cation (kN m?2 per meter of depth)
Well-graded, clean gravels, gravel-sand mixes GW 35 (5.50)°
Poorly graded, clean gravels, gravel-sand mixes GP 35 (5.50)°
Silty gravels, poorly graded gravel-sand mixes GM 35 (5.50)°
Clayey gravels, poorly graded gravel-and-clay mixes GC 45 (7.07)°
Well-graded, clean sands; gravel-sand mixes SW 35 (5.50)°
Poorly graded, clean sands, sand—gravel mixes SP 35 (5.50)°
Silty sands, poorly graded sand-silt mixes SM 45 (7.07)°
Sand-silt clay mix with plastic nes SM-SC 85 (13.35)°
Clayey sands, poorly graded sand-clay mixes SC 85 (13.35)°
Inorganic silts and clayey silts ML 85 (13.35)°
Mixture of inorganic silt and clay ML-CL 85 (13.35)°
Inorganic clays of low to medium plasticity CL 100 (15.71)
Organic silts and silt-clays, low plasticity oL d
Inorganic clayey silts, elastic silts MH d
Inorganic clays of high plasticity CH d
Organic clays and silty clays OH d

#Design lateral soil loads are given for moist conditions for the speci ed soils at their optimum densities. Actual eld conditions shall govern. Submerged or
saturated soil pressures shall include the weight of the buoyant soil plus the hydrostatic loads.

For relatively rigid walls, as when braced by ~ oors, the design lateral soil load shall be increased for sand and gravel type soils to 60 psf (9.43 kN m?) per foot
(meter) of depth. Basement walls extending not more than 8 ft (2.44 m) below grade and supporting light oor systems are not considered as being relatively rigid
walls.
°For relatively rigid walls, as when braced by oors, the design lateral load shall be increased for silt and clay type soils to 100 psf (15.71 kN m?) per foot (meter)
of depth. Basement walls extending not more than 8 ft (2.44 m) below grade and supporting light oor systems are not considered as being relatively rigid walls.
dUnsuitable as back |l material.
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CHAPTER 4
LIVE LOADS

4.1 DEFINITIONS

The following de nitions apply to the provisions of this chapter.

FIXED LADDER: A ladder that is permanently attached to a
structure, building, or equipment.

GRAB BAR SYSTEM: A bar and associated anchorages and
attachments to the structural system, for the support of body
weight in locations such as toilets, showers, and tub enclosures.

GUARDRAIL SYSTEM: A system of components, includ-
ing anchorages and attachments to the structural system, near
open sides of an elevated surface for the purpose of minimizing
the possibility of a fall from the elevated surface by people,
equipment, or material.

HANDRAIL SYSTEM: A rail grasped by hand for guidance
and support and associated anchorages and attachments to the
structural system.

HELIPAD: A structural surface that is used for landing,
taking off, taxiing, and parking of helicopters.

LIVE LOAD: A load produced by the use and occupancy of
the building or other structure that does not include construction
or environmental loads, such as wind load, snow load, rain load,
earthquake load, ood load, or dead load.

ROOF LIVE LOAD: A load on a roof produced (1) during
maintenance by workers, equipment, and materials, and (2) dur-
ing the life of the structure by movable objects, such as planters
or other similar small decorative appurtenances that are not
occupancy related. An occupancy-related live load on a roof
such as rooftop assembly areas, rooftop decks, and vegetative or
landscaped roofs with occupiable areas, is considered to be a live
load rather than a roof live load.

SCREEN ENCLOSURE: A building or part thereof, in
whole or in part self-supporting, having walls and a roof of
insect or sun screening using berglass, aluminum, plastic, or
similar lightweight netting material, which encloses an occupan-
cy or use such as outdoor swimming pools, patios or decks, and
horticultural and agricultural production facilities.

VEHICLE BARRIER SYSTEM: A system of components,
including anchorages and attachments to the structural system
near open sides or walls of garage oors or ramps, that acts as a
restraint for vehicles.

4.2 LOADS NOT SPECIFIED

For occupancies or uses not designated in this chapter, the live
load shall be determined in accordance with a method approved
by the Authority Having Jurisdiction.

4.3 UNIFORMLY DISTRIBUTED LIVE LOADS

4.3.1 Required Live Loads. The live loads used in the design
of buildings and other structures shall be the maximum loads
expected by the intended use or occupancy but shall in no case be

less than the minimum uniformly distributed unit loads required
by Table 4.3-1.

4.3.2 Provision for Partitions. In of ce buildings and in other
buildings where partition locations are subject to change,
provisions for partition weight shall be made, whether or not
partitions are shown on the plans. The partition load shall not be
less than 15 psf (0.72 kN m?).

EXCEPTION: A partition live load is not required where the
minimum speci ed live load is 80 psf (3.83 kN m?) or greater.

4.3.3 Partial Loading. The full intensity of the appropriately
reduced live load applied only to a portion of a structure or member
shall be accounted for if it produces a more unfavorable load effect
than the same intensity applied over the full structure or member.
Roof live loads shall be distributed as speci ed in Table 4.3-1.

4.4 CONCENTRATED LIVE LOADS

Floors, roofs, and other similar surfaces shall be designed to
support the uniformly distributed live loads prescribed in
Section 4.3 or the concentrated load, in pounds or kilonewtons
(KN), given in Table 4.3-1, whichever produces the greater load
effects. Unless otherwise speci ed, the indicated concentration
shall be assumed to be uniformly distributed over an area 2.5 ft
(762 mm) by 2.5 ft (762 mm) and shall be located so as to
produce the maximum load effects in the members.

4.5 LOADS ON HANDRAIL, GUARDRAIL, GRAB BAR,
AND VEHICLE BARRIER SYSTEMS, AND ON
FIXED LADDERS

45.1 Handrail and Guardrail Systems. Handrail and
guardrail systems shall be designed to resist a single
concentrated load of 200 Ib (0.89 kN) applied in any direction
at any point on the handrail or top rail to produce the maximum
load effect on the element being considered and to transfer this
load through the supports to the structure.

4.5.1.1 Uniform Load. Handrail and guardrail systems shall
also be designed to resist a load of 50 Ib ft (pound-force per
linear foot) (0.73 kN m) applied in any direction along the
handrail or top rail and to transfer this load through the
supports to the structure. This load need not be assumed to act
concurrently with the concentrated load speci ed in Section 4.5.1.

EXCEPTIONS: The uniform load need not be considered for
the following occupancies:

1. one- and two-family dwellings, and

2. factory, industrial, and storage occupancies in areas that are
not accessible to the public and that serve an occupant load
not greater than 50.
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Table 4.3-1. (Continued) Minimum Uniformly Distributed Live Loads, L,, and Minimum Concentrated Live Loads

Live Load Multiple-Story Live
Reduction Permitted? Load Reduction Concentrated Also See
Occupancy or Use Uniform, L, psf (kKN m?) (Sec. No.) Permitted? (Sec. No.) Ib (kN) Section
Stores
Retail
First oor 100 (4.79) Yes (4.7.2) Yes (4.7.2) 1,000 (4.45)
Upper oors 75 (3.59) Yes (4.7.2) Yes (4.7.2) 1,000 (4.45)
Wholesale, all oors 125 (6.00) No (4.7.3) Yes (4.7.3) 1,000 (4.45)
Vehicle barriers See Sec. 45.3
Walkways and elevated platforms (other 60 (2.87) Yes (4.7.2) Yes (4.7.2)
than exit ways)
Yards and terraces, pedestrian 100 (4.79) No (4.7.5) No (4.7.5)

4.5.1.2 Guardrail System Component Loads. Balusters,
panel llers, and guardrail in Il components, including all
rails except the handrail and the top rail, shall be designed to
resist a horizontally applied normal load of 50 Ib (0.22 kN) on an
area not to exceed 12 in. by 12 in. (305 mm by 305 mm),
including openings and space between rails and located so as to
produce the maximum load effects. Reactions due to this loading
are not required to be superimposed with the loads speci ed in
Sections 4.5.1 and 4.5.1.1.

4.,5.2 Grab Bar Systems. Grab bar systems shall be designed to
resist a single concentrated load of 250 Ib (1.11 kN) applied in
any direction at any point on the grab bar to produce the
maximum load effect.

453 Vehicle Barrier Systems. Vehicle barrier systems for
passenger vehicles shall be designed to resist a single load of
6,000 Ib (26.70 kN) applied horizontally in any direction to the
barrier system and shall have anchorages or attachments capable
of transferring this load to the structure. For design of the system,
the load shall be assumed to act at heights between 1 ft 6 in.
(460 mm) and 2 ft 3 in. (686 mm) above the oor or ramp surface,
located to produce the maximum load effects. The load shall be
applied on an area not to exceed 12 in. by 12 in. (305 mm by
305 mm). This load is not required to act concurrently with any
handrail or guardrail system loadings speci ed in Section 4.5.1.
Vehicle barrier systems in garages accommodating trucks and
buses shall be designed in accordance with AASHTO LRFD
Bridge Design Speci cations.

45.4 Fixed Ladders. Fixed ladders with rungs shall be
designed to resist a single concentrated load of 300 Ib
(1.33 kN) applied at any point to produce the maximum load
effect on the element being considered. The number and
position of additional concentrated live load units shall be a
minimum of 1 unit of 300 Ib (1.33 kN) for every 10 ft (3.05 m) of
ladder height.

Where rails of xed ladders extend above a oor or platform at
the top of the ladder, each side rail extension shall be designed to
resist a single concentrated live load of 100 Ib (0.445 kN) applied
in any direction at any height up to the top of the side rail
extension. Ships ladders with treads instead of rungs shall be
designed to resist the stair loads given in Table 4.3-1.

4.6 IMPACT LOADS

4.6.1 General. The live loads speci ed in Sections 4.3 through
4.5 shall be assumed to include adequate allowance for ordinary
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impact conditions. Provision shall be made in the structural
design for uses and loads that involve unusual vibration and
impact forces.

4.6.2 Elevators. All elements subject to dynamic loads from
elevators shall be designed for impact loads and de ection limits
prescribed by ASME Al7.

4.6.3 Machinery. For the purpose of design, the weight of
machinery and moving loads shall be increased as follows to
allow for impact: (1) light machinery, shaft- or motor-driven,
20%; and (2) reciprocating machinery or power-driven units,
50%. All percentages shall be increased where speci ed by the
manufacturer.

4.6.4 Elements Supporting Hoists for Fagade Access and
Building Maintenance Equipment. Structural elements
that support hoists for facade and building maintenance
equipment shall be designed for a live load of 2.5 times the
rated load of the hoist or the stall load of the hoist, whichever
is larger.

4.6.5 Fall Arrest and Lifeline Anchorages. Fall arrest and
lifeline anchorages and structural elements that support these
anchorages shall be designed for a live load of 3,100 Ib (13.8 kN)
for each attached lifeline in every direction that a fall arrest load
may be applied.

4.7 REDUCTION IN UNIFORM LIVE LOADS

4.7.1 General. Except for roof uniform live loads, all other
minimum uniformly distributed live loads, L, in Table 4.3-1, are
permitted to be reduced in accordance with the requirements of
Sections 4.7.2 through 4.7.6.

4.7.2 Reduction in Uniform Live Loads. Subject to the
limitations of Sections 4.7.3 through 4.7.6, members for
which a value of K A; is 400 ft? (37.16 m?) or more are
permitted to be designed for a reduced live load in accordance
with the following formula:

L=1, 025pp—>—

(4.7-1)
K Ar

L=1, 025ppr>’ (4.7-1si)
KAt
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Reduced uplift and lateral loads on surfaces of enclosed spaces
below the DFE shall apply only if provision is made for entry and
exit of oodwater.

5.4.3 Hydrodynamic Loads. Dynamic effects of moving water
shall be determined by a detailed analysis utilizing basic concepts
of uid mechanics.

EXCEPTION: Where water velocities do not exceed 10 ft=s
(3.05 m=s), dynamic effects of moving water shall be permitted
to be converted into equivalent hydrostatic loads by increasing
the DFE for design purposes by an equivalent surcharge depth,
dp, on the headwater side and above the ground level only, equal to

_av?

== 4-1
& =% (5.4-1)
where
V = average velocity of water in ft=s (m=s)
g = acceleration due to gravity, 32.2 ft=s? (9.81 m=s?)
a = coef cient of drag or shape factor (not less than 1.25)

The equivalent surcharge depth shall be added to the DFE
design depth and the resultant hydrostatic pressures applied to,
and uniformly distributed across, the vertical projected area of the
building or structure that is perpendicular to the ow. Surfaces
parallel to the ow or surfaces wetted by the tailwater shall be
subject to the hydrostatic pressures for depths to the DFE only.

5.4.4 Wave Loads. Wave loads shall be determined by one of
the following three methods: (1) by using the analytical
procedures outlined in this section, (2) by more advanced
numerical modeling procedures, or (3) by laboratory test
procedures (physical modeling).

Wave loads are those loads that result from water waves
propagating over the water surface and striking a building or other
structure. Design and construction of buildings and other structures
subject to wave loads shall account for the following loads: waves
breaking on any portion of the building or structure; uplift forces
caused by shoaling waves beneath a building or structure, or portion
thereof; wave runup striking any portion of the building or structure;
wave-induced drag and inertia forces; and wave-induced scour at
the base of a building or structure, or its foundation. Wave loads
shall be included for both V-Zones and A-Zones. In V-Zones,
waves are 3 ft (0.91 m) high, or higher; in coastal oodplains
landward of the V-Zone, waves are less than 3 ft high (0.91 m).

Nonbreaking and broken wave loads shall be calculated using
the procedures described in Sections 5.4.2 and 5.4.3 that show
how to calculate hydrostatic and hydrodynamic loads.

Breaking wave loads shall be calculated using the procedures
described in Sections 5.4.4.1 through 5.4.4.4. Breaking wave
heights used in the procedures described in Sections 5.4.4.1
through 5.4.4.4 shall be calculated for V-Zones and Coastal
A-Zones using Egs. 5.4-2 and 5.4-3.

Hy, =0.78d, (5.4-2)

where

H,, = breaking wave height in ft (m)
ds = local still water depth in ft (m)

The local still water depth shall be calculated using Eq. 5.4-3,
unless more advanced procedures or laboratory tests permitted by
this section are used.

d,=0.656BFE  Gb (5.4-3)
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where

BFE = BFE in ft (m)
G = ground elevation in ft (m)

5.4.4.1 Breaking Wave Loads on Vertical Pilings and
Columns. The net force resulting from a breaking wave acting
on arigid vertical pile or column shall be assumed to act at the still
water elevation and shall be calculated by the following:

Fp=05 ,CpDH? (5.4-4)

where

Fp = net wave force, in Ib (kN)

unit weight of water, in Ib per cubic ft (kN=m?3), =

62.4 pcf (9.80 kN=m®) for freshwater and 64.0 pcf

(10.05 kN=m?®) for saltwater

Cp = coef cient of drag for breaking waves, =1.75 for round
piles or columns and =2.25 for square piles or columns

D = pile or column diameter, in ft (m) for circular sections, or

for a square pile or column, 1.4 times the width of the pile
or column in ft (m)

H, = breaking wave height, in ft (m)

5.4.4.2 Breaking Wave Loads on Vertical Walls. Maximum
pressures and net forces resulting from a normally incident
breaking wave (depth limited in size, with H, =0.78d;) acting
on a rigid vertical wall shall be calculated by the following:

Prax = Cp wdsp1.2 ,dg (5.4-5)

and

Fi=11C, ,d2p2.4 ,d2 (5.4-6)

where

Pmax = maximum combined dynamic (C, ,d;) and static
(1.2 ,ds) wave pressures, also referred to as shock
pressures in Ib=ft? (kN=m?)

F; = net breaking wave force per unit length of structure, also
referred to as shock, impulse, or wave impact force in
Ib=ft (kN=m), acting near the still water elevation

C, = dynamic pressure coef cient (1.6 < C, < 3.5) (see
Table 5.4-1)

w = unit weight of water, in Ib per cubic ft (kN=md),
=62.4 pcf (9.80 kN=m?®) for freshwater and 64.0 pcf
(10.05 kN=m®) for saltwater

ds = still water depth in ft (m) at base of building or other
structure where the wave breaks

This procedure assumes the vertical wall causes a re ected or
standing wave against the waterward side of the wall with the
crest of the wave at a height of 1.2d above the still water level.

Table 5.4-1 Value of Dynamic Pressure Coef cient, C,

Risk Category® Cp
| 1.6
1 2.8
11 3.2
\Y 35

#For Risk Category, see Table 1.5-1.
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Vertical Wall

Crest of reflected wave

Dynamic pressure

1.2ds Crest of incident wave

ds

Ground elevation

FIGURE 5.4-1 Normally Incident Breaking Wave Pressures
against a Vertical Wall (Space behind Vertical Wall Is Dry)

Vertical Wall

Crest of reflected wave

Dynamic pressure

1.2ds Crest of incident wave

Stillwater level

ds |

Net hydrostatic pressure

Ground elevation

FIGURE 5.4-2 Normally Incident Breaking Wave Pressures
against a Vertical Wall (Still Water Level Equal on Both
Sides of Wall)

Thus, the dynamic static and total pressure distributions against
the wall are as shown in Fig. 5.4-1.

This procedure also assumes the space behind the vertical wall
is dry, with no uid balancing the static component of the wave
force on the outside of the wall. If free water exists behind the
wall, a portion of the hydrostatic component of the wave pressure
and force disappears (see Fig. 5.4-2) and the net force shall be
computed by Eq. 5.4-7 (the maximum combined wave pressure
is still computed with Eg. 5.4-5).

Fi=1.1C, ,d2p1.9 ,0? (5.4-7)

where

F; = net breaking wave force per unit length of structure, also
referred to as shock, impulse, or wave impact force in Ib=ft
(kN=m), acting near the still water elevation

C, = dynamic pressure coef cient (1.6 < C, < 3.5) (see Table
5.4-1)

w = unit weight of water, in Ib per cubic ft (kN=m3), =
62.4 pcf (9.80 kN=m®) for freshwater and 64.0 pcf
(10.05 kN=m?®) for saltwater

ds = still water depth in ft (m) at base of building or other
structure where the wave breaks

5.4.4.3 Breaking Wave Loads on Nonvertical Walls. Breaking
wave forces given by Egs. 5.4-6 and 5.4-7 shall be modi ed in
instances where the walls or surfaces upon which the breaking
waves act are nonvertical. The horizontal component of breaking
wave force shall be given by

Fo = Fsin? (5.4-8)
where
F., = horizontal component of breaking wave force in lb=ft
(kN=m)
F. = net breaking wave force acting on a vertical surface in
Ib=ft (kN=m)
= vertical angle between nonvertical surface and the
horizontal

5.4.4.4 Breaking Wave Loads from Obliquely Incident
Waves. Breaking wave forces given by Egs. 5.4-6 and 5.4-7
shall be modi ed in instances where waves are obliquely
incident. Breaking wave forces from nonnormally incident
waves shall be given by

Foi = Fsin? (5.4-9)

where

F.i = horizontal component of obliquely incident breaking wave
force in Ib=ft (kN=m)
F: = net breaking wave force (normally incident waves) acting
on a vertical surface in Ib=ft (kN=m)
= horizontal angle between the direction of wave approach
and the vertical surface

5.4.5 Impact Loads. Impact loads result from debris, ice, and
any object transported by oodwaters striking against buildings
and structures, or parts thereof. Impact loads shall be determined
using a rational approach as concentrated loads acting
horizontally at the most critical location at or below the DFE.

5.5 CONSENSUS STANDARDS AND OTHER
AFFILIATED CRITERIA

This section lists the consensus standards and other af liated
criteria that shall be considered part of this standard to the extent
referenced in this chapter.

ASCE/SEI 24 Flood resistant design and construction,
ASCE, 2014.

Cited in: Section 5.3.3
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Site-speci c velocities determined to be greater than the Energy
Grade Line Analysis shall be used.

EXCEPTION: For structures other than Tsunami Vertical
Evacuation Refuge Structures, a site-speci ¢ Probabilistic
Tsunami Hazard Analysis need not be performed where
the inundation depth resulting from the Energy Grade Line
Analysis is determined to be less than 12 ft (3.66 m) at any point
within the location of the Tsunami Risk Category IV structure.

6.5.3 Sea Level Change. The direct physical effects of
potential relative sea level change shall be considered in
determining the maximum inundation depth during the project
lifecycle. A project lifecycle of not less than 50 years shall be
used. The minimum rate of potential relative sea level change
shall be the historically recorded sea level change rate for the site.
The potential increase in relative sea level during the project
lifecycle of the structure shall be added to the Reference Sea
Level and to the tsunami runup elevation.

6.6 INUNDATION DEPTHS AND FLOW VELOCITIES
BASED ON RUNUP

6.6.1 Maximum Inundation Depth and Flow Velocities
Based on Runup. The maximum inundation depths and ow
velocities associated with the stages of tsunami  ooding shall be
determined in accordance with Section 6.6.2. Calculated ow
velocity shall not be taken as less than 10 ft s (3.0 m s) and
need not be taken as greater than the lesser of 1.5 ghpa, * 2 and
50 ft s (15.2 m s).

Where the maximum topographic elevation along the topo-
graphic transect between the shoreline and the inundation limit is
greater than the runup elevation, one of the following methods
shall be used:

1. The site-speci c procedure of Section 6.7.6 shall be used to
determine inundation depth and ow velocities at the site,
subject to the above range of calculated velocities.

2. For determination of the inundation depth and ow veloci-
ty at the site, the procedure of Section 6.6.2, Energy Grade
Line Analysis, shall be used, assuming a runup elevation
and horizontal inundation limit that has at least 100% of the
maximum topographic elevation along the topographic
transect.

6.6.2 Energy Grade Line Analysis of Maximum Inundation
Depths and Flow Velocities. The maximum velocity and
maximum inundation depth along the ground elevation pro le

-

Water Level

Incident
Energy=E,

u;¥2g

up to the inundation limit shall be determined using the Energy
Grade Line Analysis. The orientations of the topographic transect
pro les used shall be determined considering the requirements of
Section 6.8.6.1. The ground elevation along the transect, z;, shall
be represented as a series of linear sloped segments each with a
Manning’s coef cient consistent with the equivalent terrain
macroroughness friction of that terrain segment. The Energy
Grade Line Analysis shall be performed incrementally in
accordance with Eq. (6.6-1) across the topographic transect in
a stepwise procedure. Eqg. (6.6-1) shall be applied across the
topographic transect from the runup where the hydraulic head at
the inundation limit, xg, is zero, and the water elevation is equal
to the runup, R, by calculating the change in hydraulic head at
each increment of terrain segment toward the shoreline until the
site of interest is reached, as shown in Fig. 6.6-1.

Egi =Egi 1 i S X (6.6-1)
where

Eqi = Hydraulic head at point i=h; u? 2g=h; 1 0.5F% ;
h; = Inundation depth at point i;
u; = Maximum ow velocity at point i;
i = Average ground slope between points i and i 1;
F,i = Froude number = u gh ! 2 at point i;
Xi=X 1 X, the increment of horizontal distance, which shall
not be coarser than 100 ft (30.5 m) spacing;
x; = Horizontal distance inland from NAVD 88 shoreline at
point i; and
s; = Friction slope of the energy grade line between points i and
i 1, is calculated per Eg. (6.6-2).

ss=u 2 149 n2h'% =gF2 149 n2n'°®  (6.6-2)

ss= U 2 1.00 n2h3 =gFZ 1.00 n2n? (6.6-2:si)
where

n=Manning’s coef cient of the terrain segment being ana-
lyzed, according to Table 6.6-1, and
Er = Hydraulic head of zero at the point of runup

Velocity shall be determined as a function of inundation depth,
in accordance with the prescribed value of the Froude number
calculated according to Eqg. (6.6-3).

Fr= 1 — (6.6-3)

hi

Ground
NAVD.E8 Transect

z
5

/ Inundation Distance x,

- direction of analvsis, starting at the point of runup

Note: R = Design tsunami runup elevation above NAVD 88 datum; xg = Design inundation distance inland from NAVD 88 shoreline; and z; = Ground elevation above

NAVD 88 datum at point i.

FIGURE 6.6-1 Energy Method for Overland Tsunami Inundation Depth and Velocity
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Table 6.6-1 Manning’s Roughness, n, for Energy
Grade Line Analysis

Description of Frictional Surface n

Coastal water nearshore bottom friction 0.025 to 0.03
Open land or eld 0.025
All other cases 0.03
Buildings of at least urban density 0.04

where a value of the Froude number coef cient, , of 1.0 shall be
used. Where tsunami bores are required to be considered per
Section 6.6.4, the tsunami bore conditions speci ed in Sec-
tions 6.10.2.3 and 6.10.3.3 shall be applied using the values of
h, and hgU? . evaluated with =1.3.

6.6.3 Terrain Roughness. It shall be permitted to perform
inundation analysis assuming bare-earth conditions with
equivalent macroroughness. Bed roughness shall be prescribed
using the Manning’s coef cient n. It shall be permitted to use the
values listed in Table 6.6-1 or other values based on terrain
analysis in the recognized literature or as speci cally validated
for the inundation model used.

6.6.4 Tsunami Bores. Tsunami bores shall be considered
where any of the following conditions exist:

1. The prevailing nearshore bathymetric slope is 1 100 or
milder,

2. Shallow fringing reefs or other similar step discontinuities
in nearshore bathymetric slope occur,

3. Where historically documented,

4. As described in the recognized literature, or

5. As determined by a site-speci ¢ inundation analysis.

Where tsunami bores are deemed to occur, the tsunami bore
conditions speci ed in Sections 6.10.2.3 and 6.10.3.3 shall be
applied.

6.6.5 Ampli ed Flow Velocities. Flow velocities determined in
this section shall be adjusted for ow ampli cation in accordance
with Section 6.8.5 as applicable. The adjusted value need not
exceed the maximum limit speci ed in Section 6.6.1.

6.7 INUNDATION DEPTHS AND FLOW VELOCITIES
BASED ON SITE-SPECIFIC PROBABILISTIC
TSUNAMI HAZARD ANALYSIS

When required by Section 6.5, the inundation depths and ow
velocities shall be determined by site-speci ¢ inundation
studies complying with the requirements of this section.
Site-speci ¢ analyses shall use the ASCE Tsunami Design
Geodatabase of geocoded reference points of Offshore Tsuna-
mi Amplitude and dominant waveform period shown in
Fig. 6.7-1 as input to an inundation numerical model or shall
use an integrated generation, propagation, and inundation
model that replicates the given offshore tsunami waveform
amplitude and period from the seismic sources given in
Section 6.7.1. The ASCE Tsunami Design Geodatabase of
geocoded reference points of Offshore 328-ft (100-m) depth,
Tsunami Amplitude, Hy, and Predominant Period, Ttgy,
of the Maximum Considered Tsunami is available at
http://asce7tsunami.online.

6.7.1 Tsunami Waveform. The tsunami waveform used along
the offshore boundary of 328 ft (100 m) bathymetry shall be
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constructed in accordance with Eq. (6.7-1), as illustrated in
Fig. 6.7-2.

—aet th’ gett L’ (6.7-1)
where the total wave height of the waveform is =

abs a; absa,,and

= the free surface elevation (in ft or m) as a function of time,
t, used to drive the offshore boundary condition at the
328-ft (100-m) depth contour;
a, = the amplitude of the leading pulse (in ft or m); it shall be
negative for a leading depression tsunami;
a, = the amplitude of the following, or second, pulse (in ft or m);
T1sy = wave period, or the time from the start of the rst pulse to
the end of the second pulse;
=angular frequency of the waveform, equal to 2 T+gy;
and
t, = offset time of the wave train, generally set equal to T1g,

The possibility of negative and positive leading amplitudes of
the tsunami shall be considered, with the waveform given by
Eqg. (6.7-1) using the values of parameters given by the ASCE
Tsunami Design Geodatabase of geocoded reference points
shown in Fig. 6.7-1. For an inundation numerical model, the
values given in Table 6.7-1 shall also be used to de ne at least
two possible waveforms using the minimum and maximum
prescribed values of a,. An integrated generation, propagation,
and inundation model that replicates the given offshore tsunami
waveform amplitude and period from the seismic sources need
not use the values given in Table 6.7-1.

6.7.2 Tsunamigenic Sources. Tsunami sources shall consider
the following to the extent that probabilistic hazards are
documented in the recognized literature:

1. Local and distant subduction zone sources: It shall be
permitted to use a system of delineated and discretized
subduction zones in the Paci ¢ basin comprised of systems
of rectangular subfaults and their corresponding tectonic
parameters.

a. Principal seismic sources shall include but are not
restricted to Alaska: Alaska-Aleutian, Kamchatka-
Kurile; California: Alaska-Aleutian, Cascadia, Kam-
chatka-Kuril, Chile-Peru; Hawaii: Alaska-Aleutian,
Chile-Peru, Kamchatka-Kuril, Japan, Izu-Bonin-
Mariana Islands; and Oregon and Washington: Casca-
dia, Alaska, Kamchatka-Kuril.

b. The maximum moment magnitude considered in the
probability distribution of seismicity shall include the
values given in Table 6.7-2.

2. Local, nonsubduction zone seismic fault sources capa-
ble of moment magnitude of 7 or greater, including
offshore and/or submarine fault sources that are
tsunamigenic.

3. Local coastal and submarine landslide sources documented
in the recognized literature as being tsunamigenic of
similar runup, as determined by historical evidence or
having estimated probabilities within an order of magni-
tude of the principal seismic fault sources.

6.7.3 Earthquake Rupture Unit Source Tsunami Functions
for Offshore Tsunami Amplitude. The tsunami modeling
algorithm shall be based on earthquake rupture slip
distributions for tsunami events, which shall be permitted to
be represented by a linear combination of unit source functions
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Table 6.7-1 Regional Waveform Parameters

Table 6.7-2 Maximum Moment Magnitude

Region a; as Trsu® Subduction Zone Moment Magnitude MW pax
Washington 1.0H; 0.61to 0.82H; 30 to 40 minutes Alaska-Aleutian 9.5

Oregon 1.0Ht 0.55t0 0.67H; 30 to 45 minutes Cascadia 9.2

Northern California ~ 1.0Ht 055to 0.67H; 25 to 35 minutes Chile-Peru 9.5

Southern California  1.0Ht 0.43to 0.67H; 25 to 35 minutes |zu-Bonin-Marianas 9.0

Alaska 1.0Ht 0.55t0 0.82H; 20 to 40 minutes Kamchatka-Kurile and Japan Trench 9.4

Hawaii 1.0Ht 0.67to 1.0H; 25 to 30 minutes

2For a leading depression waveform, the trough of amplitude a, shall precede
the crest of amplitude a;.
PThe value of T+gy shall be used if no mapped value is given in Fig. 6.7-1.
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FIGURE 6.7-2 Illustration of Tsunami Offshore Incident Waveform Parameters at 328-ft (100-m) Depth

using a precomputed database of tsunami Green’s source
functions.

1. Tsunami waveform generation shall be permitted to be
modeled by deconstructing a tsunami that is generated by
an earthquake into a sum of individual tsunami waveforms
composed from a scaled set of unit source subfaults that
describe the earthquake rupture in terms of location, ori-
entation, and rupture direction and sequence.

2. The waveforms de ning the time series of wave height and
velocity from a unit slip on each subfault shall be weighted
by the actual slip or rupture distribution for the event and
then summed linearly.

3. The algorithm shall account for coseismic vertical
displacement.

6.7.4 Treatment of Modeling and Natural Uncertainties. A
statistically weighted logic tree approach shall be used to account
for epistemic uncertainties in the model parameters and shall
provide a sample of tsunamigenic earthquakes and their
occurrence probabilities from tectonic, geodetic, historical, and
paleotsunami data, and estimated plate convergence rates, as
follows:

1. Subdivide the occurrence probability systematically to
account for variations in the parameters of magnitude,
fault depth and geometry, and location, slip distribution,

and rupture extent of events consistent with maximum
magnitudes, and tidal variation considering at least the
Reference Sea Level.

2. To the extent practical and quanti able, follow a similar
logic tree approach to determine samples of tsunami
sources such as nonsubduction zone earthquakes, land-
slides, and volcanic eruptions.

Aleatory uncertainties, such as the natural variability in the
source processes, modeling uncertainties, and tidal variation as
they relate to nearshore processes and wave runup, shall be
included in the probabilistic analysis. When accounting for long
wave durations with multiple maxima in the tsunami time series,
it shall be permitted to consider tidal variability by selecting a
rational tidal elevation independently from a probabilistic distri-
bution of tide stages for each wave maximum. Truncation of
aleatory distributions shall be chosen at an appropriate level for
the return period but shall not be less than one standard deviation
based on a regression analysis of computed versus observed data
of Section 6.7.6.7.2.

6.7.5 Offshore Tsunami Amplitude. The probabilistic analysis
shall be performed either by direct computation according to
Section 6.7.5.2 or by performing a Probabilistic Tsunami
Hazard Analysis for a region of interest to produce site-speci ¢
Offshore Tsunami Amplitude hazard maps and predominant wave
period at 328-ft (100-m) depth in accordance with the following:
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1. A Digital Elevation Model (DEM) from global, regional,
and coastal data sets shall be used to cover the computa-
tional domain from the tsunami sources to the site. The
bathymetry grid of the ocean shall have a DEM resolution

ner than 4.35 mi (7,000 m), and the offshore model
regime with depth greater than 656 ft (200 m) shall have
a DEM resolution ner than 3,281 ft (1,000 m).

2. The Earth surface deformation shall be determined from
the seismic source parameters using a planar fault model
accounting for vertical changes to the sea oor.

6.7.5.1 Offshore Tsunami Amplitude for Distant Seismic
Sources. Offshore Tsunami Amplitude shall be probabi-
listically determined in accordance with the following:

1. Aweighted combination of tsunami waveforms determined
for each unit fault segment in accordance with the slip
distribution shall be used to propagate tsunamis in deep
water using the linear long wave equations, also termed the
shallow water wave equations, where water depth is much
less than the wavelength, to take into account spatial
variations in sea oor depth.

2. The offshore wave amplitude distribution and associated
wave parameters, including period, shall be determined for
the design exceedance rate of the 2,475-year Maximum
Considered Tsunami taking into consideration uncertain-
ties per Section 6.7.4.

3. The analysis shall include the disaggregation of the seismic
sources and associated moment magnitudes that together
contribute at least 90% to the net offshore tsunami hazard at
the site under consideration.

4. The value of offshore tsunami wave amplitude shall be not
less than 80% of the value given by Fig. 6.7-1 for the
Maximum Considered Tsunami offshore amplitude.

6.7.5.2 Direct Computation of Probabilistic Inundation and
Runup. It shall be permitted to compute probabilistic inundation
and runup directly from a probabilistic set of sources, source
characterizations, and uncertainties consistent with Section 6.7.2,
Section 6.7.4, and the computing conditions set out in
Section 6.7.6. The offshore wave amplitudes computed shall not
be lower than 80% of the wave amplitudes given in Fig. 6.7-1.

6.7.6 Procedures for Determining Tsunami Inundation
and Runup.

6.7.6.1 Representative Design Inundation Parameters. Each
disaggregated tsunami event shall be analyzed to determine
representative design parameters consisting of maxima of
runup, inundation depth, ow velocity, and momentum ux.

6.7.6.2 Seismic Subsidence before Tsunami Arrival. Where
the seismic source is a local subduction event, the Maximum
Considered Tsunami inundation shall be determined for an overall
elevation subsidence value shown in Fig. 6.7-3(a) and 6.7-3(b) or
shall be directly computed for the seismic source mechanism. The
GIS digital map layers of subsidence are available in the ASCE
Tsunami Design Geodatabase at http://asce7tsunami.online.

6.7.6.3 Model Macroroughness Parameter. It shall be
permitted to perform inundation mapping under bare-earth
conditions with macroroughness. Bed roughness shall be
permitted to be prescribed using the Manning’s coef cient n.
Unless otherwise determined for the site, a default value of 0.025
or 0.030 shall be used for the ocean bottom and on land. Use of
other values based on terrain analysis shall be justi ed in the
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recognized literature or shall be speci cally validated for the
inundation model for eld benchmarks of historical tsunami.
Where values other than the defaults are used, the effects of
degradation of roughness because of damaging ow characteristics
shall be considered in the choice of Manning coef cient.

6.7.6.4 Nonlinear Modeling of Inundation. Nonlinear shallow
water wave equations or equivalent modeling techniques shall be
used to transform the offshore wave amplitude from 328-ft (100-
m) depth toward the shore to its nearshore tsunami amplitude and
maximum inundation. The following effects shall be included as
applicable to the bathymetry:

1. Shoaling, refraction, and diffraction to determine nearshore
tsunami amplitude;

2. Dispersion effects in the case of short-wavelength sources,

such as landslides and volcanic sources;

Re ected waves;

Channeling in bays;

Edge waves, and shelf and bay resonances;

Bore formation and propagation; and

Harbor and port breakwaters and levees.

Noogkw

6.7.6.5 Model Spatial Resolution. A Digital Elevation Model
(DEM) for the nearshore bathymetry depth of less than 656 ft
(200 m) shall have a resolution not coarser than 295 ft (90 m). At
bathymetric depths of less than 32.8 ft (10 m) and on land, the
DEM shall have a resolution not coarser than the highest resolution
available from the Tsunami Inundation Digital Elevation Models of
the NOAA National Geophysical Data Center (NGDC). If a nested
grid approach is used, the reduction in grid-spacing between
consecutive grids shall not be more than a factor of 5. Where
the NOAA NGDC models are not available, use of the best
available USGS integrated Digital Elevation Model data shall be
permitted when approved by the Authority Having Jurisdiction.

6.7.6.6 Built Environment. If buildings and other structures
are included for the purposes of more detailed ow analysis, the
Digital Elevation Model resolution shall have a minimum
resolution of 10 ft (3.0 m) to capture ow deceleration and
acceleration in the built environment.

6.7.6.7 Inundation Model Validation

6.7.6.7.1 Historical or Paleotsunami Inundation Data. Model
scenario results shall be validated with available historical and/or
paleotsunami records.

6.7.6.7.2 Model Validation by Benchmark Tests. The inunda-
tion model shall be validated using the certi cation criteria of the
National Tsunami Hazard Mitigation Program (NTHMP) within
10% by providing satisfactory performance in a series of bench-
mark tests of known data sets designated by the Tsunami Model
Validation Advisory Group in NOAA Technical Memorandum
OAR PMEL-135, Standards, Criteria, and Procedures for NOAA
Evaluation of Tsunami Numerical Models, as modi ed by the
NTHMP.

6.7.6.7.3 Tsunami Bore Formation or Soliton Fission. In
regions where bore formation may occur, the model shall be
validated with an independent scenario in the recognized literature,
and acceptability shall be determined using modeled runup.

6.7.6.8 Determining  Site-Speci ¢ Inundation  Flow
Parameters. Inundation parameters for the scenarios from
each disaggregated source region shall be determined.
Probabilistic ow parameters shall be developed for the site
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6.12.2.1 Uplift and Underseepage Forces. Tsunami uplift and
underseepage forces shall be evaluated as described in this section.

1. Uplift and underseepage forces shall include the three
inundation Load Cases de ned in Section 6.8.3.1.

2. Strength loss caused by scour and other soil effects such as
liquefaction and pore pressure softening shall be consid-
ered. Additionally, uplift and underseepage forces on the
foundation shall be determined for cases where
a. The soil is expected to be saturated before the tsunami, or
b. Soil saturation is anticipated to occur over the course of

the incoming series of tsunami waves, or
c. The area of concern is expected to remain inundated
after the tsunami.

3. The effect of live load and snow load shall not be used for
uplift resistance.

6.12.2.2 Loss of Strength. Loss of shear strength because of
tsunami-induced pore pressure softening shall be accounted for
up to a depth of 1.2 times the maximum inundation depth, per
Section 6.12.2.5. Tsunami-induced pore pressure softening need
not be considered at locations where the maximum Froude
number is less than 0.5.

6.12.2.3 General Erosion. General erosion during tsunami
inundation runup and drawdown conditions shall be considered.
Analysis of general erosion shall account for ow ampli cation
as described in Section 6.8.5; it shall also account for enhance-
ment caused by tsunami-induced pore pressure softening.

EXCEPTION: Analysis of general erosion is not required for
rock or other nonerodible strata that are capable of preventing
scour from tsunami ow of 30 ft s (9.14 m s).

General erosion during drawdown conditions shall consider

ow concentration in channels, including channels newly formed
during tsunami inundation and drawdown (channelized scour).
Analysis of channelized scour need not include enhancement
caused by pore pressure softening.

6.12.2.4 Scour. The depth and extent of scour shall be
evaluated using the methods of Sections 6.12.2.4.1 and
6.12.2.4.2.

EXCEPTION: Scour evaluation is not required for rock or
other nonerodible strata that prevent scour from tsunami  ow of
30 ft s (9.14 m s) nor for Open Structures.

6.12.2.4.1 Sustained Flow Scour. Scour, including the effects
of sustained ow around structures and including building
corner piles, shall be considered. Sustained ow scour design
depth and area extent shall be determined by dynamic numerical
or physical modeling or empirical methods in the recognized
literature. It shall be permitted to determine sustained ow scour
and associated pore pressure softening in accordance with
Table 6.12-1 and Fig. 6.12-1. Local scour depth caused by
sustained ow given by Table 6.12-1 and Fig. 6.12-1 shall be
permitted to be reduced by an adjustment factor in areas where
the maximum ow Froude number is less than 0.5. The adjust-
ment factor shall be taken as varying linearly from O at the
horizontal inundation limit to 1.0 at the point where the Froude
number is 0.5. The assumed area limits shall be considered to
encompass the exposed building perimeter and to extend either
side of the foundation perimeter a distance equal to the scour depth
for consolidated or cohesive soils and a distance equal to three
times the scour depth for nonconsolidated or noncohesive soils.

6.12.2.4.2 Plunging Scour. Plunging scour horizontal extent
and depth shall be determined by dynamic numerical or physical

Table 6.12-1 Design Scour Depth Caused by Sustained Flow and
Pore Pressure Softening

Inundation Depth h Scour Depth D?

<10 ft (3.05 m) 12h
10 ft (3.05 m) 12 ft (3.66 m)

®Not applicable to scour at sites with intact rock strata.

Scour Depth (ft)

0 10 20 30 40 <0 60
Flow Depth (ft)

FIGURE 6.12-1 Scour Depth Caused by Sustained Flow and Pore
Pressure Softening [1 ft=0.305 m]

modeling or by empirical methods. In the absence of site-speci ¢
dynamic modeling and analysis, the plunging scour depth D
shall be determined by Eq. (6.12-1).

s

quU sin

Dy =cCyy tU:S: standard or Sl units (6.12-1)

where

¢,y = Dimensionless scour coef cient, permitted to be taken as
equal to 2.8;
= Angle between the jet at the scour hole and the horizontal,
taken as the lesser value of 75° and the side slope of the
overtopped structure on the scoured side, in the absence of
other information;
g = Acceleration caused by gravity;
g = Discharge per unit width over the overtopped structure, as
illustrated in Fig. 6.12-2 and calculated in accordance with
Eq. (6.12-2); and
U = Jet velocity approaching the scour hole, obtained in accor-
dance with Eq. (6.12-4).

2P
0=Casy 20H5* (6.12:2)
where Cy;s is a dimensionless discharge coef cient obtained in
accordance with Eq. (6.12-3):

Ho
Hg

U is the jet velocity approaching the scour hole, resulting from
the drop between the height h of the upstream water surface, plus
any additional elevation difference dy on the scouring side, in
accordance with Eq. (6.12-4):

Cuys=0611 0.08 (6.12-3)

U= p29 h  dg (6.12-4)
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FIGURE 6.12-2 Plunging Scour Parameters

where dy is the additional elevation difference between the
upstream and scouring sides of the structure, as illustrated in
Fig. 6.12-2.

6.12.2.5 Horizontal Soil Loads. Horizontal soil loads caused
by unbalanced scour shall be included in the design of foundation
elements.

6.12.2.6 Displacements. Vertical and horizontal displacements
of foundation elements and slope displacements shall be
determined using empirical or elastoplastic analytical or
numerical methods in the recognized literature by applying
tsunami loads determined in Section 6.12.2 together with
other applicable geotechnical and foundation loads required
by this standard.

6.12.3 Alternative Foundation Performance-Based Design
Criteria. In situ soil stresses from tsunami loads and effects
shall be included in the calculation of foundation pressures. For
local coseismic tsunami hazards that occur as a result of a local
earthquake, the in situ soil and site surface condition at the onset of
tsunami loads shall be those existing at the end of seismic shaking,
including liquefaction, lateral spread, and fault rupture effects.

Building foundations shall provide suf cient capacity and
stability to resist structural loads and the effects of general
erosion and scour in accordance with the recognized literature.
For Tsunami Risk Category IV buildings and structures, it shall
be permitted to evaluate the overall performance of the founda-
tion system for potential pore pressure softening by performing a
two- or three-dimensional tsunami-soil-structure interaction
numerical modeling analysis. The results shall be evaluated to
demonstrate consistency with the structural performance accep-
tance criteria in Section 6.8. For Tsunami Risk Category IV
buildings and structures, an independent peer review shall be
conducted as part of a review of the performance-based design by
the Authority Having Jurisdiction.

6.12.4 Foundation Countermeasures. Fill, protective slab on
grade, geotextiles and reinforced earth systems, facing systems,
and ground improvement shall be permitted to reduce the effects
of tsunamis.

6.12.4.1 Fill. Fill used for structural support and protection
shall be placed in accordance with ASCE 24 (2005),
Sections 1.5.4 and 2.4.1. Structural Il shall be designed to be
stable during inundation and to resist the loads and effects
speci ed in Section 6.12.2.

6.12.4.2 Protective Slab on Grade. Exterior slabs on grade
shall be assumed to be uplifted and displaced during the
Maximum Considered Tsunami unless determined otherwise by
site-speci ¢ design analysis based upon recognized literature.
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Protective slabs on grade used as a countermeasure shall at a
minimum have the strength necessary to resist the following
loads:

1. Shear forces from sustained ow at maximum tsunami  ow
velocity, Umax, Over the slab on grade;

2. Uplift pressures from ow acceleration at upstream and
downstream slab edges for both in ow and return ow;

3. Seepage ow gradients under the slab if the potential exists
for soil saturation during successive tsunami waves;

4. Pressure uctuations over slab sections and at joints;

5. Pore pressure increases from liquefaction and from the
passage of several tsunami waves; and

6. Erosion of substrate at upstream, downstream, and ow
parallel slab edges, as well as between slab sections.

6.12.4.3 Geotextiles and Reinforced Earth Systems. Geo-
textiles shall be designed and installed in accordance with
manufacturers’ installation requirements and as recommended
in the recognized literature. Resistance factors required in
Section 6.12.1 shall be provided for bearing capacity, uplift,
lateral pressure, internal stability, and slope stability.

The following reinforced earth systems shall be permitted to be
used:

1. Geotextile tubes constructed of high-strength fabrics capa-
ble of achieving full tensile strength without constricting
deformations when subject to the design tsunami loads and
effects;

2. Geogrid earth and slope reinforcement systems that include
adequate protection against general erosion and scour, and
a maximum lift thickness of 1 ft (0.3 m) and facing
protection; and

3. Geocell earth and slope reinforcement erosion protection
system designs, including an analysis to determine antici-
pated performance against general erosion and scour if no
facing is used.

6.12.4.4 Facing Systems. Facing systems and their anchorage
shall be suf ciently strong to resist uplift and displacement
during design load inundation. The following facing methods
for reinforced earth systems shall be permitted to be used:

1. Vegetative facing for general erosion and scour resistance
where tsunami ow velocities are less than 12.5 ft s
(3.81 m s). Design shall be in accordance with methods
and requirements in the recognized literature.

2. Geotextile Iter layers, including primary Iter protection
of countermeasures using a composite grid assuming high
contact stresses and high-energy wave action design crite-
ria in AASHTO M288-06, including soil retention, perme-
ability, clogging resistance, and survivability.

3. Mattresses providing adequate exibility and including en-
ergy dissipation characteristics. Edges shall be embedded to
maintain edge stability under design inundation ows.

4. Concrete facing provided in accordance with protective
slab on grade countermeasures in Section 6.12.4.2 and
containing adequate anchorage to the reinforced earth
system under design inundation ows.

5. Stone armoring and riprap provided to withstand tsunami
shall be designed as follows: Stone diameter shall not be
less than the size determined according to design criteria
based on tsunami inundation depth and currents using design
criteria in the recognized literature. Where the maximum
Froude number, F,, is 0.5 or greater, the high-velocity
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turbulent ows associated with tsunamis shall be speci cally
considered, using methods in the recognized literature.

Subject to independent review, it shall be permitted to base
designs on physical or numerical modeling.

6.12.4.5 Ground Improvement. Ground improvement
countermeasures shall be designed using soil-cement mixing
to provide nonerodible scour protection per Section 6.12.2.4 and
at minimum provide soil-cement mass strength reinforcement of
100 psi (0.69 MPa) average uncon ned compressive strength.

6.13 STRUCTURAL COUNTERMEASURES FOR
TSUNAMI LOADING

The following countermeasures shall be permitted to reduce the
structural effects of tsunamis.

6.13.1 Open Structures. Open Structures shall not be subject to
Load Case 1 of Section 6.8.3.1. The load effect of debris
accumulation against or within the Open Structure shall be
evaluated by assuming a minimum closure ratio of 50% of the
inundated projected area along the perimeter of the Open Structure.

6.13.2 Tsunami Barriers. Tsunami barriers used as an external
perimeter structural countermeasure shall be designed consistent
with the protected structure performance objectives to jointly
achieve the performance criteria. These criteria include barrier
strength, stability, slope erosion protection, toe scour, and
geotechnical stability requirements and barrier height and
footprint to fully prevent inundation during the Maximum
Considered Tsunami. Where a barrier is designed to be
overtopped by the design event or intended to provide only
partial impedance of the design event, the protected structure
and its foundation shall be designed for the residual inundation
resulting from the design event. The foundation system treatment
requirements in Section 6.12 of this chapter shall also be applied.

6.13.2.1 Information on Existing Buildings and Other
Structures to Be Protected. As-built information on building
con guration, building components, site, and foundation shall be
permitted to be evaluated in accordance with ASCE 41 (2014),
Chapters 9 through 11.

6.13.2.2 Site Layout. The spatial limits of the layout of tsunami
barriers shall include the following:

1. The tsunami barrier shall be set back from the protected
structure for perimeter protection. Any alignment change

The minimum elevation of the
lowest occupiable Refuge Level

shall have a minimum radius of curvature equal to at least
half the maximum inundation depth.

2. For overtopping or partial impedance to inundation, at a
minimum the barrier limits shall protect the structure from
inundation ow based on an approach angle of 225
degrees from the shoreline. The ow approach angle
shall be evaluated in accordance with Sections 6.8.6.1 and
6.8.6.2.

6.14 TSUNAMI VERTICAL EVACUATION REFUGE
STRUCTURES

Tsunami Vertical Evacuation Refuge Structures designated as a
means of alternative evacuation by the Authority Having Juris-
diction shall be designed in accordance with the additional
requirements of this section.

6.14.1 Minimum Inundation Elevation and Depth. Tsunami
refuge oors shall be located not less than the greater of 10 ft
(3.05 m) or one-story height above 1.3 times the Maximum
Considered Tsunami inundation elevation at the site as
determined by a site-speci c inundation analysis, as indicated
in Fig. 6.14-1. This same Maximum Considered Tsunami site-
speci ¢ inundation elevation, factored by 1.3, shall also be used
for design of the Tsunami Vertical Evacuation Refuge Structure
in accordance with Sections 6.8 to 6.12.

6.14.2 Refuge Live Load. An assembly live load, Lyeyge, OF
100 psf (4.8 kPa) shall be used in any designated evacuation oor
area within a tsunami refuge oor level.

6.14.3 Laydown Impacts. Where the maximum inundation
depth exceeds 6 ft (1.83 m), the laydown impact of adjacent
pole structures collapsing onto occupied portions of the building
shall be considered.

6.14.4 Information on Construction Documents. Construc-
tion documents shall include tsunami design criteria and the
occupancy capacity of the tsunami refuge area. Floor plans shall
indicate all refuge areas of the facility and exiting routes from
each area. The latitude and longitude coordinates of the building
shall be recorded on the construction documents.

6.14.5 Peer Review. Design shall be subject to independent
peer review by an appropriately licensed design professional who
shall present a written report to the Authority Having Jurisdiction
as to the design’s compliance with the requirements of this
standard.

not less than 10 ft. above the

is one story higher, but
Refuge Design Inundation Depth =5

Refuge Design Inundation
Elevation coincides with
130% of inundation elevation

Grade Plane of Structure

The Greater of
O 1-Story Height or 10 ft.
] Refuge Design
1 Inundation Depth
—E3FT T
Y

Site-Specific Max. Considered Tsunami
inundation elevation at the structure

FIGURE 6.14-1 Minimum Refuge Level Elevation [1 ft=0.305 m]
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6.15 DESIGNATED NONSTRUCTURAL
COMPONENTS AND SYSTEMS

6.15.1 Performance Requirements. Designated nonstructural
components and systems in structures located in the Tsunami
Design Zone shall be either protected from tsunami inundation
effects or positioned in the structure above the inundation
elevation of the Maximum Considered Tsunami, such that the
designated nonstructural components and systems will be
capable of performing their critical function during and after
the Maximum Considered Tsunami. Tsunami barriers used as
inundation protection shall have a top-of-wall elevation that is
not less than 1.3 times the maximum inundation elevation at the
barrier. The tsunami barrier shall also satisfy the requirements of
Section 6.13. Alternatively, it shall be permitted to design the
designated nonstructural components and systems directly for
tsunami effects, provided that inundation would not inhibit them
from performing their critical function during and after the
Maximum Considered Tsunami.

6.16 NONBUILDING TSUNAMI RISK CATEGORY I
AND IV STRUCTURES

6.16.1 Requirements for Tsunami Risk Category IlI
Nonbuilding  Structures. Tsunami  Risk  Category Il
nonbuilding structures located in the Tsunami Design Zone
shall be either protected from tsunami inundation effects or
designed to withstand the effects of tsunami loads in
accordance with Section 6.8 of this chapter and in accordance
with the speci c¢ performance requirements of Section 6.8.3.
Tsunami barriers used as inundation protection shall have a top-
of-wall elevation that is not less than 1.3 times the maximum
inundation elevation at the barrier. The tsunami barrier shall also
satisfy the requirements of Section 6.13.

6.16.2 Requirements for Tsunami Risk Category IV
Nonbuilding  Structures. Tsunami  Risk  Category IV
designated nonstructural systems in nonbuilding structures
located in the Tsunami Design Zone shall be (1) protected from
tsunami inundation effects, (2) positioned above 1.3 times the
inundation elevation of the Maximum Considered Tsunami in such
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a manner that the Tsunami Risk Category IV nonbuilding structure
will be capable of performing its critical function during and after
the Maximum Considered Tsunami, or (3) designed to withstand
the effects of tsunami loads in accordance with Section 6.8 of this
chapter and the speci ¢ performance requirements of Section 6.8.3.
Tsunami barriers used as inundation protection shall have a top-of-
wall elevation that is not less than 1.3 times the maximum
inundation elevation at the barrier. The tsunami barrier shall
also satisfy the requirements of Section 6.13.

6.17 CONSENSUS STANDARDS AND OTHER
REFERENCED DOCUMENTS

This section lists the consensus standards and other documents
that shall be considered part of this standard to the extent
referenced in this chapter. Those referenced documents identi ed
by an asterisk (*) are not consensus standards; rather, they are
documents developed within the industry and represent accept-
able procedures for design and construction to the extent referred
to in the speci ed section.

AASHTO Guide Speci cations and Commentary for Vessel
Collision Design of Highway Bridges, 2nd Ed., American As-
sociation of State Highway and Transportation Of cials, 2009,
with 2010 Interim Revisions.

Cited in: Section 6.11.5

AASHTO M288-06, Standard Speci cation for Geotextile
Speci cation for Highway Applications, American Association
of State Highway and Transportation Of cials, 2006.

Cited in: Section 6.12.4.4

ASCE/SEI 24-05, Flood Resistant Design and Construction,
American Society of Civil Engineers, 2005.

Cited in: Section 6.12.4.1

ASCE/SEI 41-13, Seismic Evaluation and Retro t of Existing
Buildings, American Society of Civil Engineers, 2014.

Cited in: Sections 6.8.3.5.2.2 and 6.13.2.1

*NOAA Technical Memorandum OAR PMEL-135,
Standards, Criteria, and Procedures for NOAA Evaluation of
Tsunami Numerical Models, National Oceanic and Atmospheric
Administration, Paci ¢ Marine Environmental Laboratory, 2007.

Cited in: Section 6.7.6.7.2
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Table 7.2-1 Ground Snow Loads, pg, for Alaskan Locations

Pg

Pg Pg

Location b ft? kN m? Location b ft? kN m? Location b ft? kN m?
Adak 30 14 Galena 60 29 Petersburg 150 7.2
Anchorage 50 24 Gulkana 70 3.4 St. Paul 40 1.9
Angoon 70 3.4 Homer 40 1.9 Seward 50 2.4
Barrow 25 12 Juneau 60 2.9 Shemya 25 1.2
Barter 35 17 Kenai 70 3.4 Sitka 50 2.4
Bethel 40 1.9 Kodiak 30 14 Talkeetna 120 5.8
Big Delta 50 24 Kotzebue 60 2.9 Unalakleet 50 2.4
Cold Bay 25 1.2 McGrath 70 3.4 Valdez 160 7.7
Cordova 100 4.8 Nenana 80 3.8 Whittier 300 14.4
Fairbanks 60 29 Nome 70 3.4 Wrangell 60 2.9
Fort Yukon 60 2.9 Palmer 50 2.4 Yakutat 150 7.2

7.4 SLOPED ROOF SNOW LOADS, ps

Snow loads acting on a sloping surface shall be assumed to act on

the horizontal projection of that surface. The sloped roof

(balanced) snow load, ps, shall be obtained by multiplying the
at roof snow load, p;, by the roof slope factor, Cq:

Ps = Csps (7.4-1)

Values of Cg for warm roofs, cold roofs, curved roofs, and
multiple roofs are determined from Sections 7.4.1 through 7.4.4.
The thermal factor, C;, from Table 7.3-2 determines if a roof is
“cold” or “warm.” “Slippery surface” values shall be used only
where the roof’s surface is unobstructed and suf cient space is
available below the eaves to accept all the sliding snow. A roof shall
be considered unobstructed if no objects exist on it that prevent
snow on it from sliding. Roof areas with snow retention devices
shall not be considered unobstructed. Slippery surfaces shall include
metal, slate, glass, and bituminous, rubber, and plastic membranes
with a smooth surface. Membranes with an embedded aggregate or
mineral granule surface shall not be considered smooth. Asphalt
shingles, wood shingles, and shakes shall not be considered slippery.

7.4.1 Warm Roof Slope Factor, C,. For warm roofs (C; 1.0
as determined from Table 7.3-2) with an unobstructed slippery
surface that allows snow to slide off the eaves, the roof slope
factor C shall be determined using the dashed line in Fig. 7.4-1a,
provided that for nonventilated warm roofs, their thermal
resistance (R-value) equals or exceeds 30 ft2hr°F Btu
(5.3°Cm? W) and for warm ventilated roofs, their R-value
equals or exceeds 20 ft? hr°F Btu (3.5°C m? W). Exterior air
shall be able to circulate freely under a ventilated roof from its
eaves to its ridge. For warm roofs that do not meet the
aforementioned conditions, the solid line in Fig. 7.4-1a shall
be used to determine the roof slope factor Cs.

7.4.2 Cold Roof Slope Factor, C,. Cold roofs are those with a
C; > 1.0 as determined from Table 7.3-2. For cold roofs with
C;=1.1and an unobstructed slippery surface that allows snow to
slide off the eaves, the roof slope factor C, shall be determined
using the dashed line in Fig. 7.4-1b. For all other cold roofs with
C,=1.1, the solid line in Fig. 7.4-1b shall be used to determine
the roof slope factor C,. For cold roofs with C, = 1.2 or larger and
an unobstructed slippery surface that allows snow to slide off the
eaves, the roof slope factor C, shall be determined using the
dashed line on Fig. 7.4-1c. For all other cold roofs with C; =1.2
or larger, the solid line in Fig. 7.4-1c shall be used to determine
the roof slope factor Cs.

54

7.4.3 Roof Slope Factor for Curved Roofs. Portions of curved
roofs that have a slope exceeding 70° shall be considered free of
snow load (i.e., C; =0). Balanced loads shall be determined from
the balanced load diagrams in Fig. 7.4-2 with C, determined from
the appropriate curve in Fig. 7.4-1.

7.4.4 Roof Slope Factor for Multiple Folded Plate, Sawtooth,
and Barrel Vault Roofs. Multiple folded plate, sawtooth, or
barrel vault roofs shall have a C; = 1.0, with no reduction in snow
load because of slope (i.e., ps =ps).

7.4.5 lce Dams and Icicles along Eaves. Two types of warm
roofs that drain water over their eaves shall be capable of sus-
taining a uniformly distributed load of 2p; on all overhanging
portions: those that are unventilated and have an R-value less
than 30 ft? hr°F Btu (5.3°Cm? W) and those that are ventilated
and have an R-value less than 20 ft2 hr°F Btu (3.5°Cm? W).
The load on the overhang shall be based upon the at roof snow
load for the heated portion of the roof upslope of the exterior
wall. No other loads except dead loads shall be present on the
roof when this uniformly distributed load is applied.

7.4.6 Sloped Roof Snow Loads for Air-Supported
Structures. Roof snow loading for air-supported structures
with vinyl coated exterior fabric shall be as shown in Fig. 7.4-3.

7.5 PARTIAL LOADING

The effect of having selected spans loaded with the balanced
snow load and remaining spans loaded with half the balanced
snow load shall be investigated as follows:

7.5.1 Continuous Beam Systems. Continuous beam systems
shall be investigated for the effects of the three loadings shown in
Fig. 7.5-1:

Case 1: Full balanced snow load on either exterior span and
half the balanced snow load on all other spans.

Case 2: Half the balanced snow load on either exterior span
and full balanced snow load on all other spans.

Case 3: All possible combinations of full balanced snow load
on any two adjacent spans and half the balanced snow load
on all other spans. For this case, there will be (n—1) possible
combinations where n equals the number of spans in the
continuous beam system.

If a cantilever is present in any of the above cases, it shall be
considered to be a span.
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Table 7.2-6 Ground Snow Loads for Selected Locations in

Table 7.2-7 Ground Snow Loads for Selected Locations in

New Mexico Oregon
Ground Snow Elevation Ground Snow Elevation

City/Town County Load (Ib ft?) (ft) City/Town County Load (Ib ft?) (ft)
Alamogordo Otero 4 4,300 Antelope Wasco 17 2,840
Albuquerque Bernalillo 18 5,000 Ashland Jackson 13 1,990
Artesia Eddy 10 3,400 Astoria Clatsop 11 10
Aztec San Juan 10 5,600 Baker City Baker 17 3,450
Bloom eld San Juan 9 5,500 Bandon Coos 0 20
Carlsbad Eddy 10 3,100 Bend Deschutes 20 3,660
Clovis Curry 10 4,300 Black Butte Deschutes 19 970
Corrales Sandoval 9 5,000 Bonneville Dam Hood River 44 60
Deming Luna 8 4,300 Brookings Curry 1 50
Espar_10|a Rio Arriba 10 5,600 Burns Harney 20 4140
Farmington San J_uan 10 5,300 Corvallis Benton 14 230
g?:n'“;g gz‘:llgley 12 22(5)8 Crater Lake Klamath 461 6,470
Hobbs Lea 10 3:600 Crescent Lake Klamath 154 4,760
Jemez Sandoval 18 6,200 Dallas. POIk. 20 290
Las Cruces Dona Ana 9 3,900 D?tm't Marion 8 1,730
Las Vegas san Miguel 22 6,400 Dlamoer Lake Klamath 10 4,160
Los Alamos Los Alamos 30 7,300 Enterprise Wallowa 26 3,280
Los Lunas Valencia 6 4,900 Eugene Lane 12 360
Portales Roosevelt 9 4,000 Forest Grove Washington 17 180
Red Rock Grant 4 6,800 Fossil Wheeler 21 2,650
Roswell Chaves 14 3,600 Government Camp Clackamas 321 3,980
Ruidoso Lincoln 25 6,700 Grants Pass Josephine 6 920
Santa Fe Santa Fe 15 7,000 Heppner Morrow 17 1,880
Shiprock San Juan 9 4,900 Hood River Hood River 43 500
Socorro Socorro 13 4,600 John Day Baker 8 500
Zuni McKinley 14 6,300 Joseph Wallowa 16 4,020
Note: To convert Ib ft2 to kN m?, multiply by 0.0479. To convert feet to Klamath Falls Klamath 23 4100
meters, multiply by 0.3048. La Gr{inde Union 15 2,750
1. Statutory requirements of the Authority Having Jurisdiction are not Lakeview Lake 47 4,780
included in this state ground snow load table. Madras Jefferson 17 2,440
2. For locations where there is substantial change in altitude over the Medford Jackson 4 1,460
thlr:asrghcctéogf ?gol%a(gg%pm;es at and below the cited elevation, with a Mitchell Wheeler 46 3,980
3. For other locations in New Mexico, see Maji, A. K. (1999). “Ground Newport Lincoln 2 140
Snow Load Database for New Mexico,” Dept. of Civil Engineering, North Bend Coos 2 10
University of New Mexico, Albuguerque, NM, http://www.seanm.org/ Ontario Malheur 15 2,140
les/snowload.pdf for ground snow load values. parkdale Hood River 79 1720
Pendleton Umatilla 30 1,040
Partial load provisions need not be applied to structural Portland Multnomah 11 30
members that span perpendicular to the ridgeline in gable roofs Prineville Crook 15 2,840
with slopes between % on 12 (2.38°) and 7 on 12 (30.3°). Redmond Deschutes 16 3,060
. Roseburg Douglas 7 420
7.5.2 Other Structural Systems. Areas sustaining only half the Salem Marion 9 200
balanced snow load sha_ll be chosen so as to produce the greatest Santiam Pass Linn 481 4,750
effects on members being analyzed. Seaside Clatsop 3 10
Sisters Deschutes 30 3,180
7.6 UNBALANCED ROOF SNOW LOADS The Dalles Wasco 24 100
Troutdale Multnomah 12 30
Balanced and unbalanced loads shall be analyzed separately. Vale Malheur 17 2,240
Winds from all directions shall be accounted for when establish- Vernonia Columbia 35 840
ing unbalanced loads. Zig Zag Clackamas 70 1,440

7.6.1 Unbalanced Snow Loads for Hip and Gable Roofs. For
hip and gable roofs with a slope exceeding 7 on 12 (30.2°) or with a
slope less than ¥ on 12 (2.38°), unbalanced snow loads are not
required to be applied. Roofs with an eave to ridge distance, W, of
20 ft (6.1 m) or less that have simply supported prismatic members
spanning from ridge to eave shall be designed to resist an
unbalanced uniform snow load on the leeward side equal to Ip,.
For these roofs, the windward side shall be unloaded. For all other
gable roofs, the unbalanced load shall consist of 0.3ps on the

Note: To convert Ib ft2 to kN m?2, multiply by 0.0479. To convert feet to
meters, multiply by 0.3048.

1. Statutory requirements of the Authority Having Jurisdiction are not
included in this state ground snow load table.

2. For locations where there is substantial change in altitude over the
jurisdiction, the load applies at and below the cited elevation, with a
tolerance of 100 ft (30 m).

3. For other locations in Oregon, see “Snow Load Analysis for Oregon,”
4th Ed., November 2013, Structural Engineers Association of Oregon
and the PRISM Climate Group of Oregon State University, http:/
snowload.seao.org/lookup.html, for ground snow load values.
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7.6.2 Unbalanced Snow Loads for Curved Roofs. Portions of
curved roofs that have a slope exceeding 70° shall be considered
free of snow load. If the slope of a straight line from the eaves (or
the 70° point, if present) to the crown is less than 10° or greater
than 60°, unbalanced snow loads shall not be taken into account.

Unbalanced loads shall be determined according to the loading
diagrams in Fig. 7.4-2. In all cases, the windward side shall be
considered free of snow. If the ground or another roof abuts a Case
Il or Case I (see Fig. 7.4-2) curved roof at or within 3 ft (0.9 m) of
its eaves, the snow load shall not be decreased between the 30°
point and the eaves but shall remain constant at the 30° point value.
This distribution is shown as a dashed line in Fig. 7.4-2.

7.6.3 Unbalanced Snow Loads for Multiple Folded Plate,
Sawtooth, and Barrel Vault Roofs. Unbalanced loads shall be
applied to folded plate, sawtooth, and barrel-vaulted multiple
roofs with a slope exceeding 3 8 in: on 12 (1.79°). According to
Section 7.4.4, C;=1.0 for such roofs, and the balanced snow
load equals p;. The unbalanced snow load shall increase from
one-half the balanced load at the ridge or crown (i.e., 0.5p;) to
two times the balanced load given in Section 7.4.4 divided by C,
at the valley (i.e., 2p; C.). Balanced and unbalanced loading
diagrams for a sawtooth roof are presented in Fig. 7.6-3.
However, the snow surface above the valley shall not be at an
elevation higher than the snow above the ridge. Snow depths
shall be determined by dividing the snow load by the density of
that snow from Eq. (7.7-1), which is in Section 7.7.1.

7.6.4 Unbalanced Snow Loads for Dome Roofs. Unbalanced
snow loads shall be applied to domes and similar rounded
structures. Snow loads, determined in the same manner as for
curved roofs in Section 7.6.2, shall be applied to the downwind
90° sector in plan view. At both edges of this sector, the load
shall decrease linearly to zero over sectors of 22.5° each. There
shall be no snow load on the remaining 225° upwind sector.

7.7 DRIFTS ON LOWER ROOFS (AERODYNAMIC
SHADE)

Roofs shall be designed to sustain localized loads from
snowdrifts that form in the wind shadow of (1) higher

portions of the same structure and (2) adjacent structures
and terrain features.

7.7.1 Lower Roof of a Structure. Snow that forms drifts comes
from a higher roof or, with the wind from the opposite direction,
from the roof on which the drift is located. These two kinds of drifts
(“leeward” and “windward,” respectively) are shown in Fig. 7.7-1.
The geometry of the surcharge load due to snow drifting shall be
approximated by a triangle, as shown in Fig. 7.7-2. Drift loads shall
be superimposed on the balanced snow load. If h; hy is less than
0.2, drift loads are not required to be applied.

For leeward drifts, the drift height hy shall be determined
directly from Fig. 7.6-1 using the length of the upper roof and the
Show Importance Factor from Table 1.5-2. However, the drift
height need not be taken as larger than 60% of the length of the
lower level roof. For windward drifts, the drift height shall be
determined by substituting the length of the lower roof for I, in
Fig. 7.6-1 and using three-quarters of hy as determined from
Fig. 7.6-1 as the drift height. The larger of these two heights shall
be used in design. If this height is equal to or less than h, the drift
width, w, shall equal 4hy and the drift height shall equal hy. If this
height exceeds he, the drift width, w, shall equal 4h3 h, and the
drift height shall equal h,. However, the drift width, w, shall not
be greater than 8h.. If the drift width, w, exceeds the width of the
lower roof, the drift shall taper linearly to zero at the far end of the
lower level roof. The maximum intensity of the drift surcharge
load, py, equals hy where snow density, , is de ned in
Eq. (7.7-1):

=0.13pgb14 butnot more than 30 Ib ft3 (7.7-1)

=0.426py22.2; but not more than 4.7 kN mé  (7.7-1.si)
This density shall also be used to determine hy, by dividing p
by (in SI: also multiply by 102 to get the depth in m).

7.7.2 Adjacent Structures. If the horizontal separation
distance between adjacent structures, s, is less than 20 ft (6.1 m)
and less than six times the vertical separation distance (s < 6 h),
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FIGURE 10.4-1 Characteristic Dimension D, for Calculating the Ice Area for a Variety of Cross-Sectional Shapes

ty = design ice thickness in inches (mm) from Eqg. (10.4-5)
V. =concurrent wind speed in mph (m=s) from Figs. 10.4-2
through 10.4-6
V; = volume of ice
z = height above ground in ft (m)
= solidity ratio as de ned in Chapter 29

10.4 ICE LOADS CAUSED BY FREEZING RAIN

10.4.1 Ice Weight. The ice load shall be determined using the
weight of glaze ice formed on all exposed surfaces of structural
members, guys, components, appurtenances, and cable systems.
On structural shapes, prismatic members, and other similar
shapes, the cross-sectional area of ice shall be determined by
Ai = tdaDCbtdb (104-1)
D, is shown for a variety of cross-sectional shapes in Fig. 10.4-1.

On at plates and large three-dimensional objects such as
domes and spheres, the volume of ice shall be determined by

(10.4-2)

Fora at plate, A shall be the area of one side of the plate; for
domes and spheres, A shall be determined by
A= r? (10.4-3)

It is acceptable to multiply V; by 0.8 for vertical plates and 0.6
for horizontal plates.
The ice density shall be not less than 56 pcf (900 kg=m?3).
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10.4.2 Nominal Ice Thickness. Figs. 10.4-2 through 10.4-6
show the equivalent uniform radial thicknesses t of ice caused
by freezing rain at a height of 33 ft (10 m) over the contiguous 48
states and Alaska for a 500-year mean recurrence interval. Also
shown are concurrent 3-s gust wind speeds. Thicknesses for
Hawaii, and for ice accretions caused by other sources in all
regions, shall be obtained from local meteorological studies.

10.4.3 Height Factor. The height factor f, used to increase the
radial thickness of ice for height above ground z shall be
determined by

7 010
f,= 3 for0ft<z 900 ft (10.4-4)
where f,=1.4 for z > 900 ft.
7 010
f, = ) forOm<z 275 m (10.4-4si)

where f,=1.4 for z> 275 m.

10.4.4 Importance Factors. Importance factors to be applied
to the radial ice thickness and wind pressure shall be determined
from Table 1.5-2 based on the Risk Category from Table 1.5-1.
The importance factor I; shall be applied to the ice thickness, not
the ice weight, because the ice weight is not a linear function of
thickness.

10.4.5 Topographic Factor. Both the ice thickness and
concurrent wind speed for structures on hills, ridges, and
escarpments are higher than those on level terrain because of
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wind speed-up effects. The topographic factor for the concurrent
wind pressure is K, and the topographic factor for ice thickness
is 0K b%35 where K is obtained from Eq. (26.8-1).

10.4.6 Design Ice Thickness for Freezing Rain. The design
ice thickness tq shall be calculated from Eq. (10.4-5).

ty = th;f ,0K ;035 (10.4-5)

10.5 WIND ON ICE-COVERED STRUCTURES

Ice accreted on structural members, components, and appurte-
nances increases the projected area of the structure exposed to
wind. The projected area shall be increased by adding ty to
all free edges of the projected area. Wind loads on this increased
projected area shall be used in the design of ice-sensitive
structures. Figs. 10.4-2 to 10.4-6 include 3-s gust wind speeds
at 33 ft (10 m) above grade that are concurrent with the ice
loads caused by freezing rain. Wind loads shall be calculated
in accordance with Chapters 26 through 31 as modi ed by
Sections 10.5.1 through 10.5.5.

10.5.1 Wind on Ice-Covered Chimneys, Tanks, and Similar
Structures. Force coef cients C; for structures with square,
hexagonal, and octagonal cross sections shall be as given in
Fig. 29.5-1. Force coef cients C; for structures with round cross
sectionsahall be as given in Fig. 29.4-1 for round cross sections
with D" q, 2.5 for all ice thicknesses, wind speeds, and
structure diameters.

10.5.2 Wind on Ice-Covered Solid Freestanding Walls
and Solid Signs. Force coef cients C; shall be as given
in Fig. 29.3-1 based on the dimensions of the wall or sign,
including ice.

10.5.3 Wind on Ice-Covered Open Signs and Lattice
Frameworks. The solidity ratio shall be based on the
projected area, including ice. The force coef cient C; for the
projected area of at members shall be as given in Fig. 29.4-2.
The force coef cient C; for rounded members and for the
additional projected area caused by ice on both at and
rounded memberbshall be as given in Fig. 29.4-2 for rounded
members with D" g, 2.5 for all ice thicknesses, wind speeds,
and member diameters.

10.5.4 Wind on Ice-Covered Trussed Towers. The solidity
ratio  shall be based on the projected area, including ice. The
force coef cients C; shall be as given in 29.4-3. It is acceptable to
reduce the force coef cients C; for the additional projected area
caused by ice on both round and at members by the factor for
rounded members in Note 3 of 29.4-3.

10.5.5 Wind on Ice-Covered Guys and Cables. The force
coef cient C; (as de ned in Chapter 29) for ice-covered guys
and cables shall be 1.2.

10.6 DESIGN TEMPERATURES FOR FREEZING RAIN

The design temperatures for ice and wind-on-ice caused by
freezing rain shall be either the temperature for the site shown
in Figs. 10.6-1 and 10.6-2 or 32°F (0°C), whichever gives the
maximum load effect. The temperature for Hawaii shall be 32°F

(0°C). For temperature-sensitive structures, the load shall
include the effect of temperature change from everyday condi-
tions to the design temperature for ice and wind on ice. These
temperatures are to be used with ice thicknesses for all mean
recurrence intervals. The design temperatures are considered to
be concurrent with the design ice load and the concurrent
wind load.

10.7 PARTIAL LOADING

The effects of a partial ice load shall be considered when this
condition is critical for the type of structure under consideration.
It is permitted to consider this to be a static load.

10.8 DESIGN PROCEDURE

1. The nominal ice thickness, t, the concurrent wind speed,
V., and the concurrent temperature for the site shall be
determined from Figs. 10.4-2 to 10.4-6 and 10.6-1 and
10.6-2 or a site-speci c study.

2. The topographic factor for the site, K, shall be determined
in accordance with Section 10.4.5.

3. The importance factor for ice thickness, I;, shall be deter-
mined in accordance with Section 10.4.4.

4. The height factor, f,, shall be determined in accordance
with Section 10.4.3 for each design segment of the
structure.

5. The design ice thickness, ty, shall be determined in accor-
dance with Section 10.4.6, Eq. (10.4-5).

6. The weight of ice shall be calculated for the design ice
thickness, tgy, in accordance with Section 10.4.1.

7. The velocity pressure, q,, for wind speed, V., shall be
determined in accordance with Section 29.3 using the
importance factor for concurrent wind pressure, 1,,, deter-
mined in accordance with Section 10.4.4.

8. The wind force coef cients, C;, shall be determined in
accordance with Section 10.5.

9. The gust effect factor shall be determined in accordance
with Section 26.9.

10. The design wind force shall be determined in accordance

with Chapter 29.
11. The iced structure shall be analyzed for the load combi-
nations in either Section 2.3 or 2.4.

10.9 CONSENSUS STANDARDS AND OTHER
REFERENCED DOCUMENTS

This section lists the consensus standards and other documents
that shall be considered part of this standard to the extent
referenced in this chapter.

ASCE Manual 74, Guidelines for Electrical Transmission
Line Structural Loading, American Society of Civil Engineers,
2009.

Cited in: Section 10.1.3

ANSI/EIAITIA-222, Structural Standards for Steel Antenna
Towers and Antenna Supporting Structures, American National
Standards Institute, 2013.

Cited in: Section 10.1.3

NESC, National Electrical Safety Code, IEEE, 2012.
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T upper = the larger of the two orthogonal fundamental per-
iods of vibration (Section 12.9.2). The mathematical
model used to compute T shall not include
accidental torsion and shall include P-delta effects

V =total design lateral force or shear at the base

VEex =maximum absolute value of elastic base shear com-
puted in the X direction among all three analyses
performed in that direction (Section 12.9.2.5)

Vey = maximum absolute value of elastic base shear com-
puted in the Y direction among all three analyses
performed in that direction (Section 12.9.2.5)

V,x =inelastic base shear in the X direction (Section
12.9.2.5)

V\y =inelastic base shear in the Y direction (Section
12.9.2.5)

V; = design value of the seismic base shear as determined
in Section 12.9.1.4.1

Vy = ELF base shear in the X direction (Section 12.9.2.5)

V, =seismic design shear in story x as determined in
Section 12.8.4

Vy = ELF base shear in the Y direction (Section 12.9.2.5)

v =reduced base shear accounting for the effects of soil
structure interaction as determined in Section 19.3.1

7, = portion of the reduced base shear, ¥, contributed by
the fundamental mode, Section 19.3, in kip (kN)

V =reduction in V as determined in Section 19.3.1,
in kip (kN)

V4 =reduction in V; as determined in Section 19.3.1,
in kip (kN)

vs = shear wave velocity at small shear strains (greater
than 10 3% strain); see Section 19.2.1, in ft/s (m/s)

v, = average shear wave velocity at small shear strains in
top 100 ft (30 m); see Sections 20.3.3 and 20.4.1

Vs = the shear wave velocity of any soil or rock layer i
(between 0 and 100 ft (between 0 and 30 m)); see
Section 20.4.1

V5, = average shear wave velocity for the soils beneath the
foundation at small strain levels, Section 19.2.1.1 in
ft/s (m/s)

W = effective seismic weight of the building as de ned
in Section 12.7.2. For calculation of seismic-
isolated building period, W is the total effective
seismic weight of the building as de ned in
Sections 19.2 and 19.3, in kip (kN)

W = effective seismic weight of the building as de ned
in Sections 19.2 and 19.3, in kip (kN)

W, =gravity load of a component of the building

Wp = component operating weight, in Ib (N)

W = weight tributary to the diaphragm at level x

w = moisture content (in percent), ASTM D2216

w;,w,,,w, = portion of W that is located at or assigned to level i,
n, or X, respectively
x = level under consideration, 1 designates the rst level
above the base
z = height in structure of point of attachment of com-
ponent with respect to the base; see Section 13.3.1
Z; = mode shape factor, Section 12.10.3.2.1
= ratio of shear demand to shear capacity for the story
between levels x and x 1
= fraction of critical damping for the coupled structure—
foundation system, determined in Section 19.2.1
o = foundation damping factor as speci ed in Section
19.2.1.2

mi» me = rst and higher modal contribution factors, respec-

tively, Section 12.10.3.2.1

= average unit weight of soil, in Ib=ft® (N=m?)
=design story drift as determined in Section 12.8.6
faout = the relative seismic displacement (drift) at which
glass fallout from the curtain wall, storefront, or
partition occurs

o = allowable story drift as speci ed in Section 12.12.1

ApvEe = average drift of adjoining vertical elements of the
seismic force-resisting system over the story below
the diaphragm under consideration, under tributary
lateral load equivalent to that used in the computa-
tion of ypp Fig. 12.3-1, in in. (mm)

mMpD = computed maximum in-plane de ection of the dia-
phragm under lateral load, Fig. 12.3-1, in in. (mm)

max = Maximum displacement at level x, considering tor-
sion, Section 12.8.4.3

M = maximum inelastic response displacement, consid-
ering torsion, Section 12.12.3

mt = total separation distance between adjacent structures
on the same property, Section 12.12.3

avg = the average of the displacements at the extreme
points of the structure at level x, Section 12.8.4.3

« =de ection of level x at the center of the mass at and
above level x, Eq. (12.8-15)

« =de ection of level x at the center of the mass at and
above level x determined by an elastic analysis,
Section 12.8.6

«m =modal de ection of level x at the center of the mass
at and above level x as determined by Section 19.3.2

. =de ection of level x at the center of the mass at and
above level x, Egs. (19.2-13) and (19.3-3), in in. (mm)
= stability coef cient for P-delta effects as determined
in Section 12.8.7
x = Force scale factor in the X direction (12.9.2.5)
y = Force scale factor in the Y direction (12.9.2.5)
= a redundancy factor based on the extent of structural
redundancy present in a building as de ned in
Section 12.3.4

s =spiral reinforcement ratio for precast, prestressed
piles in Section 14.2.3.2.6

=time effect factor

o =overstrength factor as de ned in Tables 12.2-1,
15.4.-1, and 15.4-2

v = Diaphragm shear overstrength factor (Section
14.2.4.1.3)

11.4 SEISMIC GROUND MOTION VALUES

11.4.1 Near-Fault Sites. Sites satisfying either of the following
conditions shall be classi ed as near fault:

1. 9.5 miles (15 km) of the surface projection of a known
active fault capable of producing M,,7 or larger events, or

2. 6.25 miles (10 km) of the surface projection of a known
active fault capable of producing M,,6 or larger events.

EXCEPTIONS:

1. Faults with estimated slip rate along the fault less than
0.04 in. (1 mm) per year shall not be considered.

2. The surface projection shall not include portions of the
fault at depths of 6.25 mi (10 km) or greater.

11.4.2 Mapped Acceleration Parameters. The parameters Sg
and S; shall be determined from the 0.2- and 1-s spectral response
accelerations shown in Figs. 22-1, 22-3, 22-5, 22-6, 22-7, and
22-8 for Sg and Figs. 22-2, 22-4, 22-5, 22-6, 22-7, and 22-8 for S;.
Where S; is less than or equal to 0.04 and Sg is less than or equal to
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0.15, the structure is permitted to be assigned to Seismic Design
Category A and is only required to comply with Section 11.7.

User Note: Electronic values of mapped acceleration para-
meters and other seismic design parameters are provided at
the U.S. Geological Survey (USGS) website at https://doi.org/
10.5066/F7NK3C76.

11.4.3 Site Class. Based on the site soil properties, the site shall
be classi ed as Site Class A, B, C, D, E, or F in accordance with
Chapter 20. Where the soil properties are not known in suf cient
detail to determine the site class, Site Class D, subject to the
requirements of Section 11.4.4, shall be used unless the authority
having jurisdiction or geotechnical data determine that Site Class
E or F soils are present at the site.

For situations in which site investigations, performed in accor-
dance with Chapter 20, reveal rock conditions consistent with Site
Class B, but site-speci ¢ velocity measurements are not made, the
site coef cients F,, F,, and Fpga shall be taken as unity (1.0).

11.4.4 Site Coef cients and Risk-Targeted Maximum
Considered Earthquake (MCEg) Spectral Response
Acceleration Parameters. The MCEg spectral response
acceleration parameters for short periods (Sys) and at 1 s
(Sm1), adjusted for site class effects, shall be determined by
Egs. (11.4-1) and (11.4-2), respectively.

Sms =FaSs (11.4-1)

SMl = Fvsl (114-2)

where

Ss = the mapped MCEg, spectral response acceleration parameter
at short periods as determined in accordance with
Section 11.4.2, and

S, = the mapped MCEg, spectral response acceleration parameter
at a period of 1 s as determined in accordance with
Section 11.4.2

where site coef cients F, and F, are de ned in Tables 11.4-1 and
11.4-2, respectively. Where Site Class D is selected as the default
site class per Section 11.4.3, the value of F, shall not be less than
1.2. Where the simpli ed design procedure of Section 12.14 is
used, the value of F, shall be determined in accordance with
Section 12.14.8.1, and the values for F,, Sy, and Sy, heed not
be determined.

Table 11.4-1 Short-Period Site Coef cient, F,

Mapped Risk-Targeted Maximum Considered Earthquake (MCEg) Spectral
Response Acceleration Parameter at Short Period

Site
Class Ss 025 Sg=05 Sg=075 Sg=10 Sg=125 Sg 15
A 0.8 0.8 0.8 0.8 0.8 0.8
B 0.9 0.9 0.9 0.9 0.9 0.9
C 1.3 1.3 1.2 1.2 1.2 1.2
D 1.6 14 1.2 11 1.0 1.0
E 2.4 17 1.3 See See See
Section  Section  Section
11.4.8 11.4.8 11.4.8
F See See See See See See
Section  Section  Section  Section  Section  Section
11.4.8 11.4.8 11.4.8 11.4.8 11.4.8 11.4.8

Table 11.4-2 Long-Period Site Coef cient, F,

Mapped Risk-Targeted Maximum Considered Earthquake (MCEg) Spectral
Response Acceleration Parameter at 1-s Period

Note: Use straight-line interpolation for intermediate values of S;.
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Site
Class S; 01 S$;=02 S$;,=03 S;=04 S;=05 S; 0.6
A 0.8 0.8 0.8 0.8 0.8 0.8
B 0.8 0.8 0.8 0.8 0.8 0.8
C 15 15 15 15 15 1.4
D 2.4 2.22 2.0% 1.98 1.82 1.72
E 4.2 See See See See See
Section  Section  Section  Section  Section
11.4.8 11.4.8 11.4.8 11.4.8 11.4.8
F See See See See See See
Section  Section  Section  Section  Section  Section
11.4.8 11.4.8 11.4.8 11.4.8 11.4.8 11.4.8

Note: Use straight-line interpolation for intermediate values of S;.
#Also, see requirements for site-speci ¢ ground motions in Section 11.4.8.

w
i~}
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FIGURE 11.4-1 Design Response Spectrum

11.4.5 Design Spectral Acceleration Parameters. Design
earthquake spectral response acceleration parameters at short
periods, Sps, and at 1-s periods, Sp;, shall be determined
from Egs. (11.4-3) and (11.4-4), respectively. Where the
alternate simpli ed design procedure of Section 12.14 is used,
the value of Spg shall be determined in accordance with
Section 12.14.8.1, and the value for Sp; need not be determined.

Sps = %SMS (11.4-3)
2
Sp1 = §SM1 (11.4-4)

11.4.6 Design Response Spectrum. Where a design response
spectrum is required by this standard and site-speci ¢ ground
motion procedures are not used, the design response spectrum
curve shall be developed as indicated in Fig. 11.4-1 and as
follows:

1. For periods less than T,, the design spectral response
acceleration, S, shall be taken as given in Eq. (11.4-5):

T
Sa=Sps 0.4 06— (11.4-5)
To
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2. For periods greater than or equal to T, and less than or
equal to Tg, the design spectral response acceleration, S,,
shall be taken as equal to Sps.

3. For periods greater than T and less than or equal to T, the
design spectral response acceleration, S,, shall be taken as
given in Eq. (11.4-6):

SDl
S,= — 11.4-6
2= 2 (11.4-6)
4. For periods greater than T, S, shall be taken as given in
Eq. (11.4-7):
_ SpiTL
Sa= o (11.4-7)
where
Sps = the design spectral response acceleration parameter at short
periods
Sp1 =the design spectral response acceleration parameter at a 1-s
period

T =the fundamental period of the structure, s
T =0.2(Sp1=Sps)
TS = SDIZSDSI and
T, =long-period transition period(s) shown in Figs. 22-14
through 22-17.

11.4.7 Risk-Targeted Maximum Considered Earthquake
(MCER) Response Spectrum. Where an MCEg response
spectrum is required, it shall be determined by multiplying the
design response spectrum by 1.5.

11.4.8 Site-Speci ¢ Ground Motion Procedures. A site
response analysis shall be performed in accordance with
Section 21.1 for structures on Site Class F sites, unless
exempted in accordance with Section 20.3.1. A ground
motion hazard analysis shall be performed in accordance with
Section 21.2 for the following:

1. seismically isolated structures and structures with
damping systems on sites with S; greater than or equal
to 0.6,

2. structures on Site Class E sites with S, greater than or equal
to 1.0, and.

3. structures on Site Class D and E sites with S; greater than
or equal to 0.2.

EXCEPTION: A ground motion hazard analysis is not
required for structures other than seismically isolated structures
and structures with damping systems where:

1. Structures on Site Class E sites with Sg greater than or equal
to 1.0, provided the site coef cient F, is taken as equal to
that of Site Class C.

2. Structures on Site Class D sites with S; greater than or
equal to 0.2, provided the value of the seismic response
coef cient Cg is determined by Eq. (12.8-2) for values of
T 15T, and taken as equal to 1.5 times the value
computed in accordance with either Eq. (12.8-3) for T
T > 15T, or Eq. (12.8-4) for T > T|.

3. Structures on Site Class E sites with S; greater than or equal
to 0.2, provided that T is less than or equal to T and the
equivalent static force procedure is used for design.

It shall be permitted to perform a site response analysis in
accordance with Section 21.1 and/or a ground motion hazard
analysis in accordance with Section 21.2 to determine ground
motions for any structure.

When the procedures of either Section 21.1 or 21.2 are used,
the design response spectrum shall be determined in accordance
with Section 21.3, the design acceleration parameters shall be
determined in accordance with Section 21.4, and, if required, the
MCE; peak ground acceleration parameter shall be determined
in accordance with Section 21.5.

11.5 IMPORTANCE FACTOR AND RISK CATEGORY

11.5.1 Importance Factor. An Importance Factor, I, shall be
assigned to each structure in accordance with Table 1.5-2.

11.5.2 Protected Access for Risk Category V. Where
operational access to a Risk Category IV structure is required
through an adjacent structure, the adjacent structure shall
conform to the requirements for Risk Category IV structures.
Where operational access is less than 10 ft (3.048 m) from
an interior lot line or another structure on the same lot,
protection from potential falling debris from adjacent
structures shall be provided by the owner of the Risk
Category IV structure.

11.6 SEISMIC DESIGN CATEGORY

Structures shall be assigned a Seismic Design Category in
accordance with this section.

Risk Category I, Il, or 111 structures located where the mapped
spectral response acceleration parameter at 1-s period, S, is
greater than or equal to 0.75 shall be assigned to Seismic Design
Category E. Risk Category IV structures located where the
mapped spectral response acceleration parameter at 1-s period,
S;, is greater than or equal to 0.75 shall be assigned to Seismic
Design Category F. All other structures shall be assigned to a
Seismic Design Category based on their Risk Category and the
design spectral response acceleration parameters, Sps and Spy,
determined in accordance with Section 11.4.5. Each building and
structure shall be assigned to the more severe Seismic Design
Category in accordance with Table 11.6-1 or 11.6-2, irrespective

TABLE 11.6-1 Seismic Design Category Based on Short-Period
Response Acceleration Parameter

Risk Category

Value of Spg lorllorlll \%
Sps < 0.167 A A
0.167 Sps <0.33 B c
0.33  Spg < 0.50 C D
050 Spg D D

TABLE 11.6-2 Seismic Design Category Based on 1-s Period
Response Acceleration Parameter

Risk Category

Value of Sp; lorllorlll v
Spy < 0.067 A A
0.067 Sp; <0.133 B c
0.133  Sp; <0.20 c D
020 Sp; D D
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system as set forth in the applicable reference document listed in
Table 12.2-1 and the additional requirements set forth in
Chapter 14.

Nothing contained in this section shall prohibit the use of
alternative procedures for the design of individual structures that
demonstrate acceptable performance in accordance with the
requirements of Section 1.3.1.3 of this standard.

12.2.1.1 Alternative Structural Systems. Use of seismic
force-resisting systems not contained in Table 12.2-1 shall be
permitted contingent on submittal to and approval by the
Authority Having Jurisdiction and independent structural
design review of an accompanying set of design criteria and
substantiating analytical and test data. The design criteria shall
specify any limitations on system use, including Seismic Design
Category and height; required procedures for designing the
system’s components and connections; required detailing; and
the values of the response modi cation coef cient, R;
overstrength factor, ; and de ection ampli cation factor, Cy.
The submitted data shall establish the system’s nonlinear dynamic
characteristics and demonstrate that the design criteria result in a
probability of collapse conditioned on the occurrence of MCER
shaking not greater than 10% for Risk Category Il structures. The
conditional probability of collapse shall be determined based on a
nonlinear analytical evaluation of the system and shall account for
sources of uncertainty in quality of the design criteria, modeling
delity, laboratory test data, and ground motions. Structural
design review shall conform to the criteria of Section 16.5.

12.2.1.2 Elements of Seismic Force-Resisting Systems.
Elements of seismic force-resisting systems, including members
and their connections, shall conform to the detailing requirements
speci ed in Table 12.2-1 for the selected structural system.

EXCEPTION: Substitute elements that do not conform to the
requirements speci ed in Table 12.2-1 shall be permitted con-
tingent on submittal to and approval by the authority having
jurisdiction of all of the following:

a. In-depth description of the methodology used to evaluate
equivalency of the substitute element for the seismic force-
resisting system of interest, or reference to published
documentation describing the methodology in depth.

b. Justi cation of the applicability of the equivalency meth-
odology, including but not limited to consideration of the
similarity of the forces transferred across the connection
between the substitute and conforming elements and the
balance of the seismic force-resisting system, and the
similarity between the substitute and conforming element
on the distribution of forces and displacements in the
balance of the structure.

c. A design procedure for the substitute elements, including
procedures to determine design strength stiffness, detailing,
connections, and limitations to applicability and use.

d. Requirements for the manufacturing, installation, and
maintenance of the substitute elements.

e. Experimental evidence demonstrating that the hysteretic
characteristics of the conforming and substitute elements
are similar through deformation levels anticipated in re-
sponse to MCEg shaking. The evaluation of experimental
evidence shall include assessment of the ratio of the
measured maximum strength to design strength; the ratio
of the measured initial stiffness to design stiffness; the
ultimate deformation capacity; and the cyclic strength and
stiffness deterioration characteristics of the conforming and
substitute elements.

f. Evidence of independent structural design review, in ac-
cordance with Section 16.5 or review by a third party
acceptable to the authority having jurisdiction, of confor-
mance to the requirements of this section.

12.2.2 Combinations of Framing Systems in Different
Directions. Different seismic force-resisting systems are
permitted to be used to resist seismic forces along each of the
two orthogonal axes of the structure. Where different systems are
used, the respective R, C4,and  coef cients shall apply to each
system, including the structural system limitations contained in
Table 12.2-1.

12.2.3 Combinations of Framing Systems in the Same
Direction. Where different seismic force-resisting systems are
used in combination to resist seismic forces in the same direction,
other than those combinations considered as dual systems, the
most stringent applicable structural system limitations contained
in Table 12.2-1 shall apply and the design shall comply with the
requirements of this section.

12.23.1 R, Cy, and  Values for Vertical Combinations.
Where a structure has a vertical combination in the same
direction, the following requirements shall apply:

1. Where the lower system has a lower response modi cation
coef cient, R, the design coef cients (R, o, and Cy)
for the upper system are permitted to be used to calculate
the forces and drifts of the upper system. For the design of
the lower system, the design coef cients (R, g, and Cy)
for the lower system shall be used. Forces transferred
from the upper system to the lower system shall be
increased by multiplying by the ratio of the higher response
modi cation coef cient to the lower response modi cation
coef cient.

2. Where the upper system has a lower response modi cation
coef cient, the design coef cients (R, , and Cy) for the
upper system shall be used for both systems.

EXCEPTIONS:

1. Rooftop structures not exceeding two stories in height and
10% of the total structure weight.

2. Other supported structural systems with a weight equal to
or less than 10% of the weight of the structure.

3. Detached one- and two-family dwellings of light-frame
construction.

12.2.3.2 Two-Stage  Analysis  Procedure. A  two-stage
equivalent lateral force procedure is permitted to be used for
structures that have a exible upper portion above a rigid lower
portion, provided that the design of the structure complies with
all of the following:

a. The stiffness of the lower portion shall be at least 10 times
the stiffness of the upper portion.

b. The period of the entire structure shall not be greater than
1.1 times the period of the upper portion considered as a
separate structure supported at the transition from the upper
to the lower portion.

c. The upper portion shall be designed as a separate structure
using the appropriate values of R and

d. The lower portion shall be designed as a separate structure
using the appropriate values of R and . The reactions from
the upper portion shall be those determined from the
analysis of the upper portion ampli ed by the ratio of the
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R of the upper portion over R
This ratio shall not be less than 1.0.

e. The upper portion is analyzed with the equivalent lateral
force or modal response spectrum procedure, and the lower
portion is analyzed with the equivalent lateral force
procedure.

of the lower portion.

12233 R,C,,and  Values for Horizontal Combinations.
The value of the response modi cation coef cient, R, used for
design in the direction under consideration shall not be greater
than the least value of R for any of the systems used in that
direction. The de ection ampli cation factor, C4, and the
overstrength factor, , shall be consistent with R required in
that direction.

EXCEPTION: Resisting elements are permitted to be
designed using the least value of R for the different structural
systems found in each independent line of resistance if the
following three conditions are met: (1) Risk Category | or Il
building, (2) two stories or fewer above grade plane, and (3) use
of light-frame construction or exible diaphragms. The value of
R used for design of diaphragms in such structures shall not be
greater than the least value of R for any of the systems used in that
same direction.

12.2.4 Combination Framing Detailing Requirements.
Structural members common to different framing systems
used to resist seismic forces in any direction shall be designed
using the detailing requirements of Chapter 12 required by the
highest response modi cation coef cient, R, of the connected
framing systems.

12.2.5 System-Speci ¢ Requirements. The structural framing
system shall also comply with the following system-speci c
requirements of this section.

12.2.5.1 Dual System. For a dual system, the moment frames
shall be capable of resisting at least 25% of the design seismic
forces. The total seismic force resistance is to be provided by the
combination of the moment frames and the shear walls or braced
frames in proportion to their rigidities.

12.2.5.2 Cantilever Column Systems. Cantilever column
systems are permitted as indicated in Table 12.2-1 and as
follows. The required axial strength of individual cantilever
column elements, considering only the load combinations that
include seismic load effects, shall not exceed 15% of the
available axial strength, including slenderness effects.

Foundation and other elements used to provide overturning
resistance at the base of cantilever column elements shall be
designed to resist the seismic load effects, including overstrength
of Section 12.4.3.

12.2.5.3 Inverted Pendulum-Type Structures. Regardless of
the structural system selected, inverted pendulums as de ned in
Section 11.2 shall comply with this section. Supporting columns
or piers of inverted pendulum-type structures shall be designed
for the bending moment calculated at the base determined using
the procedures given in Section 12.8 and varying uniformly to a
moment at the top equal to one-half the calculated bending
moment at the base.

12.2.5.4 Increased Structural Height Limit for Steel
Eccentrically Braced Frames, Steel Special Concentrically
Braced Frames, Steel Buckling-Restrained Braced Frames,
Steel Special Plate Shear Walls, and Special Reinforced
Concrete Shear Walls. The limits on structural height, h,, in
Table 12.2-1 are permitted to be increased from 160 ft (50 m) to
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240 ft (75 m) for structures assigned to Seismic Design
Categories D or E and from 100 ft (30 m) to 160 ft (50 m)
for structures assigned to Seismic Design Category F, provided
that the seismic force-resisting systems are limited to steel
eccentrically braced frames, steel special concentrically braced
frames, steel buckling-restrained braced frames, steel special
plate shear walls, or special reinforced concrete cast-in-place
shear walls and both of the following requirements are met:

1. The structure shall not have an extreme torsional irregu-
larity as de ned in Table 12.3-1 (horizontal structural
irregularity Type 1b).

2. The steel eccentrically braced frames, steel special concen-
trically braced frames, steel buckling-restrained braced
frames, steel special plate shear walls, or special reinforced
cast-in-place concrete shear walls in any one plane shall
resist no more than 60% of the total seismic forces in each
direction, neglecting accidental torsional effects.

12.2.5.5 Special Moment Frames in Structures Assigned to
Seismic Design Categories D through F. For structures assigned
to Seismic Design Categories D, E, or F, where a special moment
frame is required by Table 12.2-1 because of the structural system
limitations, the frame shall be continuous to the base.

A special moment frame that is used but not required by
Table 12.2-1 is permitted to be discontinued above the base and
supported by a more rigid system with a lower response modi -
cation coef cient, R, provided that the requirements of Sec-
tions 12.2.3.1 and 12.3.3.4 are met.

12.2.5.6 Steel Ordinary Moment Frames
12.2.5.6.1 Seismic Design Category D or E

a. Single-story steel ordinary moment frames in structures
assigned to Seismic Design Category D or E are permitted
up to a structural height, h,,, of 65 ft (20 m) where the dead
load supported by and tributary to the roof does not exceed
20 psf (0.96 kN m?). In addition, the dead load of the
exterior walls more than 35 ft (10.6 m) above the base
tributary to the moment frames shall not exceed 20 psf
(0.96 kN m?).

EXCEPTION: Single-story structures with steel or-
dinary moment frames whose purpose is to enclose
equipment or machinery and whose occupants are en-
gaged in maintenance or monitoring of that equipment,
machinery, or their associated processes shall be permit-
ted to be of unlimited height where the sum of the dead
and equipment loads supported by and tributary to the
roof does not exceed 20 psf (0.96 kN m?). In addition,
the dead load of the exterior wall system, including
exterior columns more than 35 ft (10.6 m) above the
base, shall not exceed 20 psf (0.96 kN m?). For deter-
mining compliance with the exterior wall or roof load
limits, the weight of equipment or machinery, including
cranes, not self-supporting for all loads shall be assumed to
be fully tributary to the area of the adjacent exterior wall or
roof not to exceed 600 ft? (55.8 m?), regardless of its height
above the base of the structure.

b. Steel ordinary moment frames in structures assigned to
Seismic Design Category D or E not meeting the limita-
tions set forth in Section 12.2.5.6.1.a are permitted within
light-frame construction up to a structural height, h,, of
35 ft (10.6 m) where neither the roof dead load nor the dead
load of any oor above the base supported by and tributary
to the moment frames exceeds 35 psf (1.68 kN m?). In
addition, the dead load of the exterior walls tributary to the
moment frames shall not exceed 20 psf (0.96 KN m?).
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determined in accordance with Eq. (12.8-6), drifts shall be
multiplied by C,\W V.

12.9.1.5 Horizontal Shear Distribution. The distribution of
horizontal shear shall be in accordance with Section 12.8.4,
except that ampli cation of torsion in accordance with
Section 12.8.4.3 is not required where accidental torsion
effects are included in the dynamic analysis model.

12.9.1.6 P-Delta Effects. The P-delta effects shall be
determined in accordance with Section 12.8.7. The base shear
used to determine the story shears and the story drifts shall be
determined in accordance with Section 12.8.6.

12.9.1.7 Soil-Structure Interaction Reduction. A soil-
structure interaction reduction is permitted where determined
using Chapter 19 or other generally accepted procedures
approved by the authority having jurisdiction.

12.9.1.8 Structural Modeling. A mathematical model of the
structure shall be constructed in accordance with Section 12.7.3,
except that all structures designed in accordance with this section
shall be analyzed using a 3D representation. Where the
diaphragms have not been classi ed as rigid in accordance
with Section 12.3.1, the model shall include representation of
the diaphragm’s stiffness characteristics and additional dynamic
degrees of freedom as required to account for the participation of
the diaphragm in the structure’s dynamic response.

12.9.2 Linear Response History Analysis

12.9.2.1 General Requirements. Linear response history
analysis shall consist of an analysis of a linear mathematical
model of the structure to determine its response through methods
of numerical integration, to suites of spectrally matched
acceleration histories compatible with the design response
spectrum for the site. The analysis shall be performed in
accordance with the requirements of this section.

12.9.2.2 General Modeling Requirements. Three-dimensional
(3D) models of the structure shall be required. Modeling the
distribution of stiffness and mass throughout the structure’s
lateral load-resisting system and diaphragms shall be in
accordance with Section 12.7.3.

12.9.2.2.1 P-Delta Effects. The mathematical model shall in-
clude P-delta effects. Limits on the stability coef cient, , shall
be satis ed in accordance with Section 12.8.7.

12.9.2.2.2 Accidental Torsion. Accidental torsion, where re-
quired by Section 12.8.4.2, shall be included by offsetting the
center of mass in each direction (i.e., plus or minus) from its
expected location by a distance equal to 5% of the horizontal
dimension of the structure at the given oor measured perpen-
dicular to the direction of loading. Ampli cation of accidental
torsion in accordance with Section 12.8.4.3 is not required.

12.9.2.2.3 Foundation Modeling. Where foundation exibility
is included in the analysis, modeling of the foundation shall be in
accordance with Section 12.13.3.

12.9.2.2.4 Number of Modes to Include in Modal Response
History Analysis. Where the modal response history analysis
procedure is used, the number of modes to include in the analysis
shall be in accordance with Section 12.9.1.1.

12.9.2.2.5 Damping. Linear viscous damping shall not exceed
5% critical for any mode with a vibration period greater than or
equal to Tgper-

12.9.2.3 Ground Motion Selection and Modi cation. Ground
acceleration histories used for analysis shall consist of a suite of

no fewer than three pairs of spectrally matched orthogonal
components derived from arti cial or recorded ground motion
events. The target response spectrum for each spectrally matched
set shall be developed in accordance with Sections 11.4.6 or 21.3,
as applicable.

12.9.2.3.1 Procedure for Spectrum Matching. Each component
of ground motion shall be spectrally matched over the period
range 0.8T jgyer 10 1.2T . Over the same period range and in
each direction of response, the average of the 5% damped
pseudoacceleration ordinates computed using the spectrum-
matched records shall not fall above or below the target spectrum
by more than 10% in each direction of response.

12.9.2.4 Application of Ground Acceleration Histories. Two
orthogonal directions of response, designated as X and Y, shall be
selected and used for all response history analysis. Ground
motions shall be applied independently in the X and Y directions.

12.9.2.5 Modi cation of Response for Design

12.9.2.5.1 Determination of Maximum Elastic and Inelastic
Base Shear. For each ground motion analyzed, a maximum
elastic base shear, designated as Vgx and Vgy in the X and Y
directions, respectively, shall be determined. The mathematical
model used for computing the maximum elastic base shear shall
not include accidental torsion.

For each ground motion analyzed, a maximum inelastic base
shear, designated as V,x and V,y in the X and Y directions,
respectively, shall be determined as follows:

Vix = V;XIe (12.9-1)
X
Veyl
V= ;Y e (12.9-2)
Y

where I, is the Importance Factor and Ry and Ry are the response
modi cations coef cients for the X and Y directions,
respectively.

12.9.2.5.2 Determination of Base Shear Scale Factor. Design
base shears, Vy, and Vy, shall be computed in the X and Y
directions, respectively, in accordance with Section 12.8.1. For
each ground motion analyzed, base shear scale factors in each
direction of response shall be determined as follows:

Vv
K== 10 (12.9-3)
Vix
Vy
=" 10 (12.9-4)
VIY

12.9.2.5.3 Determination of Combined Force Response. For
each direction of response and for each ground motion analyzed,
the combined force response shall be determined as follows:

a. The combined force response in the X direction shall be
determined asl, x Ry timesthe computed elastic response
in the X direction using the mathematical model with
accidental torsion (where required) plus I, v Ry times the
computed elastic response in the Y direction using the
mathematical model without accidental torsion.

b. The combined force response in the Y direction shall be
determined asl, y Ry times the computed elastic response
in the Y direction using the mathematical model with
accidental torsion (where required), plus I, x Ry times
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the computed elastic response in the X direction using the
mathematical model without accidental torsion.

12.9.2.5.4 Determination of Combined Displacement Response.
Response modi cation factors C4¢ and Cyy shall be assigned in
the X and Y directions, respectively. For each direction of
response and for each ground motion analyzed, the combined
displacement responses shall be determined as follows:

a. The combined displacement response in the X direction
shall be determined as yCyx Ry times the computed
elastic response in the X direction using the mathematical
model with accidental torsion (where required), plus
vCqvy Ry times the computed elastic response in the Y
direction using the mathematical model without accidental
torsion.

b. The combined displacement response in the Y direction
shall be determined as yCy4y Ry times the computed
elastic response in the Y direction using the mathematical
model with accidental torsion (where required), plus

«Cax Ry times the computed elastic response in the X
direction using the mathematical model without accidental
torsion.

EXCEPTION: Where the design base shear in the given
direction is not controlled by Eq. (12.8-6), the factors y or v, as
applicable, are permitted to be taken as 1.0 for the purpose of
determining combined displacements.

12.9.2.6 Enveloping of Force Response Quantities. Design
force response quantities shall be taken as the envelope of the
combined force response quantities computed in both orthogonal
directions and for all ground motions considered. Where
force interaction effects are considered, demand to capacity
ratios are permitted to be enveloped in lieu of individual force
guantities.

12.9.2.7 Enveloping of Displacement Response
Quantities. Story drift quantities shall be determined for each
ground motion analyzed and in each direction of response
using the combined displacement responses de ned in
Section 12.9.2.5.4. For the purpose of complying with the
drift limits speci ed in Section 12.12, the envelope of story
drifts computed in both orthogonal directions and for all ground
motions analyzed shall be used.

12.10 DIAPHRAGMS, CHORDS, AND COLLECTORS

Diaphragms, chords, and collectors shall be designed in accor-
dance with Sections 12.10.1 and 12.10.2.

EXCEPTIONS:

1. Precast concrete diaphragms, including chords and collec-
tors in structures assigned to Seismic Design Categories C,
D, E, or F, shall be designed in accordance with
Section 12.10.3.

2. Precast concrete diaphragms in Seismic Design Category
B, cast-in-place concrete diaphragms, and wood-sheathed
diaphragms supported by wood diaphragm framing are
permitted to be designed in accordance with
Section 12.10.3.

12.10.1 Diaphragm Design. Diaphragms shall be designed for
both the shear and bending stresses resulting from design forces.
At diaphragm discontinuities, such as openings and reentrant
corners, the design shall ensure that the dissipation or transfer of
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edge (chord) forces combined with other forces in the diaphragm
is within shear and tension capacity of the diaphragm.

12.10.1.1 Diaphragm Design Forces. Floor and roof
diaphragms shall be designed to resist design seismic forces
from the structural analysis but shall not be less than that
determined in accordance with Eq. (12.10-1) as follows:

(12.10-1)

where

Fox = the diaphragm design force at level x;

F; =the design force applied to level i;

w; = the weight tributary to level i; and
Wy = the weight tributary to the diaphragm at level x.

The force determined from Eq. (12.10-1) shall not be less than

Fox = 0.25ps | eWiy (12.10-2)

The force determined from Eq. (12.10-1) need not exceed

Fox = 0.45pg1 (Wi, (12.10-3)

All diaphragms shall be designed for the inertial forces deter-
mined from Egs. (12.10-1) through (12.10-3) and for all appli-
cable transfer forces. For structures that have a horizontal
structural irregularity of Type 4 in Table 12.3-1, the transfer
forces from the vertical seismic force-resisting elements above
the diaphragm to other vertical seismic force-resisting elements
below the diaphragm shall be increased by the overstrength
factor of Section 12.4.3 before being added to the diaphragm
inertial forces. For structures that have horizontal or vertical
structural irregularities of the types indicated in Section 12.3.3.4,
the requirements of that section shall also apply.

EXCEPTION: One- and two-family dwellings of light-frame
construction shall be permitted to use ,=1.0.

12.10.2 Collector Elements. Collector elements shall be
provided that are capable of transferring the seismic forces
originating in other portions of the structure to the element
providing the resistance to those forces.

12.10.2.1 Collector Elements Requiring Load Combinations
Including Overstrength for Seismic Design Categories C
through F. In structures assigned to Seismic Design Category
C, D, E, or F, collector elements (Fig. 12.10-1) and their

g FULL LENGTH SHEAR WALL
| (NO COLLECTOR REQUIRED)

SHEAR WALL AT |}

STAIRWELL :
COLLECTOR ELEMENT TO
TRANSFER FORCE BETWEEN

] DIAPHRAGM AND SHEARWALL

e
i

FIGURE 12.10-1 Collectors
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connections, including connections to vertical elements, shall be
designed to resist the maximum of the following:

1. Forces calculated using the seismic load effects including
overstrength of Section 12.4.3 with seismic forces deter-
mined by the equivalent lateral force procedure of
Section 12.8 or the modal response spectrum analysis
procedure of Section 12.9.1;

2. Forces calculated using the seismic load effects including
overstrength of Section 12.4.3 with seismic forces deter-
mined by Eq. (12.10-1); and

3. Forces calculated using the load combinations of Sec-
tion 2.3.6 with seismic forces determined by Eq. (12.10-2).

Transfer forces as described in Section 12.10.1.1 shall be
considered.

EXCEPTION:

1. In structures or portions thereof braced entirely by wood
light-frame shear walls, collector elements and their con-
nections, including connections to vertical elements, need
only be designed to resist forces using the load combina-
tions of Section 2.3.6 with seismic forces determined in
accordance with Section 12.10.1.1.

12.10.3 Alternative Design Provisions for Diaphragms,
Including Chords and Collectors. Where required or
permitted in Section 12.10, diaphragms, including chords and
collectors, shall be designed using the provisions in
Section 12.10.3.1 through 12.10.3.5 and the following:

1. Footnote b to Table 12.2-1 shall not apply.

2. Section 12.3.3.4 shall not apply.

3. Section 12.3.4.1, Item 5, shall be replaced with the follow-
ing: “Design of diaphragms, including chords, collectors,
and their connections to the vertical elements” are used.

4. Section 12.3.4.1, Item 7, shall not apply.

12.10.3.1 Design. Diaphragms, including chords, collectors,
and their connections to the vertical elements, shall be
designed in two orthogonal directions to resist the in-plane
design seismic forces determined in Section 12.10.3.2.
Collectors shall be provided that are capable of transferring
the seismic forces originating in other portions of the structure
to the vertical elements providing the resistance to those forces.
Design shall provide for transfer of forces at diaphragm
discontinuities, such as openings and reentrant corners.

12.10.3.2 Seismic Design Forces for Diaphragms, Including
Chords and Collectors. Diaphragms, including chords, collectors,
and their connections to the vertical elements, shall be designed to
resist in-plane seismic design forces given by Eq. (12.10-4):

C
Fox = —= Wpy

R (12.10-4)

The force Fy determined from Eq. (12.10-4) shall not be less
than:

Fox = 0.2Spg1 Wiy (12.10-5)

Cpx shall be determined as illustrated in Fig. 12.10-2.

12.10.3.2.1 Design Acceleration Coef cients Cy, Cp;, and Cy,.
Design acceleration coef cients Cpy and C,, shall be calculated
by Egs. (12.10-6) and (12.10-7):

<1 < 1
= <
0.8
N<2 N>3
0 .
0 00

FIGURE 12.10-2 Calculating the Design Acceleration Coef cient
Cpx in Buildings with N 2 and in Buildings with N 3

Cpo =0.45ps] (12.10-6)

and

q

Con= 0 m oCsP?P 8 CeP? Cyi (12.10-7)

Design acceleration coef cient C; shall be the greater of
values given by Egs. (12.10-8) and (12.10-9):

C,i=0.8Cy0 (12.10-8)

Cpi=0.9 1 oCs (12.10-9)
where q is the overstrength factor given in Table 12.2-1, C, is
determined in accordance with Section 12.8 or 12.9, and Cy, shall
be the smallest of values calculated from Egs. (12.10-10), (12.10-
11), and (12.10-12):

Cs, =80.15N | 0.25b1,Sps (12.10-10)

Cs2=leSps (12.10-11)

ForN 2 Cgu= _leSor (12.10-12a)
0.035N 1p

For N=1 Cu=0 (12.10-12b)

The modal contribution factors ; and |, in Eqg. (12.10-7)
shall be calculated from Egs. (12.10-13) and (12.10-14):

1
m=1p3 1 & (12.10-13)
and
1 2
m2 = O.QZS 1 N (1210'14)
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where the mode shape factor zg is to be taken as

* 0.3 for buildings designed with buckling restrained braced
frame systems de ned in Table 12.2-1, or

» 0.7 for buildings designed with moment-resisting frame
systems de ned in Table 12.2-1, or

 0.85 for buildings designed with dual systems de ned in
Table 12.2-1 with special or intermediate moment frames
capable of resisting at least 25% of the prescribed seismic
forces, or

* 1.0 for buildings designed with all other seismic force-
resisting systems.

12.10.3.3 Transfer Forces in Diaphragms. All diaphragms
shall be designed for the inertial forces determined from
Egs. (12.10-4) and (12.10-5) and for all applicable transfer
forces. For structures that have a horizontal structural
irregularity of Type 4 in Table 12.3-1, the transfer forces
from the vertical seismic force-resisting elements above the
diaphragm to other vertical seismic force-resisting elements
below the diaphragm shall be increased by the overstrength
factor of Section 12.4.3 before being added to the diaphragm
inertial forces. For structures that have other horizontal or
vertical structural irregularities of the types indicated in
Section 12.3.3.4, the requirements of that section shall apply.

EXCEPTION: One- and two-family dwellings of light-frame
construction shall be permitted to use =1.0.

12.10.3.4 Collectors—Seismic Design Categories C through
F. In structures assigned to Seismic Design Category C, D, E, or
F, collectors and their connections, including connections to
vertical elements, shall be designed to resist 1.5 times the
diaphragm inertial forces from Section 12.10.3.2 plus 1.5
times the design transfer forces.

EXCEPTIONS:

1. Any transfer force increased by the overstrength factor of
Section 12.4.3 need not be further ampli ed by 1.5.

2. For moment frame and braced frame systems, collector
forces need not exceed the lateral strength of the corre-
sponding frame line below the collector, considering only
the moment frames or braced frames. In addition, dia-
phragm design forces need not exceed the forces corre-
sponding to the collector forces so determined.

3. In structures or portions thereof braced entirely by light-
frame shear walls, collector elements and their connections,
including connections to vertical elements, need only be
designed to resist the diaphragm seismic design forces
without the 1.5 multiplier.

12.10.3.5 Diaphragm Design Force Reduction Factor. The
diaphragm design force reduction factor, R, shall be determined
in accordance with Table 12.10-1.

12.11 STRUCTURAL WALLS AND THEIR
ANCHORAGE

12.11.1 Design for Out-of-Plane Forces. Structural walls shall
be designed for a force normal to the surface equal to
Fp=0.45pgl, times the weight of the structural wall with a
minimum force of 10% of the weight of the structural wall.

12.11.2 Anchorage of Structural Walls and Transfer of
Design Forces into Diaphragms or Other Supporting
Structural Elements
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Table 12.10-1 Diaphragm Design Force Reduction Factor, Rg

Diaphragm System Shear-Controlled  Flexure-Controlled

Cast-in-place — 15 2
concrete
designed in
accordance with
Section 14.2 and

ACI 318

Precast concrete EDO? 0.7 0.7
designed in BDOP 1.0 1.0
accordance with RDO° 1.4 1.4
Section 14.2.4
and ACI 318

Wood sheathed — 3.0 NA
designed in

accordance with
Section 14.5 and
AWC SDPWS-15

2EDO is precast concrete diaphragm elastic design option.
PBDO s precast concrete diaphragm basic design option.
°RDO is precast concrete diaphragm reduced design option.

12.11.2.1 Wall Anchorage Forces. The anchorage of structural
walls to supporting construction shall provide a direct connection
capable of resisting the following:

Fp=0.4Spskal W,y (12.11-1)
Fp shall not be taken as less than 0.2k,1.W,,.
|<—10|oLf (12.11-2)
a1 100 '

ka need not be taken as larger than 2.0.
k, need not be taken as larger than 1.0 when the connection is not
at a exible diaphragm.

where

Fo =the design force in the individual anchors;

Sps = the design spectral response acceleration parameter at short
periods per Section 11.4.5;

I, =the Importance Factor determined in accordance with
Section 11.5.1;

k, =ampli cation factor for diaphragm exibility;

Ls =the span, in feet, of a exible diaphragm that provides the
lateral support for the wall; the span is measured between
vertical elements that provide lateral support to the dia-
phragm in the direction considered; use zero for rigid
diaphragms; and

W, = the weight of the wall tributary to the anchor.

Where the anchorage is not located at the roof and all diaphragms
are not exible, the value from Eq. (12.11-1) is permitted to be
multiplied by the factor d1 p 2z hp 3, where z is the height of
the anchor above the base of the structure and h is the height of
the roof above the base; however, F, shall not be less than
required by Section 12.11.2 with a minimum anchorage force of
F,=0.2W,.

Structural walls shall be designed to resist bending between
anchors where the anchor spacing exceeds 4 ft (1,219 mm).
Interconnection of structural wall elements and connections to
supporting framing systems shall have suf cient strength,
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rotational capacity, and ductility to resist shrinkage, thermal
changes, and differential foundation settlement when combined
with seismic forces.

12.11.2.2 Additional Requirements for Anchorage of Concrete
or Masonry Structural Walls to Diaphragms in Structures
Assigned to Seismic Design Categories C through F

12.11.2.2.1 Transfer of Anchorage Forces into Diaphragm.
Diaphragms shall be provided with continuous ties or struts
between diaphragm chords to distribute these anchorage forces
into the diaphragms. Diaphragm connections shall be positive,
mechanical, or welded. Added chords are permitted to be used to
form subdiaphragms to transmit the anchorage forces to the main
continuous crossties. The maximum length-to-width ratio of
structural subdiaphragms that serve as part of the continuous
tie system shall be 2.5 to 1. Connections and anchorages capable
of resisting the prescribed forces shall be provided between the
diaphragm and the attached components. Connections shall
extend into the diaphragm a suf cient distance to develop the
force transferred into the diaphragm.

12.11.2.2.2 Steel Elements of Structural Wall Anchorage Sys-
tem. The strength design forces for steel elements of the struc-
tural wall anchorage system, with the exception of anchor bolts
and reinforcing steel, shall be increased by 1.4 times the forces
otherwise required by this section.

12.11.2.2.3 Wood Diaphragms. The anchorage of concrete or
masonry structural walls to wood diaphragms shall be in accor-
dance with AWC SDPWS 4.1.5.1 and this section. Continuous
ties required by this section shall be in addition to the diaphragm
sheathing. Anchorage shall not be accomplished by use of
toenails or nails subject to withdrawal, nor shall wood ledgers
or framing be used in cross-grain bending or cross-grain tension.
The diaphragm sheathing shall not be considered effective for
providing the ties or struts required by this section.

12.11.2.2.4 Metal Deck Diaphragms. In metal deck diaphragms,
the metal deck shall not be used as the continuous ties required by
this section in the direction perpendicular to the deck span.

12.11.2.2.5 Embedded Straps. Diaphragm to structural wall
anchorage using embedded straps shall be attached to, or hooked
around, the reinforcing steel or otherwise terminated so as to
effectively transfer forces to the reinforcing steel.

12.11.2.2.6 Eccentrically Loaded Anchorage System. Where
elements of the wall anchorage system are loaded eccentrically
or are not perpendicular to the wall, the system shall be designed
to resist all components of the forces induced by the eccentricity.

12.11.2.2.7 Walls with Pilasters. Where pilasters are present in
the wall, the anchorage force at the pilasters shall be calculated
considering the additional load transferred from the wall panels
to the pilasters. However, the minimum anchorage force ata oor
or roof shall not be reduced.

12.12 DRIFT AND DEFORMATION

12.12.1 Story Drift Limit. The design story drift ( ) as
determined in Sections 12.8.6, 12.9.1, or 12.9.2 shall not
exceed the allowable story drift ( ,) as obtained from
Table 12.12-1 for any story.

12.12.1.1 Moment Frames in Structures Assigned to Seismic
Design Categories D through F. For seismic force-resisting
systems solely comprising moment frames in structures assigned
to Seismic Design Categories D, E, or F, the design story drift ( )
shall not exceed , for any story. shall be determined in
accordance with Section 12.3.4.2.

12.12.2 Diaphragm De ection. The de ection in the plane of
the diaphragm, as determined by engineering analysis, shall not
exceed the permissible de ection of the attached elements.
Permissible de ection shall be that de ection that will permit
the attached element to maintain its structural integrity under the
individual loading and continue to support the prescribed loads.

12.12.3 Structural Separation. All portions of the structure
shall be designed and constructed to act as an integral unit in
resisting seismic forces unless separated structurally by a distance
suf cient to avoid damaging contact as set forth in this section.

Separations shall allow for the maximum inelastic response
displacement ( ). u shall be determined at critical locations
with consideration for translational and torsional displacements
of the structure including torsional ampli cations, where appli-
cable, using the following equation:

M= Cd_max (12.12-1)

le

where . = maximum elastic displacement at the critical location.

Table 12.12-1 Allowable Story Drift, ,P

Risk Category

Structure 1 v
Structures, other than masonry shear wall structures, four stories 0.025h,,° 0.020hg, 0.015hg,
or less above the base as de ned in Section 11.2, with interior
walls, partitions, ceilings, and exterior wall systems that have
been designed to accommodate the story drifts
Masonry cantilever shear wall structures® 0.010hg, 0.010hg, 0.010hg,
Other masonry shear wall structures 0.007hgy 0.007hgy 0.007hgy
All other structures 0.020hg, 0.015hg, 0.010h,,

h,, is the story height below level x.

PFor seismic force-resisting systems solely comprising moment frames in Seismic Design Categories D, E, and F, the allowable story drift shall comply with the

requirements of Section 12.12.1.1.

“There shall be no drift limit for single-story structures with interior walls, partitions, ceilings, and exterior wall systems that have been designed to accommodate
the story drifts. The structure separation requirement of Section 12.12.3 is not waived.

dStructures in which the basic structural system consists of masonry shear walls designed as vertical elements cantilevered from their base or foundation support
that are so constructed that moment transfer between shear walls (coupling) is negligible.
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Adjacent structures on the same property shall be separated by
at least 7, determined as follows:

q
mr= 0 mPP P8 wob?

where \; and , are the maximum inelastic response dis-
placements of the adjacent structures at their adjacent edges.

Where a structure adjoins a property line not common to a
public way, the structure shall be set back from the property line
by at least the displacement , of that structure.

(12.12-2)

EXCEPTION: Smaller separations or property line setbacks
are permitted where justi ed by rational analysis based on
inelastic response to design ground motions.

12.12.4 Members Spanning between Structures. Gravity
connections or supports for members spanning between
structures or seismically separate portions of structures shall
be designed for the maximum anticipated relative
displacements. These displacements shall be calculated as
follows:

1. Using the de ection calculated at the locations of support,
per Eq. (12.8-15) multiplied by 1.5R Cy,

2. Considering additional de ection caused by diaphragm
rotation including the torsional ampli cation factor calcu-
lated per Section 12.8.4.3 where either structure is torsion-
ally irregular,

3. Considering diaphragm deformations, and

4. Assuming that the two structures are moving in opposite
directions and using the absolute sum of the displacements.

12.12.5 Deformation Compatibility for Seismic Design
Categories D through F. For structures assigned to Seismic
Design Category D, E, or F, every structural component not
included in the seismic force-resisting system in the direction
under consideration shall be designed to be adequate for the
gravity load effects and the seismic forces resulting from
displacement caused by the design story drift () as
determined in accordance with Section 12.8.6 (see also
Section 12.12.1).

EXCEPTION: Reinforced concrete frame members not
designed as part of the seismic force-resisting system shall
comply with Section 18.14 of ACI 318.

Where determining the moments and shears induced in com-
ponents that are not included in the seismic force-resisting system
in the direction under consideration, the stiffening effects of
adjoining rigid structural and nonstructural elements shall be
considered, and a rational value of member and restraint stiffness
shall be used.

12.13 FOUNDATION DESIGN

12.13.1 Design Basis. The design basis for foundations shall be
as set forth in Section 12.1.5.

12.13.2 Materials of Construction. Materials used for the
design and construction of foundations shall comply with the
requirements of Chapter 14 and the additional requirements of
Section 12.13.9 for foundations on lique able sites. Design
and detailing of steel piles shall comply with Section 14.1.8
and the additional requirements for Section 12.13.9 where
applicable. Design and detailing of concrete piles shall
comply with Section 14.2.3 and the additional requirements
for Section 12.13.9 where applicable.
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12.13.3 Foundation Load-Deformation Characteristics.

Where foundation exibility is included for the linear analysis
procedures in Chapter 12, the load-deformation characteristics
of the foundation—soil system shall be modeled in accordance
with the requirements of this section. The linear load-
deformation behavior of foundations shall be represented by
an equivalent linear stiffness using soil properties that are
compatible with the soil strain levels associated with the
design earthquake motion. The strain-compatible shear modulus,
G, and the associated strain-compatible shear wave velocity, vs,
needed for the evaluation of equivalent linear stiffness shall be
determined using the criteria in Chapter 19 or based on a site-
speci ¢ study. A 50% increase and decrease in stiffness shall
be incorporated in dynamic analyses unless smaller variations
can be justi ed based on eld measurements of dynamic soil
properties or direct measurements of dynamic foundation
stiffness. The largest values of response shall be used in design.

12.13.4 Reduction of Foundation Overturning. Overturning
effects at the soil-foundation interface are permitted to be
reduced by 25% for foundations of structures that satisfy both
of the following conditions:

a. The structure is designed in accordance with the equivalent
lateral force analysis as set forth in Section 12.8, and

b. The structure is not an inverted pendulum or cantilevered
column type structure.

Overturning effects at the soil-foundation interface are per-
mitted to be reduced by 10% for foundations of structures
designed in accordance with the modal analysis requirements
of Section 12.9.

12.13.5 Strength Design for Foundation Geotechnical
Capacity. Where basic combinations for strength design
listed in Chapter 2 are used, combinations that include
earthquake loads, E, are permitted to include reduction of
foundation overturning effects de ned in Section 12.13.4. The
following sections shall apply for determination of the applicable
nominal strengths and resistance factors at the soil-foundation
interface.

12.13.5.1 Nominal Strength. The nominal foundation
geotechnical capacity, Qps, shall be determined using any of
the following methods:

1. presumptive load-bearing values,

2. by a registered design professional based on geotechnical
site investigations that include eld and laboratory testing
to determine soil classi cation and as-required active,
passive, and at-rest soil strength parameters, or

3. by in situ testing of prototype foundations.

For structures that are supported on more than one foundation,
the method used to determine the nominal strength of all
foundations shall be the same. Nominal strength values are
permitted to be based on either a limitation of maximum expected
foundation deformation, or by the nominal strength that is
associated with an anticipated failure mechanism.

12.13.5.1.1 Soil Strength Parameters. For competent soils that
do not undergo strength degradation under seismic loading,
strength parameters for static loading conditions shall be used
to compute nominal foundation geotechnical capacities for seis-
mic design unless increased seismic strength values based on site
conditions are provided by a registered design professional. For
sensitive cohesive soils or saturated cohesionless soils, the
potential for earthquake-induced strength degradation shall be

STANDARD 7-16



considered. Nominal foundation geotechnical capacities for ver-
tical, lateral, and rocking loading shall be determined using
accepted foundation design procedures and principles of plastic
analysis, and shall be best-estimate values using soil properties
that are representative average values.

Total resistance to lateral loads is permitted to be determined
by taking the sum of the values derived from lateral bearing
pressure plus horizontal sliding resistance (from some combina-
tion of friction and cohesion).

1. Lateral sliding resistance from friction shall be limited to
sand, silty sand, clayey sand, silty gravel, and clayey gravel
soils (SW, SP, SM, SC, GM and GC), and rock. Lateral
sliding resistance from friction shall be calculated as the
most unfavorable dead load factor multiplied by dead load,
D, and multiplied by a coef cient of friction.

2. Lateral sliding resistance from cohesion shall be limited to
clay, sandy clay, clayey silt, silt, and sandy silt (CL, ML,
SC, and SM). Lateral sliding resistance from cohesion shall
be calculated as the contact area multiplied by the cohesion.

3. Horizontal friction sliding resistance and cohesion sliding
resistance shall be taken as zero for areas of foundations
supported by piles.

Where presumptive load bearing values for supporting soils are
used to determine nominal soil strengths, organic silt, organic
clays, peat, or nonengineered Il shall not be assumed to have a
presumptive load capacity.

12.13.5.2 Resistance  Factors. The  resistance  factors
prescribed in this section shall be used for vertical, lateral,
and rocking resistance of all foundation types. Nominal
foundation geotechnical capacities, Q,s, shall be multiplied by
the resistance factors () shown in Table 12.13-1. Alternatively,
a vertical resistance factor, =0.80 is permitted to be used when
the nominal strength (upward or downward) is determined by in -
situ testing of prototype foundations, based on a test program that
is approved by the authority having jurisdiction.

12.13.5.3 Acceptance Criteria. For linear seismic analysis
procedures in accordance with Sections 12.8 and 12.9, factored
loads, including reductions permitted in Section 12.13.4, shall not
exceed foundation design strengths,  Qps.

12.13.6 Allowable Stress Design for  Foundation
Geotechnical Capacity. Where basic combinations for
allowable stress design listed in Section 12.4 are used for
design, combinations that include earthquake loads, E, are
permitted to include reduction of foundation overturning
effects de ned in Section 12.13.4. Allowable foundation load
capacities, Q,s, shall be determined using allowable stresses in
geotechnical materials that have been determined by

Table 12.13-1 Resistance Factors for Strength Design of Soil-
Foundation Interface

Direction and Type of Resistance Resistance Factors,

Vertical Resistance

Compression (bearing) strength 0.45

Pile friction (either upward or 0.45
downward)

Lateral Resistance

Lateral bearing pressure 0.5

Sliding (by either friction or cohesion) 0.85

geotechnical investigations required by the Authority Having
Jurisdiction (AHJ).

12.13.7 Requirements for Structures Assigned to Seismic
Design Category C. In addition to the requirements of
Section 11.8.2, the following foundation design requirements
shall apply to structures assigned to Seismic Design Category C.

12.13.7.1 Pole-Type Structures. Where construction using
posts or poles as columns embedded in earth or embedded in
concrete footings in the earth is used to resist lateral loads, the
depth of embedment required for posts or poles to resist seismic
forces shall be determined by means of the design criteria
established in the foundation investigation report.

12.13.7.2 Foundation Ties. Individual pile caps, drilled piers,
or caissons shall be interconnected by ties. All ties shall have a
design strength in tension or compression at least equal to a force
equal to 10% of Spg times the larger pile cap or column factored
dead plus factored live load unless it is demonstrated that
equivalent restraint will be provided by reinforced concrete
beams within slabs on grade or reinforced concrete slabs on
grade or con nement by competent rock, hard cohesive soils,
very dense granular soils, or other approved means.

12.13.7.3 Pile Anchorage Requirements. In addition to the
requirements of Section 14.2.3.1, anchorage of piles shall
comply with this section. Where required for resistance to
uplift forces, anchorage of steel pipe [round hollow structure
steel (HSS) sections], concrete- lled steel pipe, or H piles to the
pile cap shall be made by means other than concrete bond to the
bare steel section.

EXCEPTION: Anchorage of concrete- lled steel pipe piles is
permitted to be accomplished using deformed bars developed
into the concrete portion of the pile.

12.13.8 Requirements for Structures Assigned to Seismic
Design Categories D through F. In addition to the
requirements of Sections 11.8.2, 11.8.3, 14.1.8, and 14.2.3.2,
the following foundation design requirements shall apply to
structures assigned to Seismic Design Category D, E, or F.
Design and construction of concrete foundation elements shall
conform to the requirements of ACI 318, Section 18.9, except as
modi ed by the requirements of this section.

EXCEPTION: Detached one- and two-family dwellings of
light-frame construction not exceeding two stories above grade
plane need only comply with the requirements for Sec-
tions 11.8.2, 11.8.3 (items 2 through 4), 12.13.2, and 12.13.7.

12.13.8.1 Pole-Type Structures. Where construction using
posts or poles as columns embedded in earth or embedded in
concrete footings in the earth is used to resist lateral loads, the
depth of embedment required for posts or poles to resist seismic
forces shall be determined by means of the design criteria
established in the foundation investigation report.

12.13.8.2 Foundation Ties. Individual pile caps, drilled piers,
or caissons shall be interconnected by ties. In addition, individual
spread footings founded on soil de ned in Chapter 20 as Site
Class E or F shall be interconnected by ties. All ties shall have a
design strength in tension or compression at least equal to a force
equal to 10% of Spg times the larger pile cap or column factored
dead plus factored live load unless it is demonstrated that
equivalent restraint is provided by reinforced concrete beams
within slabs on grade or reinforced concrete slabs on grade or
con nement by competent rock, hard cohesive soils, very dense
granular soils, or other approved means.
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12.13.8.3 General Pile Design Requirement. Piling shall be
designed and constructed to withstand deformations from
earthquake ground motions and structure  response.
Deformations shall include both free- eld soil strains (without
the structure) and deformations induced by lateral pile resistance
to structure seismic forces, all as modi ed by soil-pile
interaction.

12.13.8.4 Batter Piles. Batter piles and their connections shall
be capable of resisting forces and moments from the load
combinations including overstrength from Chapter 2 or
Section 12.14.3.2.3. Where vertical and batter piles act jointly
to resist foundation forces as a group, these forces shall be
distributed to the individual piles in accordance with their
relative horizontal and vertical rigidities and the geometric
distribution of the piles within the group.

12.13.8.5 Pile Anchorage Requirements. In addition to the
requirements of Section 12.13.7.3, anchorage of piles shall
comply with this section. Design of anchorage of piles into the
pile cap shall consider the combined effect of axial forces because
of uplift and bending moments caused by xity to the pile cap. For
piles required to resist uplift forces or provide rotational restraint,
anchorage into the pile cap shall comply with the following:

1. In the case of uplift, the anchorage shall be capable of
developing the least of the nominal tensile strength of the
longitudinal reinforcement in a concrete pile, the nominal
tensile strength of a steel pile, and 1.3 times the pile pullout
resistance, or shall be designed to resist the axial tension
force resulting from the seismic load effects including
overstrength of Section 12.4.3 or 12.14.3.2. The pile
pullout resistance shall be taken as the ultimate frictional
or adhesive force that can be developed between the soil
and the pile plus the pile weight.

2. In the case of rotational restraint, the anchorage shall be
designed to resist the axial and shear forces and moments
resulting from the seismic load effects including over-
strength of Section 12.4.3 or 12.14.3.2 or shall be capable
of developing the full axial, bending, and shear nominal
strength of the pile.

12.13.8.6 Splices of Pile Segments. Splices of pile segments
shall develop the nominal strength of the pile section.

EXCEPTION: Splices designed to resist the axial and shear
forces and moments from the seismic load effects including
overstrength of Section 12.4.3 or 12.14.3.2.

12.13.8.7 Pile-Soil Interaction. Pile moments, shears, and

lateral de ections used for design shall be established

considering the interaction of the shaft and soil. Where the ratio

of the depth of embedment of the pile to the pile diameter or width

is less than or equal to 6, the pile is permitted to be assumed to be
exurally rigid with respect to the soil.

12.13.8.8 Pile Group Effects. Pile group effects from soil on
lateral pile nominal strength shall be included where pile center-
to-center spacing in the direction of lateral force is less than eight
pile diameters or widths. Pile group effects on vertical nominal
strength shall be included where pile center-to-center spacing is
less than three pile diameters or widths.

12.13.9 Requirements for Foundations on Lique able
Sites. Where the geotechnical investigation report required in
Section 11.8 identi es the potential for soil strength loss caused
by liquefaction in MCEg earthquake motions, structures shall be
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Table 12.13-2 Upper Limit on Lateral Spreading Horizontal Ground
Displacement for Shallow Foundations Beyond Which Deep
Foundations Are Required

Risk Category lorll 1] \Y

Limit (in. (mm)) 18 (455) 12 (305) 4 (100)

designed to accommodate the effects of liquefaction in
accordance with the requirements of Sections 12.13.9.1
through 12.13.9.3. Such structures shall also be designed to
resist the seismic load effects of Section 12.4, presuming
liquefaction does not occur.

EXCEPTION: Structures on shallow foundations need not be
designed for the requirements of this section where the geotech-
nical investigation report indicates that there is negligible risk of
lateral spreading, no bearing capacity loss, and differential
settlements of site soils or improved site soils do not exceed
one-fourth of the differential settlement threshold speci ed in
Table 12.3-3.

Where the geotechnical investigation report indicates the
potential for ow failure, the provisions of Section 12.13.9 are
not applicable and the condition shall be mitigated.

12.13.9.1 Foundation Design. Foundations shall be designed
to support gravity and design earthquake loads, as indicated in
the basic load combinations of Section 12.4, using the reduced
soil bearing capacity, as indicated in the geotechnical
investigation report, considering the effects of liquefaction
caused by MCE; earthquake motions. The anticipated lateral
spreading, differential settlement values, and foundation design
shall be permitted to include the mitigating effects of any planned
ground improvements for the site.

12.13.9.2 Shallow Foundations. Building structures shall be
permitted to be supported on shallow foundations provided that
the foundations are designed and detailed in accordance with
Section 12.13.9.2.1 and the conditions provided in items (a) and
(b) of Section 12.13.9.2 are met.

a. The geotechnical investigation report indicates that perma-
nent horizontal ground displacement induced by lateral
spreading associated with MCEg earthquake motions does
not exceed the value in Table 12.13-2.

b. The foundation and superstructure are designed to accom-
modate differential settlements caused by liquefaction
without loss of the ability to support gravity loads. For
structures assigned to Risk Category Il or I, residual
strength of members and connections shall not be less
than 67% of the undamaged nominal strength, considering
the nonlinear behavior of the structure or, alternatively,
demands on all members and connections shall not exceed
the element’s nominal strength when subjected to differ-
ential settlements. For structures assigned to Risk Category
IV, demands on all members and connections shall not
exceed the element’s nominal strength when subjected to
differential settlements.

EXCEPTION: Where the geotechnical investigation report
indicates that the differential settlement over a de ned length, L,
does not exceed the differential settlement threshold speci ed in
Table 12.13-3, explicit design beyond the requirements of Sec-
tion 12.13.9.2.1 to accommodate differential settlements is not
required.
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Table 12.13-3 Differential Settlement Threshold

Risk Category

Structure Type lorll 1] v

Single-story structures with concrete or  0.0075L  0.005L 0.002L
masonry wall systems

Other single-story structures 0.015L 0.010L 0.002L

Multistory structures with concrete or 0.005L 0.003L 0.002L
masonry wall systems

Other multistory structures 0.010L 0.006L 0.002L

12.13.9.2.1 Shallow Foundation Design Shallow foundations
shall satisfy the design and detailing requirements of Sec-
tions 12.13.9.2.1.1 or 12.13.9.2.1.2 as required.

12.13.9.2.1.1 Foundation Ties. Individual footings shall be
interconnected by ties in accordance with Section 12.13.8.2 and
the additional requirements of this section. The ties shall be
designed to accommodate the differential settlements between
adjacent footings per Section 12.13.9.2, item b. Reinforced concrete
sections shall be detailed in accordance with Sections 18.6.2.1 and
18.6.4 of ACI 318. Where the geotechnical investigation report
indicates that permanent ground displacement induced by lateral
spreading exceeding 3 in. (76.2 mm) will occur in MCEg earth-
quake motions, both of the following requirements shall be met:

1. Ties between individual footings on the same column or
wall line shall, in lieu of the force requirements of Sec-
tion 12.13.8.2, have a design strength in tension and
compression at least equal to Fy., as indicated in
Eq. (12.13-1). These effects shall be combined with the
load effects from design earthquake lateral loads.

Fie =05 P, (12.13-1)

where

Fie = the design tie force;
=the coef cient of friction between the bottom of the
footing and the soil, as indicated in the geotechnical
report, or is taken as 0.5 in the absence of other
information; and
P, = the total of the supported gravity loads of all footings
along the same column or wall line, determined in
accordance with load combination 5 in Section 2.3.2.

2. Individual footings shall be integral with or connected to a
reinforced concrete slab-on-ground, at least 5 in. (127.0 cm)
thick and reinforced in each horizontal direction with a
minimum reinforcing ratio of 0.0025. Alternately, individ-
ual footings shall be integral with or connected to a post-
tensioned concrete slab-on-ground designed according to
PTI DC10.5 with a minimum effective compression after
losses of 100 psi (690 kPa). For sites with expansive soils,
movements from both expansive soils and lique ed soils
need not be considered concurrently. For purposes of this
section, concrete slab-on-ground need not satisfy Sec-
tion 18.6.4 of ACI 318.

EXCEPTION: A system of diagonal reinforced concrete ties
is permitted to be used, if the system of ties provides equivalent
lateral shear strength and stiffness to a slab-on-ground as de ned
above.

12.13.9.2.1.2 Mat Foundations. Mat foundations shall be
designed to accommodate the expected vertical differential set-
tlements indicated in the geotechnical investigation report per
Section 12.13.9.2, item b, considering any increased loads
induced by differential settlements of adjacent columns. The
exural demands caused by liquefaction need not be considered
if the mat is detailed in accordance with the requirements of
Section 18.6.3.1 of ACI 318. Mat foundations shall have
longitudinal reinforcement in both directions at the top and
bottom.

12.13.9.3 Deep Foundations. Deep foundations shall be
designed to support vertical loads as indicated in the basic
load combinations of Section 12.4, in combination with the
moments and shears caused by lateral deformation of deep
foundation elements in response to lateral inertial loads. Axial
capacity of the deep foundation and lateral resistance of the soil
shall be reduced to account for the effects of liquefaction. Deep
foundations shall satisfy the design and detailing requirements of
Sections 12.13.9.3.1 through 12.13.9.3.5.

12.13.9.3.1 Downdrag Design of piles shall incorporate the
effects of downdrag caused by liquefaction. For geotechnical
design, the liquefaction-induced downdrag shall be determined
as the downward skin friction on the pile within and above the
ligue ed zone(s). The net geotechnical ultimate capacity of the
pile shall be the ultimate geotechnical capacity of the pile below
the lique able layer(s) reduced by the downdrag load. For
structural design, downdrag load induced by liquefaction shall
be treated as a seismic load and factored accordingly.

12.13.9.3.2 Lateral Resistance Passive pressure and friction
mobilized against walls, pile caps, and grade beams, when
reduced for the effects of liquefaction, shall be permitted to
resist lateral inertial loads in combination with piles. Resistance
provided by the combination of piles, passive pressure, and
friction shall be determined based on compatible lateral
deformations.

12.13.9.3.3 Concrete Deep Foundation Detailing Concrete
piles including cast-in-place and precast piles shall be detailed
to comply with Sections 18.7.5.2 through 18.7.5.4 of ACI 318
from the top of the pile to a depth exceeding that of the deepest
lique able soil by at least 7 times the member cross-sectional
dimension.

12.13.9.3.4 Lateral Spreading Where the geotechnical investi-
gation report indicates that permanent ground displacement
induced by lateral spreading will occur in the event of MCEg
earthquake motions, pile design shall be based on a detailed
analysis incorporating the expected lateral deformation, the
depths over which the deformation is expected to occur, and
the nonlinear behavior of the piles. Where nonlinear behavior of
piles occurs caused by permanent ground displacement induced
by lateral spreading, the pile deformations shall not result in loss
of the pile’s ability to carry gravity loads, nor shall the deterio-
rated pile’s lateral strength be less than 67% of the undamaged
nominal strength. In addition, the following requirements shall be
satis ed:

1. Structural steel H-piles shall satisfy the width-thickness limits
for highly ductile H-pile members in ANSI/AISC 341.

2. Un lled structural steel pipe piles shall satisfy the width-
thickness limits for highly ductile round HSS elements in
ANSI/AISC 341.

3. Concrete piles shall be detailed to comply with Sec-
tions 18.7.5.2 through 18.7.5.4 of ACI 318 from the top
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of the pile to a depth exceeding that of the deepest layer of
soil prone to lateral spreading by at least 7 times the pile
diameter. Nominal shear strength shall exceed the maxi-
mum forces that can be generated because of pile deforma-
tions determined in the detailed analysis.

12.13.9.3.5 Foundation Ties Individual pile caps shall be inter-
connected by ties in accordance with Section 12.13.8.2. Where
the geotechnical investigation report indicates permanent ground
displacement induced by lateral spreading, the design forces for
ties shall include the additional pressures applied to foundation
elements because of the lateral displacement in accordance with
the recommendations of the geotechnical investigation report.
These effects shall be combined with the load effects from design
earthquake lateral loads.

12.14 SIMPLIFIED ALTERNATIVE STRUCTURAL
DESIGN CRITERIA FOR SIMPLE BEARING
WALL OR BUILDING FRAME SYSTEMS

12.14.1 General

12.14.1.1 Simpli ed Design Procedure. The procedures of
this section are permitted to be used in lieu of other
analytical procedures in Chapter 12 for the analysis and
design of simple buildings with bearing wall or building
frame systems, subject to all of the limitations listed in this
section. Where these procedures are used, the Seismic Design
Category shall be determined from Table 11.6-1 using the value
of Spg from Section 12.14.8.1, except that where S; is greater
than or equal to 0.75, the Seismic Design Category shall be E.
The simpli ed design procedure is permitted to be used if the
following limitations are met:

1. The structure shall qualify for Risk Category | or Il in
accordance with Table 1.5-1.

2. The site class, de ned in Chapter 20, shall not be Site
Class E or F.

3. The structure shall not exceed three stories above grade
plane.

4. The seismic force-resisting system shall be either a bear-
ing wall system or a building frame system, as indicated in
Table 12.14-1.

5. The structure shall have at least two lines of lateral
resistance in each of two major axis directions. At least
one line of resistance shall be provided on each side of the
center of weight in each direction.

6. The center of weight in each story shall be located not
further from the geometric centroid of the diaphragm than
10% of the length of the diaphragm parallel to the
eccentricity.

7. For structures with cast-in-place concrete diaphragms,
overhangs beyond the outside line of shear walls or
braced frames shall satisfy the following:

a d3 (12.14-1)

where

a =the distance perpendicular to the forces being consid-
ered from the extreme edge of the diaphragm to the line
of vertical resistance closest to that edge, and

d =the depth of the diaphragm parallel to the forces being
considered at the line of vertical resistance closest to the
edge.
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All other diaphragm overhangs beyond the outside line
of shear walls or braced frames shall satisfy the
following:

a db5 (12.14-2)

8. For buildings with a diaphragm that is not exible, the
forces shall be apportioned to the vertical elements as if
the diaphragm were exible. The following additional
requirements shall be satis ed:

a. For structures with two lines of resistance in a given
direction, the distance between the two lines is at least
50% of the length of the diaphragm perpendicular to the
lines;

b. For structures with more than two lines of resistance in
a given direction, the distance between the two most
extreme lines of resistance in that direction is at least
60% of the length of the diaphragm perpendicular to the
lines;

Where two or more lines of resistance are closer together
than one-half the horizontal length of the longer of the
walls or braced frames, it shall be permitted to replace
those lines by a single line at the centroid of the group for
the initial distribution of forces, and the resultant force to
the group shall then be distributed to the members of the
group based on their relative stiffnesses.

9. Lines of resistance of the seismic force-resisting system
shall be oriented at angles of no more than 15 deg from
alignment with the major orthogonal horizontal axes of
the building.

10. The simpli ed design procedure shall be used for each
major orthogonal horizontal axis direction of the building.

11. System irregularities caused by in-plane or out-of-plane
offsets of lateral force-resisting elements shall not be
permitted.
EXCEPTION: Out-of-plane and in-plane offsets of shear
walls are permitted in two-story buildings of light-frame
construction provided that the framing supporting the
upper wall is designed for seismic force effects from
overturning of the wall ampli ed by a factor of 2.5.

12. The lateral load resistance of any story shall not be less
than 80% of the story above.

12.14.1.2 Reference Documents. The reference documents
listed in Chapter 23 shall be used as indicated in Section 12.14.

12.14.1.3 De nitions. The de nitions listed in Section 11.2
shall be used in addition to the following:

PRINCIPAL ORTHOGONAL HORIZONTAL DIREC-
TIONS: The orthogonal directions that overlay the majority of
lateral force-resisting elements.

12.14.1.4 Notation.

D =the effect of dead load

E =the effect of horizontal and vertical earthquake-in-
duced forces

F, = acceleration-based site coef cient, see Section
12.14.8.1

F; =the portion of the seismic base shear, V, induced at
level i

F, =the seismic design force applicable to a particular
structural component

F, =see Section 12.14.8.2

h; = the height above the base to level i

h, = the height above the base to level x
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Sps = see Section 12.14.8.1
Sg =see Section 11.4.1
S, =see Section 11.4.1
V = the total design shear at the base of the structure in the
direction of interest, as determined using the procedure
of Section 12.14.8.1
V, =the seismic design shear in
Section 12.14.8.3
W =see Section 12.14.8.1
W, = weight of wall
w; = the portion of the effective seismic weight, W, located
at or assigned to level i
W, =weight of structural component
w, =see Section 12.14.8.2

story x. See

12.14.2 Design Basis. The structure shall include complete
lateral and vertical force-resisting systems with adequate
strength to resist the design seismic forces, speci ed in this
section, in combination with other loads. Design seismic forces
shall be distributed to the various elements of the structure and
their connections using a linear elastic analysis in accordance
with the procedures of Section 12.14.8. The members of the
seismic force-resisting system and their connections shall be
detailed to conform with the applicable requirements for the
selected structural system as indicated in Section 12.14.4.1. A
continuous load path, or paths, with adequate strength and
stiffness shall be provided to transfer all forces from the point
of application to the nal point of resistance. The foundation
shall be designed to accommodate the forces developed.

12.14.3 Seismic Load Effects. All members of the structure,
including those not part of the seismic force-resisting system,
shall be designed using the seismic load effects of
Section 12.14.3 unless otherwise exempted by this standard.
Seismic load effects are the axial, shear, and exural member
forces resulting from application of horizontal and vertical
seismic forces as set forth in Section 12.14.3.1. Where
required, seismic load effects shall include overstrength, as set
forth in Section 12.14.3.2.

12.14.3.1 Seismic Load Effect. The seismic load effect, E,
shall be determined in accordance with the following:

1. For use in load combination 6 in Section 2.3.6 or load
combinations 8 and 9 in Section 2.4.5, E shall be deter-
mined in accordance with Eq. (12.14-3) as follows:

E=E,pbE, (12.14-3)

2. For use in load combination 7 in Section 2.3.6 or load
combination 10 in Section 2.4.5, E shall be determined in
accordance with Eq. (12.14-4) as follows:

E=E, E, (12.14-4)

where

E =seismic load effect;

E,, = effect of horizontal seismic forces as de ned in Sec-
tion 12.14.3.1.1; and

E, =effect of wvertical seismic forces as de ned in
Section 12.14.3.1.2.

12.14.3.1.1 Horizontal Seismic Load Effect The horizontal seis-
mic load effect, E;, shall be determined in accordance with
Eq. (12.14-5) as follows:
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En=0Qe

where Qg = effects of horizontal seismic forces from V or F, as
speci ed in Sections 12.14.7.5, 12.14.8.1, and 13.3.1.

12.14.3.1.2 Vertical Seismic Load Effect The vertical seismic
load effect, E,, shall be determined in accordance with
Eq. (12.14-6) as follows:

(12.14-5)

E, =0.2SpsD (12.14-6)

where

Sps = design spectral response acceleration parameter at short
periods obtained from Section 11.4.5, and
D =effect of dead load.

EXCEPTION: The vertical seismic load effect, E,, is permit-
ted to be taken as zero for either of the following conditions:

1. In Egs. (12.14-3), (12.14-4), (12.14-7), and (12.14-8)
where Sps is equal to or less than 0.125.

2. In Eq. (12.14-4) where determining demands on the soil—
structure interface of foundations.

12.14.3.2 Seismic Load Effect Including Overstrength. Where
required, the seismic load effects, including overstrength, shall be
determined in accordance with the following:

1. For use in load combination 6 in Section 2.3.6 or load
combinations 8 and 9 in Section 2.4.5, E shall be taken as
equal to E,, as determined in accordance with Eq. (12.14-7)
as follows:

Em=Em PE, (12.14-7)

2. For use in load combination 7 in Section 2.3.6 or load
combination 10 in Section 2.4.5, E shall be taken as equal
to E,, as determined in accordance with Eq. (12.14-8) as
follows:

Em=Em Ey (12.14-8)

where

E,, =seismic load effect including overstrength;

E,, = effect of horizontal seismic forces, including over-
strength, as de ned in Section 12.14.3.2.1 or
12.14.3.2.2; and

E, =vertical seismic load effect as de ned in
Section 12.14.3.1.2.

12.14.3.2.1 Horizontal Seismic Load Effect with a 2.5 Over-
strength The effect of horizontal seismic forces, including
overstrength, E,,, shall be determined in accordance with
Eq. (12.14-9) as follows:

Eun = 2.5Q¢ (12.14-9)

where

Qe =effects of horizontal seismic forces from V or F, as
speci ed in Sections 12.14.7.5, 12.14.8.1, and 13.3.1.

En need not be taken as larger than E, where E. =the
capacity-limited horizontal seismic load effect as de ned in
Section 11.3.
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12.14.3.2.2 Capacity-Limited Horizontal Seismic Load Effect
Where capacity-limited design is required by the material refer-
ence document, the seismic load effect including overstrength
shall be calculated with the capacity-limited horizontal seismic
load effect, E, substituted for E, in the load combinations of
Section 12.14.3.2.3.

12.14.3.2.3 Load Combinations Including Overstrength.
Where the seismic load effect including overstrength, E,,, de-

ned in Section 12.14.3.2, is combined with the effects of other
loads as set forth in Chapter 2, the following seismic load
combinations for structures not subject to ood or atmospheric
ice loads shall be used in lieu of the seismic load combinations in
Section 2.3.2 or 2.4.1.

Basic Combinations for Strength Design Including Over-
strength (see Sections 2.2 and 2.3.2 for notation)

5. 1.2 0.2SpsPD p Eyy p L b 0.2S
7. 30.9 0.2SpsPD P Epp

NOTES:

1. The load factor on L in combination 5 is permitted to equal
0.5 for all occupancies in which L, in Table 4.3-1 is less
than or equal to 100 psf (4.79 kN m?), with the exception
of garages or areas occupied as places of public assembly.

2. Where uid loads F are present, they shall be included with
the same load factor as dead load D in combinations 1
through 5 and 7. Where load H is present, it shall be
included as follows:

a. where the effect of H adds to the primary variable load
effect, include H with a load factor of 1.6;

b. where the effect of H resists the primary variable load
effect, include H with a load factor of 0.9 where the
load is permanent or a load factor of O for all other
conditions.

3. Where lateral earth pressure provides resistance to struc-
tural actions from other forces, it shall not be included in H
but shall be included in the design resistance.

Basic Combinations for Allowable Stress Design Including
Overstrength (see Sections 2.2 and 2.4.1 for notation)

5. §1.0 p 0.14SpgPD p 0.7E
6b. 81.0 p 0.1055p5PD b 0.525E,,, P 0.75L p 0.75S
8. 30.6 0.14SpsbD p 0.7Em,

NOTES:

Where uid loads F are present, they shall be included in
combinations 1 through 6 and 8 with the same factor as that used
for dead load D.

Where load H is present, it shall be included as follows:

1. where the effect of H adds to the primary variable load
effect, include H with a load factor of 1.0;

2. where the effect of H resists the primary variable load
effect, include H with a load factor of 0.6 where the load is
permanent or a load factor of O for all other conditions.

12.14.4 Seismic Force-Resisting System

12.14.4.1 Selection and Limitations. The basic lateral and
vertical seismic force-resisting system shall conform to one of
the types indicated in Table 12.14-1 and shall conform to all of the
detailing requirements referenced in the table. The appropriate
response modi cation coef cient, R, indicated in Table 12.14-1
shall be used in determining the base shear and element design
forces as set forth in the seismic requirements of this standard.

Special framing and detailing requirements are indicated in
Section 12.14.7 and in Sections 14.1, 14.2, 14.3, 14.4, and 14.5
for structures assigned to the various Seismic Design Categories.

12.14.4.2 Combinations of Framing Systems

12.14.4.2.1 Horizontal Combinations Different seismic force-
resisting systems are permitted to be used in each of the two
principal orthogonal building directions. Where a combination of
different structural systems is used to resist lateral forces in the
same direction, the value of R used for design in that direction
shall not be greater than the least value of R for any of the systems
used in that direction.

EXCEPTION: For buildings of light-frame construction or
buildings that have exible diaphragms and that are two stories or
fewer above grade plane, resisting elements are permitted to be
designed using the least value of R of the different seismic force-
resisting systems found in each independent line of framing. The
value of R used for design of diaphragms in such structures shall
not be greater than the least value for any of the systems used in
that same direction.

12.14.4.2.2 Vertical Combinations Different seismic force-
resisting systems are permitted to be used in different stories.
The value of R used in a given direction shall not be greater than
the least value of any of the systems used in that direction.

12.14.4.2.3 Combination Framing Detailing Requirements The
detailing requirements of Section 12.14.7 required by the higher
response modi cation coef cient, R, shall be used for structural
members common to systems that have different response mod-
i cation coef cients.

12.14.5 Diaphragm Flexibility. Diaphragms constructed of
steel decking (untopped), wood structural panels, or similar
panelized construction techniques are permitted to be
considered exible.

12.14.6 Application of Loading. The effects of the
combination of loads shall be considered as prescribed in
Section 12.14.3. The design seismic forces are permitted to be
applied separately in each orthogonal direction, and the
combination of effects from the two directions need not be
considered. Reversal of load shall be considered.

12.14.7 Design and Detailing Requirements. The design and
detailing of the members of the seismic force-resisting system
shall comply with the requirements of this section. The
foundation shall be designed to resist the forces developed
and accommodate the movements imparted to the structure by
the design ground motions. The dynamic nature of the forces, the
expected ground motion, the design basis for strength and energy
dissipation capacity of the structure, and the dynamic properties
of the soil shall be included in the determination of the founda-
tion design criteria. The design and construction of foundations
shall comply with Section 12.13. Structural elements including
foundation elements shall conform to the material design and
detailing requirements set forth in Chapter 14.

12.14.7.1 Connections. All parts of the structure between
separation joints shall be interconnected, and the connection
shall be capable of transmitting the seismic force, F,, induced
by the parts being connected. Any smaller portion of the structure
shall be tied to the remainder of the structure with elements that
have a strength of 0.20 times the short-period design spectral
response acceleration coef cient, Spg, times the weight of the
smaller portion or 5% of the portion’s weight, whichever is
greater.
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A positive connection for resisting a horizontal force acting
parallel to the member shall be provided for each beam, girder, or
truss, either directly to its supporting elements or to slabs
designed to act as diaphragms. Where the connection is through
a diaphragm, then the member’s supporting element must also be
connected to the diaphragm. The connection shall have minimum
design strength of 5% of the dead plus live load reaction.

12.14.7.2 Openings or Reentrant Building Corners. Except
where otherwise speci cally provided for in this standard,
openings in shear walls, diaphragms, or other plate-type
elements shall be provided with reinforcement at the edges of
the openings or reentrant corners designed to transfer the stresses
into the structure. The edge reinforcement shall extend into the
body of the wall or diaphragm a distance suf cient to develop the
force in the reinforcement.

EXCEPTION: Shear walls of wood structural panels are
permitted where designed in accordance with AWC SDPWS-15
for perforated shear walls or ANSI/AISI S400 for Type Il shear
walls.

12.14.7.3 Collector Elements. Collector elements shall be
provided with adequate strength to transfer the seismic forces
originating in other portions of the structure to the element
providing the resistance to those forces (Fig. 12.10-1). Collector
elements, splices, and their connections to resisting elements shall
be designed to resist the forces de ned in Section 12.14.3.2.

EXCEPTION: In structures, or portions thereof, braced
entirely by light-frame shear walls, collector elements, splices,
and connections to resisting elements are permitted to be
designed to resist forces in accordance with Section 12.14.7.4.

12.14.7.4 Diaphragms. Floor and roof diaphragms shall be
designed to resist the design seismic forces at each level, F,,
calculated in accordance with Section 12.14.8.2. Where the
diaphragm is required to transfer design seismic forces from
the vertical-resisting elements above the diaphragm to other
vertical-resisting elements below the diaphragm because of
changes in relative lateral stiffness in the vertical elements, the
transferred portion of the seismic shear force at that level, V,, shall
be added to the diaphragm design force. Diaphragms shall provide
for both the shear and bending stresses resulting from these forces.
Diaphragms shall have ties or struts to distribute the wall
anchorage forces into the diaphragm. Diaphragm connections
shall be positive, mechanical, or welded type connections.

12.14.7.5 Anchorage of Structural Walls. Structural walls
shall be anchored to all oors, roofs, and members that provide
out-of-plane lateral support for the wall or that are supported by the
wall. The anchorage shall provide a positive direct connection
between the wall and oor, roof, or supporting member with the
strength to resist the out-of-plane force given by Eq. (12.14-10):

Fp = 0.4K,SpsW, (12.14-10)
F, shall not be taken as less than 0.2k W,,.
k,=10p L (12.14-11)
@100 '

k, need not be taken as larger than 2.0 where

F, = the design force in the individual anchors;

k, =ampli cation factor for diaphragm exibility;

L; =the span, in feet, of a exible diaphragm that provides the
lateral support for the wall; the span is measured between
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vertical elements that provide lateral support to the dia-
phragm in the direction considered; use zero for rigid
diaphragms;

Sps = the design spectral response acceleration at short periods
per Section 12.14.8.1; and

W, =the weight of the wall tributary to the anchor.

12.14.7.5.1 Transfer of Anchorage Forces into Diaphragms
Diaphragms shall be provided with continuous ties or struts
between diaphragm chords to distribute these anchorage forces
into the diaphragms. Added chords are permitted to be used to
form subdiaphragms to transmit the anchorage forces to the main
continuous crossties. The maximum length-to-width ratio of the
structural subdiaphragm shall be 2.5 to 1. Connections and
anchorages capable of resisting the prescribed forces shall be
provided between the diaphragm and the attached components.
Connections shall extend into the diaphragm a suf cient distance
to develop the force transferred into the diaphragm.

12.14.7.5.2 Wood Diaphragms The anchorage of concrete or
masonry structural walls to wood diaphragms shall be in accor-
dance with AWC SDPWS 4.1.5.1 and this section. Continuous
ties required by this section shall be in addition to the diaphragm
sheathing. Anchorage shall not be accomplished by use of
toenails or nails subject to withdrawal, nor shall wood ledgers
or framing be used in cross-grain bending or cross-grain tension.
The diaphragm sheathing shall not be considered effective as
providing the ties or struts required by this section.

12.14.7.5.3 Metal Deck Diaphragms In metal deck diaphragms,
the metal deck shall not be used as the continuous ties required by
this section in the direction perpendicular to the deck span.

12.14.7.5.4 Embedded Straps Diaphragm to wall anchorage
using embedded straps shall be attached to or hooked around
the reinforcing steel or otherwise terminated so as to effectively
transfer forces to the reinforcing steel.

12.14.7.6 Bearing Walls and Shear Walls. Exterior and interior
bearing walls and shear walls and their anchorage shall be designed
for a force equal to 40% of the short-period design spectral response
acceleration, Spg, times the weight of wall, W, normal to the
surface, with a minimum force of 10% of the weight of the wall.
Interconnection of wall elements and connections to supporting
framing systems shall have suf cient ductility, rotational capacity,
or strength to resist shrinkage, thermal changes, and differential
foundation settlement where combined with seismic forces.

12.14.7.7 Anchorage of Nonstructural Systems. Where
required by Chapter 13, all portions or components of the
structure shall be anchored for the seismic force, F,
prescribed therein.

12.14.8 Simpli ed Lateral Force Analysis Procedure. An
equivalent lateral force analysis shall consist of the application
of equivalent static lateral forces to a linear mathematical model
of the structure. The lateral forces applied in each direction shall
sum to a total seismic base shear given by Section 12.14.8.1
and shall be distributed vertically in accordance with
Section 12.14.8.2. For purposes of analysis, the structure shall
be considered xed at the base.

12.14.8.1 Seismic Base Shear. The seismic base shear, V, in a
given direction shall be determined in accordance with
Eq. (12.14-12):

v = FSos\y

5 (12.14-12)
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where

2
SDS = § Fass
where F is permitted to be taken as 1.0 for rock sites, 1.4 for soil
sites, or determined in accordance with Section 11.4.4. For the
purpose of this section, sites are permitted to be considered to be
rock if there is no more than 10 ft (3 m) of soil between the rock
surface and the bottom of spread footing or mat foundation. In
calculating Sps, S shall be in accordance with Section 11.4.4 but
need not be taken as larger than 1.5.

F = 1.0 for buildings that are one story above grade plane;

F = 1.1 for buildings that are two stories above grade plane;

F = 1.2 for buildings that are three stories above grade plane;

R=the response modi cation factor from Table 12.14-1;
and

W = effective seismic weight of the structure that includes the
dead load, as de ned in Section 3.1, above grade plane
and other loads above grade plane as listed in the following
text:

1. In areas used for storage, a minimum of 25% of the
oor live load shall be included.

EXCEPTIONS:

a. Where the inclusion of storage loads adds no more
than 5% to the effective seismic weight at that
level, it need not be included in the effective
seismic weight.

b. Floor live load in public garages and open parking
structures need not be included.

2. Where provision for partitions is required by Section
4.3.2 in the oor load design, the actual partition
weight, or a minimum weight of 10 psf
(0.48 kN m?) of oor area, whichever is greater.
Total operating weight of permanent equipment.
Where the at roof snow load, P;, exceeds 30 psf
(1.44 KN m?), 20% of the uniform design snow load,
regardless of actual roof slope.

5. Weight of landscaping and other materials at roof

gardens and similar areas.

pw

12.14.8.2 Vertical Distribution. The forces at each level shall
be calculated using the following equation:

W.
F,= 2V

W (12.14-13)

where w, = the portion of the effective seismic weight of the
structure, W, at level x.

12.14.8.3 Horizontal Shear Distribution. The seismic design
story shear in any story, V, [kip (kN)], shall be determined from
the following equation:

(12.14-14)

1=x

where F; = the portion of the seismic base shear, V [Kip (kN)]
induced at level i.

12.14.8.3.1 Flexible Diaphragm Structures The seismic design
story shear in stories of structures with exible diaphragms, as
de ned in Section 12.14.5, shall be distributed to the vertical
elements of the seismic force-resisting system using tributary
area rules. Two-dimensional analysis is permitted where dia-
phragms are exible.

12.14.8.3.2 Structures with Diaphragms That Are Not Flexible
For structures with diaphragms that are not exible, as de ned in
Section 12.14.5, the seismic design story shear, V, [kip (KN)],
shall be distributed to the various vertical elements of the seismic
force-resisting system in the story under consideration based on
the relative lateral stiffnesses of the vertical elements and the
diaphragm.

12.14.8.3.2.1 Torsion. The design of structures with diaphragms
that are not exible shall include the torsional moment, M; [Kip-ft
(KN-m)] resulting from eccentricity between the locations of
center of mass and the center of rigidity.

12.14.8.4 Overturning. The structure shall be designed to
resist overturning effects caused by the seismic forces
determined in Section 12.14.8.2. The foundations of structures
shall be designed for not less than 75% of the foundation
overturning design moment, M; [kip-ft (kN-m)] at the
foundation—soil interface.

12.14.8.5 Drift Limits and Building Separation. Structural
drift need not be calculated. Where a drift value is needed for
use in material standards, to determine structural separations
between buildings or from property lines, for design of cladding,
or for other design requirements, it shall be taken as 1% of
structural height, h,,, unless computed to be less. Each portion of
the structure shall be designed to act as an integral unit in
resisting seismic forces unless it is separated structurally by a
distance suf cient to avoid damaging contact under the total
de ection.

12.15 CONSENSUS STANDARDS AND OTHER
REFERENCED DOCUMENTS

See Chapter 23 for the list of consensus standards and other
documents that shall be considered part of this standard to the
extent referenced in this chapter.
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1. The design earthquake forces shall not be less than those
determined in accordance with Section 13.3.1.

2. Each nonstructural component’s seismic interactions with
all other connected components and with the supporting
structure shall be accounted for in the design. The compo-
nent shall accommodate drifts, de ections, and relative
displacements determined in accordance with the applica-
ble seismic requirements of this standard.

3. Nonstructural component anchorage requirements shall not
be less than those speci ed in Section 13.4.

13.1.8 Reference Documents Using Allowable Stress Design.
Where a reference document provides a basis for the earthquake-
resistant design of a particular type of component, and the same
reference document de nes acceptance criteria in terms of
allowable stresses rather than strengths, that reference document
is permitted to be used. The allowable stress load combination shall
consider dead, live, operating, and earthquake loads in addition to
those in the reference document. The earthquake loads determined
in accordance with Section 13.3.1 shall be multiplied by a factor of
0.7. The allowable stress design load combinations of Section 2.4
need not be used. The component shall also accommodate the
relative displacements speci ed in Section 13.3.2.

13.2 GENERAL DESIGN REQUIREMENTS

13.2.1 Applicable Requirements for Architectural, Mechan-
ical, and Electrical Components, Supports, and Attachments.
Architectural, mechanical, and electrical components, supports, and
attachments shall comply with the sections referenced in
Table 13.2-1. These requirements shall be satis ed by one of
the following methods:

1. Project-speci ¢ design and documentation submitted for
approval to the Authority Having Jurisdiction after review
and acceptance by a registered design professional.

2. Submittal of the manufacturer’s certi cation that the compo-
nent is seismically quali ed by at least one of the following:
a. Analysis, or
b. Testing in accordance with the alternative set forth in

Section 13.2.5, or
c. Experience data in accordance with the alternative set
forth in Section 13.2.6.

13.2.2 Special Certi cation Requirements for Designated
Seismic  Systems. Certi cations shall be provided for
designated seismic systems assigned to Seismic Design
Categories C through F as follows:

1. Active mechanical and electrical equipment that must remain
operable following the design earthquake ground motion
shall be certi ed by the manufacturer as operable whereby
active parts or energized components shall be certi ed

exclusively on the basis of approved shake table testing in
accordance with Section 13.2.5 or experience data in accor-
dance with Section 13.2.6 unless it can be shown that the
component is inherently rugged by comparison with similar
seismically quali ed components. Evidence demonstrating
compliance with this requirement shall be submitted for
approval to the Authority Having Jurisdiction after review
and acceptance by a registered design professional.

2. Components with hazardous substances and assigned a
component Importance Factor, I, of 1.5 in accordance
with Section 13.1.3 shall be certi ed by the manufacturer
as maintaining containment following the design earth-
quake ground motion by (1) analysis, (2) approved shake
table testing in accordance with Section 13.2.5, or (3) ex-
perience data in accordance with Section 13.2.6. Evidence
demonstrating compliance with this requirement shall be
submitted for approval to the Authority Having Jurisdic-
tion after review and acceptance by a registered design
professional.

3. Certi cation of components through analysis shall be
limited to nonactive components and shall be based on
seismic demand considering R,=I, equal to 1.0.

13.2.3 Consequential Damage. The functional and physical
interrelationship of components, their supports, and their
effect on each other shall be considered so that the failure of
an essential or nonessential architectural, mechanical, or
electrical component shall not cause the failure of an essential
architectural, mechanical, or electrical component. Where not
otherwise established by analysis or test, required clearances for
sprinkler system drops and sprigs shall not be less than those
speci ed in Section 13.2.3.1.

13.2.3.1 Clearances between Equipment, Distribution Sys-
tems, Supports, and Sprinkler System Drops and Sprigs. The
installed clearance between any sprinkler drop or sprig and the
following items shall be at least 3 in. (75 mm) in all directions:

1. permanently attached equipment including their structural
supports and bracing; and

2. other distribution systems, including their structural sup-
ports and bracing.

EXCEPTION: Sprinklers installed using exible sprinkler
hose need not meet the installed clearance requirement of this
section.

13.2.4 Flexibility. The design and evaluation of components,
their supports, and their attachments shall consider their
exibility and their strength.

13.2.5 Testing  Alternative ~ for  Seismic  Capacity
Determination. As an alternative to the analytical requirements
of Sections 13.2 through 13.6, testing shall be deemed as an

Table 13.2-1 Applicable Requirements for Architectural, Mechanical, and Electrical Components: Supports and Attachments

Mechanical and

Force and Architectural Electrical

General Design Displacement Attachment Component Component
Requirements Requirements Requirements Requirements Requirements
Nonstructural Element (i.e., Component, Support, Attachment) (Section 13.2) (Section 13.3) (Section 13.4) (Section 13.5) (Section 13.6)
Architectural components and supports and attachments for X X X X
architectural components
Mechanical and electrical components X X X X
Supports and attachments for mechanical and electrical components X X X X
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acceptable method to determine the seismic capacity of components
and their supports and attachments. Seismic quali cation by testing
based on a nationally recognized testing standard procedure, such as
ICC-ES AC 156, acceptable to the Authority Having Jurisdiction
shall be deemed to satisfy the design and evaluation requirements
provided that the substantiated seismic capacities equal or exceed
the seismic demands determined in accordance with Sections 13.3.1
and 13.3.2. For the testing alternative, the maximum seismic
demand determined in accordance with Eq. (13.3-2) is not
required to exceed 3.21, W,

13.2.6 Experience Data Alternative for Seismic Capacity
Determination. As an alternative to the analytical require-
ments of Sections 13.2 through 13.6, use of experience data
shall be deemed as an acceptable method to determine the
seismic capacity of components and their supports and
attachments. Seismic quali cation by experience data based on
nationally recognized procedures acceptable to the Authority
Having Jurisdiction shall be deemed to satisfy the design and
evaluation requirements provided that the substantiated seismic
capacities equal or exceed the seismic demands determined in
accordance with Sections 13.3.1 and 13.3.2.

13.2.7 Construction Documents. Where design of nonstructural
components or their supports and attachments is required by
Table 13.2-1, such design shall be shown in construction docu-
ments prepared by a registered design professional for use by the
owner, authorities having jurisdiction, contractors, and inspectors.

13.3 SEISMIC DEMANDS ON NONSTRUCTURAL
COMPONENTS

13.3.1 Seismic Design Force

13.3.1.1 Horizontal Force. The horizontal seismic design force
(Fp) shall be applied at the component’s center of gravity and
distributed relative to the component’s mass distribution and
shall be determined in accordance with Eq. (13.3-1):

Fo= %:SWP 1 2% (13.3-1)
T
Fp is not required to be taken as greater than
Fp=1.6Spsl,W, (13.3-2)
and F, shall not be taken as less than
Fp=0.3Sps1,W,, (13.3-3)

where

F, = seismic design force;
Sps = spectral acceleration, short period, as determined from
Section 11.4.5;
a, = component ampli cation factor that varies from 1.00 to 2.50
(select appropriate value from Table 13.5-1 or 13.6-1);
I, = component Importance Factor that varies from 1.00 to 1.50
(see Section 13.1.3);
W, = component operating weight;
R, = component response modi  cation factor that varies from 1.00
to 12 (select appropriate value from Table 13.5-1 or 13.6-1);
z = height in structure of point of attachment of component with
respect to the base. For items at or below the base, z shall be
taken as 0. The value of z=h need not exceed 1.0; and
h = average roof height of structure with respect to the base.

The overstrength factor, o, in Table 13.5-1 and Table 13.6-1, is
applicable only to anchorage of components to concrete and

masonry where required by Section 13.4.2 or the standards
referenced therein and shall be applied in accordance with
Section 12.4.3. The redundancy factor, , is permitted to be
taken as equal to 1, and the overstrength factors in Table 12.2-1
need not apply. F, shall be applied independently in at least two
orthogonal horizontal directions in combination with service or
operating loads associated with the component, as appropriate.
For vertically cantilevered systems, however, F, shall be as-
sumed to act in any horizontal direction.

13.3.1.2 Vertical Force. The component shall be designed for a
concurrent vertical force  0.2S5psWp,.

EXCEPTION: The concurrent vertical seismic force need not
be considered for lay-in access oor panels and lay-in ceiling
panels.

13.3.1.3 Nonseismic Loads. Where nonseismic loads on
nonstructural components exceed Fp, such loads shall govern
the strength design, but the detailing requirements and limitations
prescribed in this chapter shall apply.

13.3.1.4 Dynamic Analysis. In lieu of the forces determined in
accordance with Eq. (13.3-1), accelerations used to determine
design forces for nonstructural components are permitted to be
determined by one of the following dynamic analysis methods:

1. Linear dynamic analysis procedures of Section 12.9,

2. Nonlinear response history procedures of Chapters 16, 17,
and 18,

3. Floor response spectra using the procedures in Section
13.3.1.1 or 13.3.1.2. Where the alternate oor response
spectra approach of Section 13.3.1.2 is used, the proce-
dures and results shall be subject to an independent peer
review in accordance with Section 1.3.1.3.4.

Seismic forces shall be in accordance with Eq. (13.3-4):

_ aigpWp

Fp R

A, (13.3-4)
P

Ip
Determination of the accelerations of the structure using these
methods shall be performed with R=1.0. Seismic forces for the
linear dynamic analysis or seismic response history procedures
shall be calculated in accordance with Eq. (13.3-4), where g; is
the maximum acceleration at level i obtained from the modal
analysis and where A, is the torsional ampli cation factor
determined by Eq. (12.8-14). Where seismic response history
analysis with at least seven ground motions are analyzed, a; shall
be taken as the average of the maximum accelerations. Where
fewer than seven motions are used, the maximum acceleration
value for each oor shall be based on the maximum value from
the ground motions analyzed. Upper and lower limits of F,
determined by Egs. (13.3-2) and (13.3-3) shall apply.

13.3.1.4.1 Floor Response Spectra. Floor accelerations at any
level are permitted to be determined by the calculation of oor
response spectra. The oor response spectrum shall be calculated
for the design earthquake at each oor level based on a seismic
response history analysis in accordance with Section 12.9 or in
accordance with the procedures in Chapters 16, 17, or 18. For
structures with damping systems designed in accordance with
Chapter 18, a response history analysis shall be performed at the
design earthquake level using the procedures in Section 18.3. The

oor response spectrum shall be calculated for each ground
motion record analyzed. The oor acceleration, a;, shall be the
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CHAPTER 14
MATERIAL-SPECIFIC SEISMIC DESIGN AND DETAILING REQUIREMENTS

14.0 SCOPE

Structural elements including foundation elements shall conform
to the material design and detailing requirements set forth in this
chapter or as otherwise speci ed for nonbuilding structures in
Tables 15.4-1 and 15.4-2.

141 STEEL

Structures, including foundations, constructed of steel to resist
seismic loads shall be designed and detailed in accordance with
this standard including the reference documents and additional
requirements provided in this section.

14.1.1 Reference Documents. The design, construction, and
quality of steel members that resist seismic forces shall conform
to the applicable requirements, as amended herein, of the
following: ANSI/AISC 341, ANSI/AISC 360, ANSI/AISI S100,
ANSI/AISI S230, ANSI/AISI S310, ANSI/AISI S400, ASCE 8,
ASCE 19, ANSI/SDI-C, ANSI/SDI-NC, ANSI/SDI QA/QC,
ANSI/SDI-RD, ANSI/SJI-CJ, and ANSI/SJI-100.

14.1.2 Structural Steel

14.1.2.1 General. The design of structural steel for buildings
and structures shall be in accordance with ANSI/AISC 360.
Where required, the seismic design of structural steel structures
shall be in accordance with the additional provisions of
Section 14.1.2.2.

14.1.2.2 Seismic  Requirements for Structural Steel
Structures. The design of structural steel structures to resist
seismic forces shall be in accordance with the provisions of
Section 14.1.2.2.1 or 14.1.2.2.2, as applicable.

14.1.2.2.1 Seismic Design Categories B and C. Structural steel
structures assigned to Seismic Design Category B or C shall be of
any construction permitted by the applicable reference docu-
ments in Section 14.1.1. Where a response modi cation coef -
cient, R, in accordance with Table 12.2-1 is used for the design of
structural steel structures assigned to Seismic Design Category B
or C, the structures shall be designed and detailed in accordance
with the requirements of AISC 341.

EXCEPTION: The response modi cation coef cient, R,
designated for “steel systems not speci cally detailed for seismic
resistance, excluding cantilever column systems” in Table 12.2-1
shall be permitted for systems designed and detailed in accor-
dance with AISC 360 and need not be designed and detailed in
accordance with AISC 341.

14.1.2.2.2 Seismic Design Categories D through F. Structural
steel structures assigned to Seismic Design Category D, E, or F
shall be designed and detailed in accordance with AISC 341,
except as permitted in Table 15.4-1.

14.1.3 Cold-Formed Steel

14.1.3.1 General. The design of cold-formed carbon or
low-alloy steel structural members shall be in accordance
with the requirements of AISI S100, and the design of
cold-formed stainless steel structural members shall be in
accordance with the requirements of ASCE 8. Where
required, the seismic design of cold-formed steel structures
shall be in accordance with the additional provisions of
Section 14.1.3.2.

14.1.3.2 Seismic Requirements for Cold-Formed Steel
Structures. Where a response modi cation coef cient, R, in
accordance with Table 12.2-1, is used for the design of cold-
formed steel structures, the structures shall be designed and
detailed in accordance with the requirements of AISI S100,
ASCE 8, and AISI S400, as applicable.

14.1.4 Cold-Formed Steel Light-Frame Construction

14.1.4.1 General. Cold-formed steel light-frame construction
shall be designed in accordance with AISI S100, Section 14.
Where required, the seismic design of cold-formed steel light-
frame construction shall be in accordance with the additional
provisions of Section 14.1.4.2.

14.1.4.2 Seismic Requirements for Cold-Formed Steel Light-
Frame Construction. The design of cold-formed steel light-
frame construction to resist seismic forces shall be in accordance
with the provisions of Section 14.1.4.2.1 or 14.1.4.2.2, as
applicable.

14.1.4.2.1 Seismic Design Categories B and C. Where a re-
sponse modi cation coef cient, R, in accordance with Table
12.2-1 is used for the design of cold-formed steel light-frame
construction assigned to Seismic Design Category B or C, the
structures shall be designed and detailed in accordance with the
requirements of AISI S400.

EXCEPTION: The response modi cation coef cient, R,
designated for “steel systems not speci cally detailed for seismic
resistance, excluding cantilever column systems” in Table 12.2-1
shall be permitted for systems designed and detailed in accor-
dance with AISI S100, Section 14 and need not be designed and
detailed in accordance with AISI S400.

14.1.4.2.2 Seismic Design Categories D through F. Cold-
formed steel light-frame construction structures assigned to
Seismic Design Category D, E, or F shall be designed and
detailed in accordance with AISI S400.

14.1.4.3 Prescriptive  Cold-Formed Steel Light-Frame
Construction. Cold-formed steel light-frame construction for
one- and two-family dwellings is permitted to be designed and
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constructed in accordance with the requirements of AISI S230
subject to the limitations therein.

14.1.5 Cold-Formed Steel Deck Diaphragms. Cold-formed
steel deck diaphragms shall be designed in accordance with
the requirements of AISI S100, SDI-RD, SDI-NC, SDI-C or
ASCE 8, as applicable. Nominal strengths shall be determined
in accordance with AISI S310. The required strength of
diaphragms, including bracing members that form part of the
diaphragm, shall be determined in accordance with Section
12.10.1. Special inspections and quali cation of welding
special inspectors for cold-formed steel oor and roof deck
shall be in accordance with the quality assurance inspection
requirements of SDI-QA/QC.

14.1.6 Open Web Steel Joists and Joist Girders. The design,
manufacture, and use of open web steel joists and joist girders
shall be in accordance with SJI-100 and SJI-CJ, as applicable.

14.1.7 Steel Cables. The design strength of steel cables serving
as main structural load carrying members shall be determined by
the requirements of ASCE/SEI 19.

14.1.8 Additional Detailing Requirements for Steel Piles in
Seismic Design Categories D through F. In addition to the
foundation requirements set forth in Sections 12.1.5 and 12.13,
design and detailing of H-piles shall conform to the requirements
of AISC 341, and the connection between the pile cap and steel
piles or un lled steel pipe piles in structures assigned to Seismic
Design Category D, E, or F shall be designed for a tensile force
not less than 10% of the pile compression capacity.

EXCEPTION: Connection tensile capacity need not exceed
the strength required to resist seismic load effects including
overstrength of Section 12.4.3 or 12.14.3.2. Connections need
not be provided where the foundation or supported structure does
not rely on the tensile capacity of the piles for stability under the
design seismic forces.

14.2 CONCRETE

Structures, including foundations, constructed of concrete to
resist seismic loads shall be designed and detailed in accordance
with this standard, including the reference documents and addi-
tional requirements provided in this section.

14.2.1 Reference Documents. The quality and testing of
concrete materials and the design and construction of
structural concrete members that resist seismic forces shall
conform to the requirements of ACI 318, except as modi ed
in Section 14.2.2.

14.2.2 Modi cations to ACI 318. The text of ACI 318 shall be
modi ed as indicated in Sections 14.2.2.1 through 14.2.2.7.
Italics are used for text within Sections 14.2.2.1 through
14.2.2.7 to indicate requirements that differ from ACI 318.

14.2.2.1 De nitions. Add the following de nitions to ACI 318,
Section 2.3.

CONNECTION: A region that joins two or more members.
For precast concrete diaphragm design, a connection also refers
to an assembly of connectors with the linking parts, welds and
anchorage to concrete, which forms a load path across a joint
between members, at least one of which is a precast concrete
member.

CONNECTOR: Fabricated part embedded in concrete for
anchorage and intended to provide a load path across a precast
concrete joint.
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DETAILED PLAIN CONCRETE STRUCTURAL WALL: A
wall complying with the requirements of ACI, Chapter 14.

ORDINARY PRECAST STRUCTURAL WALL: A precast
wall complying with the requirements of ACI 318 excluding
Chapters 14, 18, and 27.

PRECAST CONCRETE DIAPHRAGM DESIGN OPTIONS:

Basic Design Option (BDO): An option where elastic dia-
phragm response in the design earthquake is targeted.

Elastic Design Option (EDO): An option where elastic dia-
phragm response in the maximum considered earthquake is
targeted.

Reduced Design Option (RDO): An option that permits
limited diaphragm yielding in the design earthquake.

14.2.2.2 ACI 318, Section 10.7.6. Modify Section 10.7.6 by
revising Section 10.7.6.1.6 to read as follows:

10.7.6.1.6 If anchor bolts are placed in the top of a column or
pedestal, the bolts shall be enclosed by transverse reinforcement
that also surrounds at least four longitudinal bars within the
column or pedestal. The transverse reinforcement shall be dis-
tributed within 5 in. of the top of the column or pedestal and shall
consist of at least two No. 4 or three No. 3 bars. In structures
assigned to Seismic Design Categories C, D, E, or F, the ties shall
have a hook on each free end that complies with Section 25.3.4.

14.2.2.3 Scope. Modify ACI 318, Section 18.2.1.2, to read as
follows:

18.2.1.2 All members shall satisfy requirements of Chapters 1
to 17 and 19 to 26. Structures assigned to SDC B, C, D, E, or F
also shall satisfy Section 18.2.1.3 through 18.2.1.7, as applicable,
except as modi ed by the requirements of Chapters 14 and 15 of
ASCE 7. Where ACI 318, Chapter 18 con icts with other ACI 318
chapters, Chapter 18 shall govern over those other chapters.

14.2.2.4 Intermediate Precast Structural Walls. Modify ACI
318, Section 18.5, by renumbering Sections 18.5.2.2 and
18.5.2.3 to Sections 18.5.2.3 and 18.5.2.4, respectively, and
adding new Section 18.5.2.2 to read as follows:

18.5.2.2 Connections that are designed to yield shall be
capable of maintaining 80% of their design strength at the
deformation induced by design displacement, or shall use type
2 mechanical splices.

18.5.2.3 Elements of the connection that are not designed to
yield shall develop at least 1.5 S,.

18.5.2.4 In structures assigned to SDC D, E, or F, wall piers
shall be designed in accordance with Sections 18.10.8 or 18.14.

14.2.2.5 Special Precast Structural Walls. Modify ACI 318,
Section 18.11.2.1, to read as follows:

18.11.2.1 Special structural walls constructed using precast
concrete shall satisfy all requirements of Section 18.10 in addition
to Section 18.5.2 as modi ed by Section 14.2.2 of ASCE 7.

14.2.2.6 Foundations. Modify ACI 318, Section 18.13.1.1, to
read as follows:

18.13.1.1 This section, as modi ed by Sections 12.1.5, 12.13,
or 14.2 of ASCE 7, shall apply to foundations resisting earth-
quake-induced forces between structure and ground in structures
assigned to SDC D, E, or F.

14.2.2.7 Detailed Plain Concrete Shear Walls. Modify ACI
318, Section 14.6, by adding a new Section 14.6.2 to read
14.6.2 Detailed Plain Concrete Shear Walls
14.6.2.1 Detailed plain concrete shear walls are walls con-
forming to the requirements for ordinary plain concrete shear
walls and Section 14.6.2.2.
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cylindrical tank walls shall comply with the requirements of
Section 15.7.2¢(2).

15.1.4.1 Direction of Loading Criteria for Nonbuilding
Structures Sensitive to Vertical Ground Motions. The
following orthogonal load combinations of horizontal and
vertical seismic load effects shall be applied to hanging
structures and structures incorporating horizontal cantilevers.

15.1.4.1.1 Strength. The directions of application of seismic
forces used in the strength design of structure elements shall be
those that produce the most critical load effects. This requirement
is deemed satis ed if the structure elements are designed to the
more stringent demands of the following load directions:

1. 100% of the forces for one horizontal direction plus 30% of
the forces for the perpendicular horizontal direction plus
30% of the forces for the vertical direction. The combina-
tion requiring the maximum component strength shall be
used.

2. 100% of the forces for the vertical direction plus 30% of the
forces for a horizontal direction plus 30% of the forces for
the perpendicular horizontal direction. The combination
requiring the maximum component strength shall be used.

15.1.4.1.2 Overturning and Stability. The directions of applica-
tion of seismic forces used in the evaluation of overturning
stability and sliding of the structure shall be those that produce
the most critical load effects. This requirement is deemed satis-

ed if the structures and their foundations are evaluated for
overturning stability and sliding using the following load
directions:

1. 100% of the forces for one horizontal direction plus 30% of
the forces for the perpendicular horizontal direction plus
30% of the forces for the vertical direction. The combina-
tion requiring the maximum component strength shall be
used.

15.2 THIS SECTION INTENTIONALLY LEFT BLANK;
SEE SECTION 15.8

15.3 NONBUILDING STRUCTURES SUPPORTED BY
OTHER STRUCTURES

Where nonbuilding structures identi ed in Table 15.4-2 are
supported by other structures and nonbuilding structures are not
part of the primary seismic force-resisting system, one of the
following methods shall be used.

15.3.1 Less Than 25% Combined Weight Condition. For the
condition where the weight of the nonbuilding structure is less
than 25% of the combined effective seismic weights of the
nonbuilding structure and supporting structure, the design
seismic forces of the nonbuilding structure shall be determined
in accordance with Chapter 13 where the values of R, and aj, shalll
be determined in accordance with Section 13.1.6. The supporting
structure shall be designed in accordance with the requirements of
Chapter 12 or Section 15.5, as appropriate, with the weight of the
nonbuilding structure considered in the determination of the
effective seismic weight, W.

15.3.2 Greater Than or Equal to 25% Combined Weight
Condition. For the condition where the weight of the
nonbuilding structure is equal to or greater than 25% of the
combined effective seismic weights of the nonbuilding structure
and supporting structure, an analysis combining the structural
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characteristics of both the nonbuilding structure and the
supporting structures shall be performed to determine the
seismic design forces as follows:

1. Where the fundamental period, T, of the nonbuilding
structure is less than 0.06 s, the nonbuilding structure shall
be considered a rigid element with appropriate distribution
of its effective seismic weight. The supporting structure
shall be designed in accordance with the requirements of
Chapter 12 or Section 15.5 as appropriate, and the R value
of the combined system is permitted to be taken as the R
value of the supporting structural system. The nonbuilding
structure and attachments shall be designed for the forces
using the procedures of Chapter 13 where the value of R
shall be taken as equal to the R value of the nonbuilding
structure as set forth in Table 15.4-2, and ap shall be taken
as 1.0.

2. Where the fundamental period, T, of the nonbuilding
structure is 0.06 s or greater, the nonbuilding structure
and supporting structure shall be modeled together in a
combined model with appropriate stiffness and effective
seismic weight distributions. The combined structure shall
be designed in accordance with Section 15.5 with the R
value of the combined system taken as the lesser R value of
the nonbuilding structure or the supporting structure. The
nonbuilding structure and attachments shall be designed for
the forces determined for the nonbuilding structure in the
combined analysis.

15.3.3 Architectural, Mechanical, and Electrical
Components. Architectural, mechanical, and electrical
components supported by nonbuilding structures shall be
designed in accordance with Chapter 13 of this standard.

15.4 STRUCTURAL DESIGN REQUIREMENTS

15.4.1 Design Basis. Nonbuilding structures that have speci ¢
seismic design criteria established in reference documents shall
be designed using the standards as amended herein. Where
reference documents are not cited herein, nonbuilding
structures shall be designed in compliance with Sections 15.5
and 15.6 to resist minimum seismic lateral forces that are not less
than the requirements of Section 12.8, with the following
additions and exceptions:

1. The seismic force-resisting system shall be selected as
follows:

a. For nonbuilding structures similar to buildings, a sys-
tem shall be selected from among the types indicated in
Table 12.2-1 or Table 15.4-1 subject to the system
limitations and limits on structural height, h,,, based on
the Seismic Design Category indicated in the table. The
appropriate values of R, o, and Cy indicated in the
selected table shall be used in determining the base
shear, element design forces, and design story drift as
indicated in this standard. Design and detailing require-
ments shall comply with the sections referenced in the
selected table.

b. For nonbuilding structures not similar to buildings, a
system shall be selected from among the types indicated
in Table 15.4-2 subject to the system limitations and
limits on structural height, h,,, based on Seismic Design
Category indicated in the table. The appropriate values
of R, ¢, and Cq indicated in Table 15.4-2 shall be used
in determining the base shear, element design forces,
and design story drift as indicated in this standard.
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The value of Cg shall not be taken as less than 0.01.

And for nonbuilding structures located where
S; 0.6g, the minimum speci ed value in Eq. (12.8-6)
shall be replaced by

C,=0.5S,/3R/I b (15.4-4)

Minimum base shear requirements need not apply to the
convective (sloshing) component of liquid in tanks.

3. The Importance Factor, l,, shall be as set forth in
Section 15.4.1.1.

4. The vertical distribution of the lateral seismic forces in
nonbuilding structures covered by this section shall be
determined:

a. Using the requirements of Section 12.8.3, or

b. Using the procedures of Section 12.9.1, or

c. In accordance with the reference document applicable
to the speci ¢ nonbuilding structure.

5. Provided that the mass locations for the structure, any
contents, and any supported structural or nonstructural
elements (including but not limited to piping and stairs)
that could contribute to the mass or stiffness of the structure
are accounted for and quanti ed in the analysis, the
accidental torsion requirements of Section 12.8.4.2 need
not be accounted for:

a. Rigid nonbuilding structures, or

b. Nonbuilding structures not similar to buildings
designed with R values less than or equal to 3.5, or

c. Nonbuilding structures similar to buildings with R
values less than or equal to 3.5, provided that one of
the following conditions is met:

i. The calculated center of rigidity at each diaphragm
is greater than 5% of the plan dimension of the
diaphragm in each direction from the calculated
center of mass of the diaphragm, or

ii. The structure does not have a horizontal torsional
irregularity type 1A or 1B and the structure has at
least two lines of lateral resistance in each of two
major axis directions. At least one line of lateral
resistance shall be provided a distance of not less
than 20% of the structure’s plan dimension from the
center of mass on each side of the center of mass.

In addition, structures designed to this section shall be

analyzed using a 3D representation in accordance with
Section 12.7.3.

6. For nonbuilding structural systems containing liquids,
gases, and granular solids supported at the base as de ned
in Section 15.7.1, the minimum seismic design force shall
not be less than that required by the reference document for
the speci c system.

7. Where a reference document provides a basis for the
earthquake-resistant design of a particular type of non-
building structure covered by Chapter 15, such a standard
shall not be used unless the following limitations are met:
a. The seismic ground accelerations and seismic coef -

cients shall be in conformance with the requirements of

Section 11.4.

b. The values for total lateral force and total base over-
turning moment used in design shall not be less than

80% of the base shear value and overturning moment,

each adjusted for the effects of soil-structure interaction

that is obtained using this standard.

8. The base shear is permitted to be reduced in accordance
with Section 19.2 to account for the effects of foundation

damping from soil-structure interaction. In no case shall
the reduced base shear be less than 0.7V.

9. Unless otherwise noted in Chapter 15, the effects on the
nonbuilding structure caused by gravity loads and seismic
forces shall be combined in accordance with the factored
load combinations as presented in Section 2.3.

10. Where speci cally required by Chapter 15, the design
seismic force on nonbuilding structures shall be as de ned
in Section 12.4.3.

15.4.1.1 Importance Factor. The Importance Factor, I, and
risk category for nonbuilding structures are based on the relative
hazard of the contents and the function. The value of I, shall be
the largest value determined by the following:

a. applicable reference document listed in Chapter 23,
b. the largest value as selected from Table 1.5-2, or
c. as speci ed elsewhere in Chapter 15.

15.4.2 Rigid Nonbuilding Structures. Nonbuilding structures
that have a fundamental period, T, less than 0.06 s, including
their anchorages, shall be designed for the lateral force obtained
from the following:

V =0.30Sps W1, (15.4-5)

where

V =the total design lateral seismic base shear force applied to a
nonbuilding structure;
Sps =the site design response acceleration as determined from
Section 11.4.5;
W = nonbuilding structure operating weight; and
I, =the Importance Factor determined in accordance with
Section 15.4.1.1.

The force shall be distributed with height in accordance with
Section 12.8.3.

15.4.3 Loads. The seismic effective weight W for nonbuilding
structures shall include the dead load and other loads as de ned
for structures in Section 12.7.2. For purposes of calculating
design seismic forces in nonbuilding structures, W also shall
include all normal operating contents for items such as tanks,
vessels, bins, hoppers, and the contents of piping. W shall include
snow and ice loads where these loads constitute 25% or more of
W or where required by the Authority Having Jurisdiction based
on local environmental characteristics.

15.4.4 Fundamental Period. The fundamental period of the
nonbuilding structure shall be determined using the structural
properties and deformation characteristics of the resisting
elements in a properly substantiated analysis as indicated in
Section 12.8.2. Alternatively, the fundamental period T is
permitted to be computed from the following equation:

(15.4-6)

The values of f; represent any lateral force distribution in
accordance with the principles of structural mechanics. The
elastic de ections, ;, shall be calculated using the applied lateral
forces, f;. Egs. (12.8-7), (12.8-8), (12.8-9), and (12.8-10)
shall not be used for determining the period of a nonbuilding
structure.
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15.4.5 Drift Limit. The drift limit of Section 12.12.1 need not
apply to nonbuilding structures if a rational analysis indicates that
they can be exceeded without adversely affecting structural stability
or attached or interconnected components and elements such as
walkways and piping. P-delta effects shall be considered where they
are critical to the function or stability of the structure. P-delta effects,
when considered, shall be based on displacements determined by an
elastic analysis multiplied by C4/1, using the appropriate C4 value
from Tables 12.2-1, 15.4-1, or 15.4-2.

15.4.6 Materials Requirements. The requirements regarding
speci ¢ materials in Chapter 14 shall be applicable unless
speci cally exempted in Chapter 15.

15.4.7 Drift, De ection, and Structure Separation. Drift,
de ection, and structure separation calculated using strength
level seismic forces shall be determined in accordance with
this standard unless speci cally amended in Chapter 15.

15.4.8 Site-Speci ¢ Response Spectra. Where required by a
reference document or the Authority Having Jurisdiction,
speci ¢ types of nonbuilding structures shall be designed for
site-speci c criteria that account for local seismicity and geology,
expected recurrence intervals, and magnitudes of events from
known seismic hazards (see Section 11.4.8 of this standard). If a
longer recurrence interval is de ned in the reference document
for the nonbuilding structure, such as lique ed natural gas (LNG)
tanks (NFPA 59A), the recurrence interval required in the
reference document shall be used.

15.4.9 Anchors in Concrete or Masonry

15.4.9.1 Anchors in Concrete. Anchors in concrete used for
nonbuilding structure anchorage shall be designed in accordance
with Chapter 17 of ACI 318.

15.4.9.2 Anchors in Masonry. Anchors in masonry used for
nonbuilding structure anchorage shall be designed in accordance
with TMS 402. Anchors shall be designed to be governed by the
tensile or shear strength of a ductile steel element.

EXCEPTION: Anchors shall be permitted to be designed so
that either:

a. the attachment that the anchor is connecting to the structure
undergoes ductile yielding at a load level corresponding to
anchor forces not greater than the design strength of the
anchor, or

b. the anchors shall be designed to resist the load combina-
tions in accordance with Section 12.4.3 including  as
given in Tables 15.4-1 and 15.4-2.

15.4.9.3 Post-installed  Anchors in  Concrete and
Masonry. Post-installed anchors in concrete shall be
prequali ed for seismic applications in accordance with ACI
355.2 or other approved quali cation procedures. Post-installed
anchors in masonry shall be prequali ed for seismic applications
in accordance with approved quali cation procedures.

15.4.9.4 ASTM F1554 Anchors. When ASTM F1554 Grade
36 anchors are speci ed and are designed as ductile anchors in
accordance with ACI 318, Section 17.2.3.4.3(a), or where the
design must meet the requirements of Section 15.7.5 or
Section 15.7.11.7b, substitution of weldable ASTM F1554
Grade 55 (with Supplementary Requirement S1) anchors shall
be prohibited.

15.4.10 Requirements for Nonbuilding Structure
Foundations on Lique able Sites. Nonbuilding structure
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foundations on lique able sites shall comply with
Section 12.13.9 and the requirements of Section 15.4.10.1.

15.4.10.1 Nonbuilding Structures on Shallow Foundations.
Nonbuilding structures shall not be permitted to be supported
on shallow foundations at lique able sites unless it can be
demonstrated that the structure’s foundation, superstructure,
and connecting systems can be designed to accommodate the
soil strength loss, lateral spreading, and total and differential
settlements induced by MCEg earthquake ground motions
indicated in the geotechnical investigation report.

15,5 NONBUILDING STRUCTURES SIMILAR TO
BUILDINGS

15.5.1 General. Nonbuilding structures similar to buildings as
de ned in Section 11.2 shall be designed in accordance with this
standard as modi ed by this section and the speci c reference
documents. This general category of nonbuilding structures shall
be designed in accordance with the seismic requirements of this
standard and the applicable portions of Section 15.4. The
combination of load effects, E, shall be determined in
accordance with Section 12.4.

15.5.2 Pipe Racks

15.5.2.1 Design Basis. In addition to the requirements of
Section 15.5.1, pipe racks supported at the base of the
structure shall be designed to meet the force requirements of
Section 12.8 or 12.9.1. Displacements of the pipe rack and
potential for interaction effects (pounding of the piping
system) shall be considered using the ampli ed de ections
obtained from the following equation:

= Coe (15.5-1)

X
le

where

Cq =de ection ampli cation factor in Table 15.4-1;

« = de ections determined using the prescribed seismic design
forces of this standard; and

I, = Importance Factor determined
Section 15.4.1.1.

See Section 13.6.2 for the design of piping systems and their
attachments. Friction resulting from gravity loads shall not be
considered to provide resistance to seismic forces.

in accordance with

15.5.3 Storage Racks. Storage racks constructed from steel
supported at or below grade shall be designed in accordance
with Sections 15.5.3.1 or 15.5.3.2, as applicable, and the
requirements in Section 15.5.3.3.

15.5.3.1 Steel Storage Racks. Steel storage racks supported at
or below grade shall be designed in accordance with ANSI/RMI
MH 16.1 and its force and displacement requirements, except as
follows.

15.5.3.1.1 Modify Section 7.1.2 of ANSI/RMI MH 16.1 as
follows:

7.1.2 Base Plate Design

Once the required bearing area has been determined from the
allowable bearing stress, F{, the minimum thickness of the base
plate is determined by rational analysis or by appropriate test
using a test load 1.5 times the ASD design load or the factored
LRFD load. Design forces that include seismic loads for an-
chorage of steel storage racks to concrete or masonry shall be
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15.7.7 Water Storage and Water Treatment Tanks and
Vessels

15.7.7.1 Welded Steel. Welded steel water storage tanks and
vessels shall be designed in accordance with the seismic
requirements of AWWA D100 with the following exceptions:

a. The seismic design ground motion values shall be deter-
mined according to Section 11.4.b. Modify AWWA D100,
Section 13.5.4.4 as follows:

13.5.4.4 Freeboard. Sloshing shall be considered in
determining the freeboard above the MOL. Freeboard
is de ned as the distance from the MOL to the lowest
level of roof framing. The freeboard provided shall
meet the requirements of Table 29, unless—otherwise
speei—ed. The sloshing wave height :::

15.7.7.2 Bolted Steel. Bolted steel water storage structures
shall be designed in accordance with the seismic requirements
of AWWA D103, with the following exceptions.

a. The seismic design ground motion values shall be deter-
mined according to Section 11.4.

b. For Type 6 tanks, the overturning ratio, J, as determined
using AWWA D103, Eq. (14-32) shall not exceed 0.785.

15.7.7.3 Reinforced and Prestressed Concrete. Reinforced
and prestressed concrete tanks shall be designed in accordance
with the seismic requirements of AWWA D110, AWWA D115,
or ACI 350.3, except that the Importance Factor, I, shall be
determined according to Section 15.4.1.1; the response
modi cation coef cient, R, shall be taken from Table 15.4-2;
the seismic design ground motion values shall be determined
according to Section 11.4; and the design input forces for
strength design procedures shall be determined using the
procedures of ACI 350.3, except that S,. shall be substituted
for C. in ACI 350.3, Section 9.4.2, using Egs. (15.7-10) for T,
T, and (15.7-11) for T. > T from Section 15.7.6.1.

15.7.8 Petrochemical and Industrial Tanks and Vessels
Storing Liquids

15.7.8.1 Welded Steel. Welded steel at-bottom, ground-
supported petrochemical tanks, industrial tanks, and vessels
storing liquids under an internal pressure less than or equal to
2.5 psig (17.2 kPa g) shall be designed in accordance with the
seismic requirements of APl 650. Welded steel at-bottom,
ground-supported petrochemical tanks, industrial tanks, and
vessels storing liquids under an internal pressure greater than
2.5 psig (17.2 kPa g) and less than or equal to 15 psig (104.4 kPa
g) shall be designed in accordance with the seismic requirements
of APl 620.

15.7.8.2 Bolted Steel. Bolted steel tanks are used for storage of
production liquids. APl 12B covers the material, design, and
erection requirements for vertical, cylindrical, and above ground
bolted tanks in nominal capacities of 100 to 10,000 barrels for
production service. Unless required by the Authority Having
Jurisdiction, these temporary structures need not be designed for
seismic loads. If design for seismic load is required, the loads are
permitted to be adjusted for the temporary nature of the
anticipated service life.

15.7.8.3 Reinforced and Prestressed Concrete. Reinforced
concrete tanks for the storage of petrochemical and industrial
liquids shall be designed in accordance with the force
requirements of Section 15.7.7.3.
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15.7.9 Ground-Supported Storage Tanks for Granular
Materials

15.7.9.1 General. The intergranular behavior of the material
shall be considered in determining effective mass and load paths,
including the following behaviors:

a. Increased lateral pressure (and the resulting hoop stress)
caused by loss of the intergranular friction of the material
during seismic shaking;

b. Increased hoop stresses generated from temperature
changes in the shell after the material has been compacted;
and

c. Intergranular friction, which can transfer seismic shear
directly to the foundation.

15.7.9.2 Lateral Force Determination. The lateral forces for
tanks and vessels storing granular materials at grade shall be
determined by the requirements and accelerations for short-
period structures (i.e., Spg).

15.7.9.3 Force Distribution to Shell and Foundation

15.7.9.3.1 Increased Lateral Pressure. The increase in lateral
pressure on the tank wall shall be added to the static design lateral
pressure but shall not be used in the determination of pressure
stability effects on the axial buckling strength of the tank shell.

15.7.9.3.2 Effective Mass. A portion of a stored granular mass
acts with the shell (the effective mass). The effective mass is
related to the physical characteristics of the product, the height-
to-diameter (H/D) ratio of the tank, and the intensity of the
seismic event. The effective mass shall be used to determine the
shear and overturning loads resisted by the tank.

15.7.9.3.3 Effective Density. The effective density factor (that
part of the total stored mass of product that is accelerated by the
seismic event) shall be determined in accordance with ACI 313.

15.7.9.3.4 Lateral Sliding. For granular storage tanks that have
a steel bottom and are supported such that friction at the bottom
to foundation interface can resist lateral shear loads, no additional
anchorage to prevent sliding is required. For tanks without steel
bottoms (i.e., the material rests directly on the foundation), shear
anchorage shall be provided to prevent sliding.

15.7.9.3.5 Combined Anchorage Systems. If separate anchorage
systems are used to prevent overturning and sliding, the relative
stiffness of the systems shall be considered in determining the
load distribution.

15.7.9.4 Welded Steel Structures. Welded steel granular
storage structures shall be designed in accordance with the
seismic requirements of this standard. Component allowable
stresses and materials shall be per AWWA D100, except that
the allowable circumferential membrane stresses and material
requirements in API 650 shall apply.

15.7.9.5 Bolted Steel Structures. Bolted steel granular storage
structures shall be designed in accordance with the seismic
requirements of this section. Component allowable stresses
and materials shall be per AWWA D103.

15.7.9.6 Reinforced Concrete Structures. Reinforced
concrete structures for the storage of granular materials shall
be designed in accordance with the seismic force requirements of
this standard and the requirements of ACI 313.

15.7.9.7 Prestressed Concrete Structures. Prestressed
concrete structures for the storage of granular materials shall
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be designed in accordance with the seismic force requirements of
this standard and the requirements of ACI 313.

15.7.10 Elevated Tanks and Vessels for Liquids and
Granular Materials

15.7.10.1 General. This section applies to tanks, vessels, bins,
and hoppers that are elevated above grade where the supporting
tower is an integral part of the structure. Tanks and vessels that are
supported by another structure are considered mechanical
equipment and shall be designed in accordance with Section 15.3.

Elevated tanks shall be designed for the force and displace-
ment requirements of the applicable reference document or
Section 15.4.

15.7.10.2 Effective Mass. The design of the supporting tower
or pedestal, anchorage, and foundation for seismic overturning
shall assume that the material stored is a rigid mass acting at the
volumetric center of gravity. The effects of uid-structure
interaction are permitted to be considered in determining the
forces, effective period, and mass centroids of the system if the
following requirements are met:

a. The sloshing period, T, is greater than 3T where T =
natural period of the tank with con ned liquid (rigid mass)
and supporting structure, and

b. The sloshing mechanism (i.e., the percentage of convective
mass and centroid) is determined for the speci ¢ con gu-
ration of the container by detailed uid-structure interac-
tion analysis or testing.

Soil-structure interaction is permitted to be included in deter-
mining T, provided that the requirements of Chapter 19 are met.

15.7.10.3 P-Delta Effects. The lateral drift of the elevated tank
shall be considered as follows:

a. The design drift, as determined by an elastic analysis, shall
be increased by the factor C4/1, for evaluating the addi-
tional load in the support structure.

b. The base of the tank shall be assumed to be xed rota-
tionally and laterally.

c. De ections caused by bending, axial tension, or compres-
sion shall be considered. For pedestal tanks with a height-
to-diameter ratio less than 5, shear deformations of the
pedestal shall be considered.

d. The dead load effects of roof-mounted equipment or plat-
forms shall be included in the analysis.

e. If constructed within the plumbness tolerances speci ed by
the reference document, initial tilt need not be considered in
the P-delta analysis.

15.7.10.4 Transfer of Lateral Forces into Support Tower.

For post-supported tanks and vessels that are cross-braced:

a. The bracing shall be installed in such a manner as to
provide uniform resistance to the lateral load (e.g., preten-
sioning or tuning to attain equal sag).

b. The additional load in the brace caused by the eccentricity
between the post-to-tank attachment and the line of action
of the bracing shall be included.

c¢. Eccentricity of compression strut line of action (elements
that resist the tensile pull from the bracing rods in the
seismic force-resisting systems) with their attachment
points shall be considered.

d. The connection of the post or leg with the foundation shall
be designed to resist both the vertical and lateral resultant
from the yield load in the bracing, assuming that the

direction of the lateral load is oriented to produce the
maximum lateral shear at the post-to-foundation interface.
Where multiple rods are connected to the same location, the
anchorage shall be designed to resist the concurrent tensile
loads in the braces.

15.7.10.5 Evaluation of Structures Sensitive to Buckling
Failure. Shell structures that support substantial loads may
exhibit a primary mode of failure from localized or general
buckling of the support pedestal or skirt caused by seismic
loads. Such structures may include single-pedestal water
towers, skirt-supported process vessels, and similar single-
member towers. Where the structural assessment concludes
that buckling of the support is the governing primary mode of
failure, structures speci ed in this standard to be designed to
subsections a and b below and those that are assigned as Risk
Category IV shall be designed to resist the seismic forces as
follows:

a. The seismic response coef cient for this evaluation shall be
in accordance with Section 12.8.1.1 of this standard with
I./R set equal to 1.0. Soil-structure and uid-structure
interactions are permitted to be used in determining the
structural response. Vertical or orthogonal combinations
need not be considered.

b. The resistance of the structure shall be de ned as the
critical buckling resistance of the element, that is, a factor
of safety set equal to 1.0.

15.7.10.6 Welded Steel Water Storage Structures. Welded
steel elevated water storage structures shall be designed and
detailed in accordance with the seismic requirements of AWWA
D100 with the structural height limits imposed by Table 15.4-2.

15.7.10.7 Concrete Pedestal (Composite) Tanks. Concrete
pedestal (composite) elevated water storage structures shall be
designed in accordance with the requirements of AWWA D107,
except that the seismic design ground motion values shall be
determined according to Section 11.4.

15.7.11 Boilers and Pressure Vessels

15.7.11.1 General. Attachments to the pressure boundary,
supports, and seismic force-resisting anchorage systems for
boilers and pressure vessels shall be designed to meet the
force and displacement requirements of Section 15.3 or 15.4
and the additional requirements of this section. Boilers and
pressure vessels categorized as Risk Categories Il or IV shall
be designed to meet the force and displacement requirements of
Section 15.3 or 15.4.

15.7.11.2 ASME Boilers and Pressure Vessels. Boilers or
pressure vessels designed and constructed in accordance with
ASME BPVC shall be deemed to meet the requirements of this
section provided that the force and displacement requirements of
Section 15.3 or 15.4 are used with appropriate scaling of the force
and displacement requirements to the working stress design basis.

15.7.11.3 Attachments of Internal Equipment and
Refractory. Attachments to the pressure boundary for internal
and external ancillary components (refractory, cyclones, trays,
etc.) shall be designed to resist the seismic forces speci ed
in this standard to safeguard against rupture of the pressure
boundary. Alternatively, the element attached is permitted to be
designed to fail before damaging the pressure boundary provided
that the consequences of the failure do not place the pressure
boundary in jeopardy. For boilers or vessels containing liquids,
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the effect of sloshing on the internal equipment shall be considered
if the equipment can damage the integrity of the pressure
boundary.

15.7.11.4 Coupling of Vessel and Support Structure. Where
the mass of the operating vessel or vessels supported is greater
than 25% of the total mass of the combined structure, the
structure and vessel designs shall consider the effects of
dynamic coupling between each other. Coupling with
adjacent, connected structures such as multiple towers shall be
considered if the structures are interconnected with elements that
transfer loads from one structure to the other.

15.7.11.5 Effective Mass. Fluid-structure interaction
(sloshing) shall be considered in determining the effective
mass of the stored material, provided that suf cient liquid
surface exists for sloshing to occur and that the T, is greater
than 3T. Changes to or variations in material density with
pressure and temperature shall be considered.

15.7.11.6 Other Boilers and Pressure Vessels. Boilers and
pressure vessels designated Risk Category IV, but not
designed and constructed in accordance with the requirements
of ASME BPVC, shall meet the following requirements.

The seismic loads in combination with other service loads and
appropriate environmental effects shall not exceed the material
strength shown in Table 15.7-4.

Consideration shall be made to mitigate seismic impact loads
for boiler or vessel elements constructed of nonductile materials
or vessels operated in such a way that material ductility is
reduced (e.g., low-temperature applications).

15.7.11.7 Supports and Attachments for Boilers and
Pressure Vessels. Attachments to the pressure boundary and
support for boilers and pressure vessels shall meet the following
requirements:

a. Attachments and supports transferring seismic loads shall
be constructed of ductile materials suitable for the intended
application and environmental conditions.

b. Anchorage shall be in accordance with Section 15.4.9,
whereby the anchor embedment into the concrete is
designed to develop the steel strength of the anchor in
tension. The steel strength of the anchor in tension shall be
determined in accordance with ACI 318, Eq. (17.4.1.2).
The anchor shall have a minimum gauge length of eight
diameters. The load combinations including overstrength
of Section 12.4.3 are not to be used to size the anchor bolts
for tanks and horizontal and vertical vessels.

c. Seismic supports and attachments to structures shall be
designed and constructed so that the support or attachment
remains ductile throughout the range of reversing seismic
lateral loads and displacements.

d. Vessel attachments shall consider the potential effect on the
vessel and the support for uneven vertical reactions based on
variations in relative stiffness of the support members,
dissimilar details, nonuniform shimming, or irregular sup-
ports. Uneven distribution of lateral forces shall consider the
relative distribution of the resisting elements, the behavior of
the connection details, and vessel shear distribution.

The requirements of Sections 15.4 and 15.7.10.5 shall also be
applicable to this section.

15.7.12 Liquid and Gas Spheres

15.7.12.1 General. Attachments to the pressure or liquid
boundary, supports, and seismic force-resisting anchorage
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systems for liquid and gas spheres shall be designed to meet
the force and displacement requirements of Section 15.3 or 15.4
and the additional requirements of this section. Spheres categorized
as Risk Category Il or IV shall themselves be designed to meet the
force and displacement requirements of Section 15.3 or 15.4.

15.7.12.2 ASME Spheres. Spheres designed and constructed
in accordance with Section VIII of ASME BPVC shall be
deemed to meet the requirements of this section, provided that
the force and displacement requirements of Section 15.3 or 15.4
are used with appropriate scaling of the force and displacement
requirements to the working stress design basis.

15.7.12.3 Attachments of Internal Equipment and
Refractory. Attachments to the pressure or liquid boundary for
internal and external ancillary components (refractory, cyclones,
trays, etc.) shall be designed to resist the seismic forces speci ed in
this standard to safeguard against rupture of the pressure boundary.
Alternatively, the element attached to the sphere could be designed
to fail before damaging the pressure or liquid boundary, provided
that the consequences of the failure do not place the pressure
boundary in jeopardy. For spheres containing liquids, the effect of
sloshing on the internal equipment shall be considered if the
equipment can damage the pressure boundary.

15.7.12.4 Effective Mass. Fluid—structure interaction (sloshing)
shall be considered in determining the effective mass of the stored
material, provided that suf cient liquid surface exists for sloshing
to occur and that the T is greater than 3T. Changes to or variations
in uid density shall be considered.

15.7.12.5 Post- and Rod-Supported Spheres. For post-
supported spheres that are cross-braced:

a. The requirements of Section 15.7.10.4 shall also be appli-
cable to this section.

b. The stiffening effect (reduction in lateral drift) from pre-
tensioning of the bracing shall be considered in determin-
ing the natural period.

c. The slenderness and local buckling of the posts shall be
considered.

d. Local buckling of the sphere shell at the post attachment
shall be considered.

e. For spheres storing liquids, bracing connections shall be
designed and constructed to develop the minimum pub-
lished yield strength of the brace. For spheres storing gas
vapors only, bracing connection shall be designed for 4
times the maximum design load in the brace. Lateral
bracing connections directly attached to the pressure or
liquid boundary are prohibited.

15.7.12.6 Skirt-Supported  Spheres. For
spheres, the following requirements shall apply:

skirt-supported

a. The requirements of Section 15.7.10.5 shall also apply.

b. The local buckling of the skirt under compressive mem-
brane forces caused by axial load and bending moments
shall be considered.

c. Penetration of the skirt support (manholes, piping, etc.)
shall be designed and constructed to maintain the strength
of the skirt without penetrations.

15.7.13 Refrigerated Gas Liquid Storage Tanks and Vessels

15.7.13.1 General. Tanks and facilities for the storage of
ligue ed hydrocarbons and refrigerated liquids shall meet the
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requirements of this standard. Low-pressure welded steel
at-bottom, ground-supported storage tanks for lique ed
hydrocarbon gas (e.g., lique ed petroleum gas or butane)
and refrigerated liquids (e.g., ammonia) shall be designed
in accordance with the requirements of Section 15.7.8 and
API 620.

15.7.14 Horizontal, Saddle-Supported Vessels for Liquid or
Vapor Storage

15.7.14.1 General. Horizontal vessels supported on saddles
(sometimes referred to as “blimps™) shall be designed to meet
the force and displacement requirements of Section 15.3 or 15.4.

15.7.14.2 Effective Mass. Changes to or variations in material
density shall be considered. The design of the supports, saddles,
anchorage, and foundation for seismic overturning shall assume
that the material stored is a rigid mass acting at the volumetric
center of gravity.

15.7.14.3 Vessel Design. Unless a more rigorous analysis is
performed,

a. Horizontal vessels with a length-to-diameter ratio of 6 or
more are permitted to be assumed to be a simply supported

beam spanning between the saddles for determining
the natural period of vibration and global bending moment.

b. For horizontal vessels with a length-to-diameter ratio of
less than 6, the effects of “deep beam shear” shall be
considered where determining the fundamental period and
stress distribution.

c. Local bending and buckling of the vessel shell at the saddle
supports caused by seismic load shall be considered.
The stabilizing effects of internal pressure shall not be
considered to increase the buckling resistance of the vessel
shell.

d. If the vessel is a combination of liquid and gas storage, the
vessel and supports shall be designed both with and
without gas pressure acting (assume that piping has rup-
tured and pressure does not exist).

15.8 CONSENSUS STANDARDS AND OTHER
REFERENCED DOCUMENTS

See Chapter 23 for the list of consensus standards and other
documents that shall be considered part of this standard to the
extent referenced in this chapter.
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procedures of Section 16.2.1.1 or Section 16.2.1.2. It shall be
permitted to consider the effects of base slab averaging and
foundation embedment in accordance with Chapter 19.

Where the effects of vertical earthquake shaking are included
in the analysis, a target MCEg vertical spectrum shall also be
constructed.

16.2.1.1 Method 1. A single response spectrum shall be
developed, based on the requirements of either Section 11.4.7
or Section 11.4.8.

16.2.1.2 Method 2. Two or more site-speci ¢ target response
spectra shall be developed. When this method is used, the
following requirements shall be ful lled, in addition to the
other requirements of this chapter:

1. Two or more periods shall be selected, corresponding to
those periods of vibration that signi cantly contribute
to the inelastic dynamic response of the building in two
orthogonal directions. In the selection of periods, lengthen-
ing of the elastic periods of the model shall be considered.

2. For each selected period, a target spectrum shall be created
that either matches or exceeds the MCEg value at that
period. When developing the target spectrum (1) site-
speci ¢ disaggregation shall be performed to identify
earthquake events that contribute most to the MCEg
ground motion at the selected period and (2) the target
spectrum shall be developed to capture one or more
spectral shapes for dominant magnitude and distance com-
binations revealed by the disaggregation.

3. The envelope of the target spectra shall not be less than
75% of the spectral values computed using Method 1 of
Section 16.2.1.1, for all periods in the range speci ed in
Section 16.2.3.1.

4. For each target response spectrum, a ground motion suite
for response history analyses shall be developed and used
in accordance with Sections 16.2.3 through Section 16.2.4.
The acceptance criteria requirements of Section 16.4 shall
be evaluated independently for each of the ground motion
suites.

Variations on the procedures described in this section are
permitted to be used when approved by the design review.

16.2.2 Ground Motion Selection. A suite of not less than
11 ground motions shall be selected for each target spectrum.
Ground motions shall consist of pairs of orthogonal horizontal
ground motion components and, where vertical earthquake
effects are considered, a vertical ground motion component.
Ground motions shall be selected from events within the same
general tectonic regime and having generally consistent
magnitudes and fault distances as those controlling the target
spectrum and shall have similar spectral shape to the target
spectrum. For near-fault sites, as de ned in Section 11.4.1,
and other sites where MCEg shaking can exhibit directionality
and impulsive characteristics, the proportion of ground motions
with near-fault and rupture directivity effects shall represent the
probability that MCER shaking will exhibit these effects. Where
the required number of recorded ground motions is not available,
it shall be permitted to supplement the available records with
simulated ground motions. Ground motion simulations shall be
consistent with the magnitudes, source characteristics, fault
distances, and site conditions controlling the target spectrum.

16.2.3 Ground Motion Modi cation. Ground motions shall
either be amplitude-scaled in accordance with the requirements
of Section 16.2.3.2 or spectrally matched in accordance with the
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requirements of section 16.2.3.3. Spectral matching shall not be
used for near-fault sites unless the pulse characteristics of the
ground motions are retained after the matching process has been
completed.

16.2.3.1 Period Range for Scaling or Matching. A period
range shall be determined, corresponding to the vibration
periods that signi cantly contribute to the building’s lateral
dynamic response. This period range shall have an upper
bound greater than or equal to twice the largest rst-mode
period in the principal horizontal directions of response, unless
a lower value, not less than 1.5 times the largest rst-mode period,
is justi ed by dynamic analysis under MCEg ground motions.
The lower bound period shall be established such that the period
range includes at least the number of elastic modes necessary to
achieve 90% mass participation in each principal horizontal
direction. The lower bound period shall not exceed 20% of the
smallest rst-mode period for the two principal horizontal
directions of response. Where vertical response is considered
in the analysis, the lower bound period used for modi cation of
vertical components of ground motion need not be taken as less
than the larger of 0.1 seconds, or the lowest period at which
signi cant vertical mass participation occurs.

16.2.3.2 Amplitude Scaling. For each horizontal ground
motion pair, a maximum-direction spectrum shall be con-
structed from the two horizontal ground motion components.
Each ground motion shall be scaled, with an identical scale factor
applied to both horizontal components, such that the average
of the maximum-direction spectra from all ground motions
generally matches or exceeds the target response spectrum
over the period range de ned in Section 16.2.3.1. The average
of the maximum-direction spectra from all the ground motions
shall not fall below 90% of the target response spectrum for any
period within the same period range. Where vertical response is
considered in the analysis, the vertical component of each ground
motion shall be scaled such that the average of the vertical
response spectra envelops the target wvertical response
spectrum over the period range speci ed in Section 16.2.3.1.

16.2.3.3 Spectral Matching. Each pair of ground motions shall
be modi ed such that the average of the maximum-direction
spectra for the suite equals or exceeds 110% of the target
spectrum over the period range de ned in Section 16.2.3.1.
Where vertical response is considered in the analysis, the
vertical component of each ground motion shall be spectrally
matched to the target vertical response spectrum such that the
average of the matched spectra does not fall below the target
vertical spectrum in the scaling range of Section 16.2.3.1.

16.2.4 Application of Ground Motions to the Structural
Model. Ground motions shall be applied to the supports of
the structural model. For near-fault sites, as de ned in Section
11.4.1, each pair of horizontal ground motion components shall
be rotated to the fault-normal and fault-parallel directions of the
causative fault and applied to the building in such orientation. At
all other sites, each pair of horizontal ground motion components
shall be applied to the building at orthogonal orientations such
that the average (or mean) of the component response spectrum
for the records applied in each direction is within  10% of the
mean of the component response spectra of all records applied for
the period range speci ed in Section 16.2.3.1.

16.3 MODELING AND ANALYSIS

16.3.1 Modeling. Mathematical models shall be three-
dimensional and shall conform to the requirements of Section
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12.7 and this section. For structures that have subterranean levels,
the structural model shall extend to the foundation level and
ground motions shall be input at the foundation level. All
elements that signi cantly affect seismic response when
subjected to MCEg ground motions shall be included.
Modeling of element nonlinear hysteretic behavior shall be
consistent with ASCE 41 or applicable laboratory test data.
Test data shall not be extrapolated beyond tested deformation
levels. Degradation in element strength or stiffness shall be
included in the hysteretic models unless it can be demonstrated
that response is not suf cient to produce these effects.
Analysis models shall be capable of representing the exibility
of oor diaphragms where this is signi cant to the structure’s
response. Diaphragms at horizontal and vertical discontinuities in
lateral resistance shall be explicitly modeled in a manner that
permits capture of the force transfers and resulting deformations.

16.3.2 Gravity Load. The modeling of and demands on
elements in the analysis model shall be determined
considering earthquake effects acting in combination with
expected gravity loads, both with and without live load.
Expected gravity loads with live load shall be taken as
1.0D 0.5L, where L shall be taken as 80% of unreduced
live loads that exceed 100 Ib/ft> (4.79 kN/m?) and 40% of
all other unreduced live loads. Expected gravity loads without
live load shall be taken as 1.0D.

EXCEPTION: Where the sum, over the entire structure, of
the expected live load (0.5L) as de ned above does not exceed
25% of the total dead load, D, and the live load intensity L, over
at least 75% of the structure is less than 100 psf (4.79 kN/m?),
the case without live load need not be considered.

16.3.3 P-Delta Effects. P-delta effects considering the spatial
distribution of gravity loads shall be included in the analysis.

16.3.4 Torsion. Inherent eccentricity resulting from any offset in
the centers of mass and stiffness at each level shall be accounted for
in the analysis. In addition, where a Type 1a or Type 1b horizontal
structural irregularly exists as de ned in Section 12.3.2.1,
accidental eccentricity consisting of an assumed displacement of
the center of mass each way from its actual location by a distance
equal to 5% of the diaphragm dimension of the structure parallel to
the direction of mass shift shall be considered. The required 5%
displacement of the center of mass need not be applied in both
orthogonal directions at the same time.

16.3.5 Damping. Hysteretic energy dissipation of structural
members shall be modeled directly. Additional inherent
damping not associated with inelastic behavior of elements
shall be modeled appropriate to the structure type and shall
not exceed 2.5% equivalent viscous damping in the signi cant
modes of response.

16.3.6 Explicit Foundation Modeling. When soil spring and/
or dashpot elements are included in the structural model,
horizontal input ground motions shall be applied to the
horizontal soil elements rather than being applied to the
foundation directly.

16.4 ANALYSIS RESULTS AND ACCEPTANCE
CRITERIA

Structures shall be demonstrated to meet the global acceptance
criteria of Section 16.4.1 and the element-level acceptance
criteria of Section 16.4.2.

The mean value of story drift, and element demand, Q,, shall
be used to evaluate acceptability.

EXCEPTION: Where a ground motion produces unaccept-
able response as permitted in Section 16.4.1.1, 120% of the
median value, but not less than the mean value obtained from the
suite of analyses producing acceptable response shall be used.

16.4.1 Global Acceptance Criteria

16.4.1.1 Unacceptable Response. Unacceptable response to
ground motion shall consist of any of the following:

1. Analytical solution fails to converge,

2. Predicted demands on deformation-controlled elements
exceed the valid range of modeling,

3. Predicted demands on critical or ordinary force-controlled
elements, as de ned in Section 16.4.2 exceed the element
capacity, or

4. Predicted deformation demands on elements not explicitly
modeled exceed the deformation limits at which the mem-
bers are no longer able to carry their gravity loads.

Unacceptable response to ground motion shall not be
permitted.

EXCEPTION: For Risk Category | and Il structures, where
spectral matching of ground motion is not used, not more than
one motion shall be permitted to produce unacceptable response.

16.4.1.2 Story Drift. The mean story drift ratio shall not exceed
two times the limits of Table 12.12-1. The story drift ratio shall be
computed as the largest difference of the de ections of vertically
aligned points at the top and bottom of the story under
consideration along any of the edges of the structure. For
masonry shear wall structures, the limits of Table 12.12-1
applicable to masonry structures shall not apply and these
structures shall instead comply with the limits for other structures.

16.4.2 Element-Level Acceptance Criteria. All element
actions shall be evaluated either as force-controlled or
deformation-controlled.

For each element action, the quantity Q, shall be computed. Q,
shall be taken as the mean value of the response parameter of
interest obtained from the suite of analyses.

Force-controlled response parameters shall be evaluated for
acceptability in accordance with Section 16.4.2.1. Deformation-
controlled response parameters shall be evaluated for acceptabil-
ity in accordance with Section 16.4.2.2. Where required by
Section 16.4.2.1 or Section 16.4.2.2, element actions shall be
categorized as Critical, Ordinary, or Noncritical.

16.4.2.1 Force-Controlled Actions. Force-controlled actions
shall satisfy Eq. (16.4-1):

Ie Qu_Qns Qns Qe

where |, is the Importance Factor prescribed in Section 1.5.1; Qs
is the demand caused by loads other than seismic; Q. is the
expected component strength; and is the load factor obtained
from Table 16.4-1. Where an industry standard referenced in

(16.4-1)

Table 16.4-1 Load Factor for Force-Controlled Behaviors

Action Type

Critical 2.0
Ordinary 15
Noncritical 1.0
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ky = effective stiffness [Kip=in: (kN=mm)] of the isolation

system in the horizontal direction under consideration
L = effect of live load in Chapter 17

N = number of isolator units

P; =ratio of the effective translational period of the
isolation system to the effective torsional period of
the isolation system, as calculated by dynamic anal-
ysis or as prescribed by Eq. 17.5-4 but need not be
taken as less than 1.0

r, = radius of gyration of the isolation system [ft (mm)],

R, = numerical coef cient related to the type of seismic
force-resisting system above the isolation system

T, = fundamental period [s] of the structure above the
isolation interface determined using a modal analysis
assuming xed-base conditions

Tw = effective period [s] of the seismically isolated struc-
ture at the displacement Dy, in the direction under
consideration, as prescribed by Eq. (17.5-2)

V,, = total lateral seismic design force or shear on elements
of the isolation system or elements below isolation
system [Kips (kN)], as prescribed by Eq. (17.5-5)

V = total lateral seismic design force or shear on elements
above the base level [kips (kN)], as prescribed by
Eq. (17.5-6) and the limits of Section 17.5.4.3;

V¢ =total unreduced lateral seismic design force or shear
on elements above the base level [Kips (kKN)], as
prescribed by Eq. (17.5-7)

W = effective seismic weight [Kips (kN)], of the structure
above the isolation interface, as de ned by Section
12.7.2

W, = effective seismic weight [kips (kN)], of the structure
above the isolation interface, as de ned by Section
12.7.2, excluding the effective seismic weight [Kips
(kN)] of the base level

w;,wy,w, = portion of W that is located at or assigned to level i, I,
or x [kips (kN)]

X;,yi = horizontal distances [ft (mm)] from the center of
mass to the ith isolator unit in the two horizontal axes
of the isolation system

y =distance [ft (mm)], between the center of rigidity
of the isolation system and the element of interest
measured perpendicular to the direction of seismic
loading under consideration

o = effective damping of the isolation system, as pre-
scribed by Eq. (17.8-2)

v = effective damping of the isolation system at the
displacement Dy, as prescribed by Eq. (17.2-4)

=maximum positive displacement [in (mm)] of an

isolator unit during each cycle of prototype testing

~ =minimum negative displacement [in (mm)] of an

isolator unit during each cycle of prototype testing

max = property modi cation factor for calculation of the

maximum value of the isolator property of interest,

used to account for all sources of isolator property
variability, as de ned in Section 17.2.8.4

min = Property modi cation factor for calculation of the
minimum value of the isolator property of interest,
used to account for all sources of isolator property
variability, as de ned in Section 17.2.8.4

ae.max = property modi cation factor for calculation of the
maximum value of the isolator property of interest,
used to account for aging effects and environmental
conditions, as de ned in Section 17.2.8.4

ae.min = property modi cation factor for calculation of the
minimum value of the isolator property of interest,
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used to account for aging effects and environmental
conditions, as de ned in Section 17.2.8.4

spec,max = Property modi cation factor for calculation of the
maximum value of the isolator property of interest,
used to account for permissible manufacturing vari-
ation on the average properties of a group of same-
sized isolators, as de ned in Section 17.2.8.4

spec,min = Property modi cation factor for calculation of the
minimum value of the isolator property of interest,
used to account for permissible manufacturing vari-
ation on the average properties of a group of same-
sized isolators, as de ned in Section 17.2.8.4

test, max = Property modi cation factor for calculation of the
maximum value of the isolator property of interest,
used to account for heating, rate of loading, and
scragging, as de ned in Section 17.2.8.4

test, min = Property modi cation factor for calculation of the
minimum value of the isolator property of interest,
used to account for heating, rate of loading, and
scragging, as de ned in Section 17.2.8.4
Ey =total energy dissipated [Kip-in. (KN-mm)], in the
isolation system during a full cycle of response at
displacement Dy,

JFpJmax = sum, for all isolator units, of the maximum absolute
value of force [Kkips (kN)], at a positive displacement
equal to Dy,

JFpimax = sum, for all isolator units, of the maximum absolute
value of force [kips (kN)], at a negative displacement
equal to Dy,

17.2 GENERAL DESIGN REQUIREMENTS

17.2.1 Importance Factor. All portions of the structure,
including the structure above the isolation system, shall be
assigned a risk category in accordance with Table 1.5-1. The
Importance Factor, I, shall be taken as 1.0 for a seismically
isolated structure, regardless of its risk category assignment.

17.2.2 Con guration. Each isolated structure shall be
designated as having a structural irregularity if the structural
con guration above the isolation system has a Type 1b horizontal
structural irregularity, as de ned in Table 12.3-1, or Type 1a, 1b,
5a, 5b vertical irregularity, as de ned in Table 12.3-2.

17.2.3 Redundancy. A redundancy factor, , shall be assigned
to the structure above the isolation system based on requirements
of Section 12.3.4. The value of the redundancy factor, , is
permitted to be equal to 1.0 for isolated structures that do not
have a structural irregularity, as de ned in Section 17.2.2.

17.2.4 lsolation System

17.2.4.1 Environmental Conditions. In addition to the
requirements for vertical and lateral loads induced by wind
and earthquake, the isolation system shall provide for other
environmental conditions, including aging effects, creep,
fatigue, operating temperature, and exposure to moisture or
damaging substances.

17.2.4.2 Wind Forces. Isolated structures shall resist design
wind loads at all levels above the isolation interface. At the
isolation interface, a wind-restraint system shall be provided to
limit lateral displacement in the isolation system to a value equal
to that required between oors of the structure above the isolation
interface in accordance with Section 17.5.6.

17.2.4.3 Fire Resistance. Fire resistance for the isolation
system shall provide at least the same degree of protection as
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the re resistance required for the columns, walls, or other such
gravity-bearing elements in the same region of the structure.

17.2.4.4 Lateral Restoring Force. The isolation system shall
be con gured, for both upper bound and lower bound isolation
system properties, to produce a restoring force such that the
lateral force at the corresponding maximum displacement is at
least 0.025 W greater than the lateral force at 50% of the
corresponding maximum displacement.

17.2.4.5 Displacement Restraint. The isolation system shall
not be con gured to include a displacement restraint that
limits lateral displacement caused by risk-targeted maximum
considered earthquake (MCEg) ground motions to less than
the total maximum displacement, Dry, unless the seismically
isolated structure is designed in accordance with all of the
following criteria:

1. MCEg response is calculated in accordance with the
dynamic analysis requirements of Section 17.6, explicitly
considering the nonlinear characteristics of the isolation
system and the structure above the isolation system.

2. The ultimate capacity of the isolation system and structural
elements below the isolation system shall exceed the
strength and displacement demands of the MCER, response.

3. The structure above the isolation system is checked for
stability and ductility demand of the MCEg response.

4. The displacement restraint does not become effective at
a displacement less than 0.6 times the total maximum
displacement.

17.2.4.6 Vertical-Load Stability. Each element of the isolation
system shall be designed to be stable under the design vertical
load where it is subjected to a horizontal displacement equal to
the total maximum displacement. The design vertical load shall
be computed using load combination 2 of Section 17.2.7.1 for the
maximum vertical load and load combination 3 of
Section 17.2.7.1 for the minimum vertical load.

17.2.4.7 Overturning. The factor of safety against global
structural overturning at the isolation interface shall not be less
than 1.0 for required load combinations. All gravity and seismic
loading conditions shall be investigated. Seismic forces for
overturning calculations shall be based on MCEg ground
motions, and W shall be used for the vertical restoring force.

Local uplift of individual elements shall not be allowed unless
the resulting de ections do not cause overstress or instability of
the isolator units or other structure elements.

17.2.4.8 Inspection and Replacement. All of the following
items shall be addressed as part of the long-term inspection
and replacement program:

1. Access for inspection and replacement of all components of
the isolation system shall be provided.
2. A registered design professional (RDP) shall complete a
nal series of observations of structure separation areas and
components that cross the isolation interface before the
issuance of the certi cate of occupancy for the seismically
isolated structure. Such observations shall verify that
conditions allow free and unhindered displacement of
the structure up to the total maximum displacement and
that components that cross the isolation interface have
been constructed to accommodate the total maximum
displacement.
3. Seismically isolated structures shall have a monitoring,
inspection, and maintenance plan for the isolation system

established by the registered design professional responsi-
ble for the design of the isolation system.

4. Remodeling, repair, or retro tting at the isolation system
interface, including that of components that cross the
isolation interface, shall be performed under the direction
of a registered design professional.

17.2.4.9 Quality Control. A quality control testing program
for isolator units shall be established by the registered design
professional responsible for the structural design, incorporating
the production testing requirements of Section 17.8.5.

17.2.5 Structural System

17.2.5.1 Horizontal Distribution of Force. A horizontal
diaphragm or other structural elements shall provide
continuity above the isolation interface and shall have
adequate strength and ductility to transmit forces from one
part of the structure to another.

17.2.5.2 Minimum Building Separations. Minimum
separations between the isolated structure and surrounding
retaining walls or other xed obstructions shall not be less
than the total maximum displacement.

17.2.5.3 Nonbuilding Structures. Nonbuilding structures shall
be designed and constructed in accordance with the requirements
of Chapter 15 using design displacements and forces calculated
in accordance with Sections 17.5 or 17.6.

17.2.5.4 Steel Ordinary Concentrically Braced
Frames. Steel ordinary concentrically braced frames are
permitted as the seismic force-resisting system in seismically
isolated structures assigned to Seismic Design Category D, E,
and F and are permitted to a height of 160 ft (48.4 m) or less
provided that all of the following design requirements are
satis ed:

1. The value of R, as de ned in Section 17.5.4 is 1.0.
2. The total maximum displacement (D1y) as de ned in
Eq. (17.5-3) shall be increased by a factor of 1.2.

17.2.5.5 Isolation System Connections. Moment-resisting
connections of structural steel elements of the seismic isola-
tion system below the base level are permitted to conform to the
requirements for ordinary steel moment frames of AISC 341,
El.6a and E1.6b.

17.2.6 Elements of Structures and Nonstructural
Components. Parts or portions of an isolated structure,
permanent nonstructural components and the attachments to
them, and the attachments for permanent equipment supported
by a structure shall be designed to resist seismic forces and
displacements as prescribed by this section and the applicable
requirements of Chapter 13.

17.2.6.1 Components at or above the Isolation
Interface. Elements of seismically isolated structures and
nonstructural components, or portions thereof that are at or
above the isolation interface, shall be designed to resist a total
lateral seismic force equal to the maximum dynamic response of
the element or component under consideration determined using
a response history analysis.

EXCEPTION: Elements of seismically isolated structures
and nonstructural components or portions designed to resist
seismic forces and displacements as prescribed in Chapter 12
or 13 as appropriate are not required to meet this provision.
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By | =numerical coef cient as set forth in Table 18.7-1 for
effective damping equal to the sum of viscous damping
in the fundamental mode of vibration of the structure in
the direction of interest, y, m=1, plus inherent damp-
ing, , and period of structure equal to T;.

EXCEPTION: The seismic base shear used for design of the
seismic force-resisting system shall not be taken as less than 1.0V
if either of the following conditions apply:

1. In the direction of interest, the damping system has fewer
than two damping devices on each oor level, con gured to
resist torsion.

2. The seismic force-resisting system has horizontal irregu-
larity Type 1b (Table 12.3-1) or vertical irregularity Type
1b (Table 12.3-2).

18.2.1.2 Damping System. Damping devices and all other
components required to connect damping devices to the other
elements of the structure shall be designed to remain elastic for
MCER loads. Other elements of the damping system are
permitted to have inelastic response at MCEg if it is shown
by analysis or test that inelastic response of these elements would
not adversely affect damping system function. If either the
response spectrum procedure of Section 18.7.1 or the
equivalent lateral force procedure of Section 18.7.2 is used,
the inelastic response shall be limited in accordance with the
requirements of Section 18.7.4.6.

Force-controlled elements of the damping system shall be
designed for seismic forces that are increased by 20% from those
corresponding to average MCEg response.

18.2.2 Seismic Ground Motion Criteria

18.2.2.1 Design Earthquake and MCR, Response Spectra.
The response spectrum requirements of Sections 11.4.5 and
11.4.6 are permitted to be used to determine the design
earthquake and MCEg response spectra for the site of interest.
The site-speci ¢ ground motion procedures set forth in
Chapter 21 are also permitted to be used to determine ground
motions for any structure with a damping system.

For any structure with a damping system located on a Site
Class F site, site response analysis shall be performed in accor-
dance with Section 21.1.

18.2.2.2 Design Earthquake and MCE; Ground Motion
Records. Where nonlinear response history analysis procedures
are used, design earthquake and MCEg ground motion suites shall
each consist of not less than seven pairs of horizontal acceleration
components selected and scaled from individual recorded events
that have magnitudes, fault distance, and source mechanisms that
are consistent with those that control the design earthquake and
MCEg events. Amplitude or spectral matching is permitted to scale
the ground motions. Where the required number of recorded ground
motion pairs is not available, simulated ground motion pairs are
permitted to make up the total number required.

For each pair of horizontal ground motion components, a
square root of the sum of the squares (SRSS) spectrum shall be
constructed by taking the SRSS of the 5% damped response
spectra for the scaled components (when amplitude scaling is
used, an identical scale factor is applied to both components of a
pair). For both the design earthquake and the MCEg, suites, each
pair of motions shall be scaled such that in the period range from
0.2T,p to 1.25T 4, the average of the SRSS spectra from all
horizontal component pairs does not fall below the correspond-
ing ordinate of the response spectra used in the design, deter-
mined in accordance with Section 18.2.2.1.
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For records that are spectrally matched, for both the design
earthquake and the MCEg, each pair of motions shall be scaled
such that in the period range from 0.2T;p to 1.25T 4y, the
response spectrum of one component of the pair is at least
90% of the corresponding ordinate of the response spectrum
used in the design, determined in accordance with
Section 18.2.2.1.

For sites within 3 mi (5 km) of the active fault that controls the
hazard, spectral matching shall not be used unless the pulse
characteristics of the near- eld ground motions are included in
the site-speci c response spectra, and pulse characteristics, when
present in individual ground motions, are retained after the
matching process has been completed.

At sites within 3 mi (5 km) of the active fault that controls the
hazard, for both the design earthquake and the MCEg suites,
each pair of components shall be rotated to the fault-normal and
fault-parallel directions of the causative fault and shall be scaled
so that the average spectrum of the fault-normal components is
not less than the design or MCEg response spectrum, as
appropriate, and the average spectrum of the fault-parallel
components is not less than 50% of the design or MCEg
response spectrum, as appropriate, for the period range from
0.2T;p to 1.25T .

18.2.3 Procedure Selection. Structures with a damping
system provided for seismic resistance shall be analyzed and
designed using the nonlinear response history procedure of
Section 18.3.

EXCEPTION: It shall be permitted to analyze and design the
structure using the response spectrum procedure of Section 18.7.1
subject to the limits of Section 18.2.3.1 or the equivalent lateral
force procedure of Section 18.7.2 subject to the limits of
Section 18.2.3.2.

18.2.3.1 Response Spectrum Procedure. The response
spectrum procedure of Section 18.7.1 is permitted to be used
for analysis and design provided that all of the following
conditions apply:

1. Ineach principal direction, the damping system has at least
two damping devices in each story, con gured to resist
torsion.

2. The total effective damping of the fundamental mode,

mp M=1, of the structure in the direction of interest is
not greater than 35% of critical.

3. The S; value for the site is less than 0.6.

18.2.3.2 Equivalent Lateral Force Procedure. The equivalent
lateral force procedure of Section 18.7.2 is permitted to be used
for analysis and design provided that all of the following
conditions apply:

1. Ineach principal direction, the damping system has at least
two damping devices in each story, con gured to resist
torsion.

2. The total effective damping of the fundamental mode,

mp M=1, of the structure in the direction of interest is
not greater than 35% of critical.

3. The seismic force-resisting system does not have horizontal

irregularity Type la or 1b (Table 12.3-1) or vertical

irregularity Type 1a, 1b, 2, or 3 (Table 12.3-2).

Floor diaphragms are rigid as de ned in Section 12.3.1.

The height of the structure above the base does not exceed

100 ft (30 m).

6. The S; value for the site is less than 0.6.

o s
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18.2.4 Damping System

18.2.4.1 Device Design. The design, construction, and
installation of damping devices shall be based on response to
MCER ground motions and consideration of all of the following:

1. Low-cycle, large-displacement degradation caused by seis-
mic loads.

2. High-cycle, small-displacement degradation caused by
wind, thermal, or other cyclic loads.

3. Forces or displacements caused by gravity loads.

4. Adhesion of device parts caused by corrosion or abrasion,
biodegradation, moisture, or chemical exposure.

5. Exposure to environmental conditions, including, but not
limited to, temperature, humidity, moisture, radiation
(e.g., ultraviolet light), and reactive or corrosive substances
(e.g., saltwater).

Devices using bimetallic interfaces subject to cold welding of
the sliding interface shall be prohibited from use in a damping
system.

Damping devices subject to failure by low-cycle fatigue shall
resist wind forces without slip, movement, or inelastic cycling.

The design of damping devices shall incorporate the range of
thermal conditions, device wear, manufacturing tolerances, and
other effects that cause device properties to vary during the
design life of the device in accordance with Section 18.2.4.4.
Ambient temperature shall be the normal in-service temperature
of the damping device. The design temperature range shall cover
the annual minimum and maximum in-service temperatures of
the damping device.

18.2.4.2 Multiaxis Movement. Connection points of damping
devices shall provide suf cient articulation to accommodate
simultaneous longitudinal, lateral, and vertical displacements
of the damping system.

18.2.4.3 Inspection and Periodic Testing. Means of access for
inspection and removal of all damping devices shall be provided.

The registered design professional (RDP) responsible for
design of the structure shall establish an inspection, maintenance,
and testing schedule for each type of damping device to ensure
that the devices respond in a dependable manner throughout their
design life. The degree of inspection and testing shall re ect the
established in-service history of the damping devices and
the likelihood of change in properties over the design life of
the devices.

18.2.4.4 Nominal Design Properties. Nominal  design
properties for energy-dissipation devices shall be established
from either project-speci ¢ prototype test data or prior
prototype tests on devices of similar type and size. The
nominal design properties shall be based on data from
prototype tests speci ed in Section 18.6.1.2 (2) and
determined by Section 18.6.1.4 (2). These nominal design
properties shall be modi ed by property variation or lambda
() factors as speci ed in Section 18.2.4.5.

18.2.4.5 Maximum and Minimum Damper Properties.
Maximum and minimum property modi cation ( ) factors
shall be established in accordance with Egs. (18.2-3a) and
(18.2-3b) for each device by the RDP and used in analysis
and design to account for the variation from nominal properties.

max — bl 0.75 x ae, max 1 x test, max

1.2 (18.2-3a)

Spec, max

min =1 0.75x 1 ae, min x test, min

spec, min 0.85

X

(18.2-3b)

where

ae,max = factor to represent possible variation in damper
properties above the nominal values caused by aging
and environmental effects; this is a multiple of all the
individual aging and environmental effects;

ae.min = factor to represent possible variation in damper

properties below the nominal values caused by aging
and environmental effects; this is a multiple of all the
individual aging and environmental effects;

test. max = factor to represent possible variations in damper
properties above the nominal values obtained from
the prototype tests; this is a multiple of all the testing
effects;

test,min = factor to represent possible variations in damper
properties below the nominal values obtained from
the prototype tests; this is a multiple of all the testing
effects;

spec,max = factor established by the RDP to represent permissi-
ble variation in production damper properties above
the nominal values; and

spec,min = factor established by the RDP to represent permissi-
ble variation in production damper properties below
the nominal values.

EXCEPTION: With test data reviewed by the RDP and
accepted by peer review, it is permitted to use . less than
1.2 and i, greater than 0.85.

Maximum and minimum analysis and design properties for
each device shall be determined in accordance with Egs. (18.2-4a)
and (18.2-4b) for each modeling parameter as follows:

Maximum Design Property = Nominal Design Property X .x
(18.2-4a)

Minimum Design Property = Nominal Design Property X in
(18.2-4b)

A maximum and minimum analysis and design property shall be
established for each modeling parameter as necessary for the
selected method of analysis. Maximum velocity coef cients, stiff-
ness, strength, and energy dissipation shall be considered together
as the maximum analysis and design case, and minimum velocity
coef cients, strength, stiffness, and energy dissipation shall be
considered together as the minimum analysis and design case.

Separate maximum and minimum properties shall be estab-
lished for loads and displacements corresponding to the design
level conditions and the MCER conditions.

18.2.4.6 Damping System Redundancy. If fewer than four
energy-dissipation devices are provided in any story of a
building in either principal direction, or fewer than two
devices are located on each side of the center of stiffness of
any story in either principal direction, all energy-dissipation
devices shall be capable of sustaining displacements equal to
130% of the maximum calculated displacement in the device
under MCER. A velocity-dependent device shall be capable of
sustaining the force and displacement associated with a velocity
equal to 130% of the maximum calculated velocity for that
device under MCEg.
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18.3 NONLINEAR RESPONSE HISTORY
PROCEDURE

The stiffness and damping properties of the damping devices
used in the models shall be based on or veri ed by testing of the
damping devices as speci ed in Section 18.6. The nonlinear
force-velocity-displacement characteristics of damping devices
shall be modeled, as required, to explicitly account for device
dependence on frequency, amplitude, and duration of seismic
loading.

A nonlinear response history analysis shall use a mathemati-
cal model of the seismic force-resisting system and the damp-
ing system as provided in this section. The model shall directly
account for the nonlinear hysteretic behavior of all members
and connections undergoing inelastic behavior, in a manner
consistent with applicable laboratory test data. Test data shall
not be extrapolated beyond tested deformation levels. If the
analysis results indicate that degradation in element strength or
stiffness can occur, the hysteretic models shall include these
effects.

EXCEPTION: If the calculated force in an element of the
seismic force-resisting system or the damping system does not
exceed 1.5 times its expected strength using strength reduction
factor =1, that element is permitted to be modeled as linear.

For sites identi ed as near-fault, each pair of horizontal ground
motion components shall be rotated to the fault-normal and fault-
parallel directions of the causative faults and applied to the
mathematical model in such orientation.

For all other sites, individual pairs of horizontal ground motion
components need not be applied to the mathematical model in
multiple orientations.

Inherent damping of the structure shall not be taken as greater
than 3% of critical unless test data consistent with levels of
deformation at or just below the effective yield displacement of
the seismic force-resisting system support higher values.

Analysis shall be performed at both the design earthquake and
at the MCER earthquake levels. The design earthquake analysis
need not include the effects of accidental eccentricity. Results
from the design earthquake analysis shall be used to design the
seismic force-resisting system. Results from the MCEg analysis
shall be used to design the damping system.

18.3.1 Damping Device Modeling. Mathematical models of
displacement-dependent damping devices shall include the
hysteretic behavior of the devices consistent with test data and
accounting for all signi cant changes in strength, stiffness, and
hysteretic loop shape. Mathematical models of velocity-
dependent damping devices shall include the velocity
coef cient consistent with test data. If damping device
properties change with time and/or temperature, such behavior
shall be modeled explicitly. The exible elements of damping
devices connecting damper units to the structure shall be
included in the model.

EXCEPTION: If the properties of the damping devices are
expected to change during the duration of the response history
analysis, the dynamic response is permitted to be enveloped by
the maximum and minimum device properties from Sec-
tion 18.2.4.5. All these limit cases for variable device properties
shall satisfy the same conditions as if the time-dependent behav-
ior of the devices were explicitly modeled.

18.3.2 Accidental Mass Eccentricity. Inherent eccentricity
resulting from lack of symmetry in mass and stiffness shall be
accounted for in the MCEg analysis. In addition, accidental
eccentricity consisting of displacement of the center of mass
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from the computed location by an amount equal to 5% of the
diaphragm dimension separately in each of two orthogonal
directions at each diaphragm level shall be accounted for in
the analysis.

EXCEPTION: It is permitted to account for the effects of
accidental eccentricity through the establishment of ampli cation
factors on forces, drifts, and deformations that permit results
determined from an analysis using only the computed center-of-
mass con guration to be scaled to bound the results of all the
mass-eccentric cases.

18.3.3 Response Parameters. Maximum values of each
response parameter of interest shall be calculated for each
ground motion used for the response history analysis.
Response parameters shall include the forces, displacements,
and velocities (in the case of velocity-dependent devices) in
each discrete damping device. The average value of a response
parameter of interest across the suite of design earthquake or
MCER motions is permitted to be used for design.

18.4 SEISMIC LOAD CONDITIONS AND
ACCEPTANCE CRITERIA FOR NONLINEAR
RESPONSE HISTORY PROCEDURE

For the nonlinear response history procedure of Section 18.3, the
seismic force-resisting system, damping system, loading condi-
tions, and acceptance criteria for response parameters of interest
shall conform with the requirements of the following
subsections.

18.4.1 Seismic Force-Resisting System. The seismic force-
resisting system shall satisfy the strength requirements of
Section 12.2.1 using both

1. the seismic base shear, V ,,, as given by Section 18.2.1.1,
and

2. the demands from the design earthquake nonlinear re-
sponse history analysis.

The story drifts shall be determined using the MCEg ground
motions with the combined model of the seismic force-resisting
system and the damping system. Accidental eccentricity shall be
included.

The maximum drift at MCER shall not exceed 3%, nor the drift
limits speci ed in Table 12.12-1 times the smaller of 1.5R=C4
and 1.9. C4 and R shall be taken from Table 12.2-1 for the
building framing under consideration.

18.4.2 Damping System. The damping devices and their
connections shall be sized to resist the forces, displacements,
and velocities from the MCEg ground motions. Force-controlled
elements of the damping system shall be designed for seismic
forces that are increased by 20% from those corresponding to
average MCEg response.

18.4.3 Combination of Load Effects. The effects on the
damping system caused by gravity loads and seismic forces
shall be combined in accordance with Section 12.4 using the
effect of horizontal seismic forces, Qg, except that Qg shall be
determined in accordance with the MCER analysis. When load
combinations are used that include live loading, it is permitted to
use a load factor of 25% on live load for nonlinear response
history analysis. The redundancy factor, , shall be taken equal to
1.0 in all cases, and the seismic load effect including overstrength
of Section 12.4.3 need not apply to the design of the damping
system.
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19.2.2.2 SSI Site-Speci ¢ Response Spectrum. A site-speci ¢
response spectrum that incorporates modi cations caused by SSI
is permitted to be developed in accordance with the requirements
of Chapter 21. The spectrum is permitted to be adjusted for the
effective viscous damping ratio of ,, of the soil-structure
system, as de ned in Section 19.3.2, in the development of
the site-speci c spectrum.

19.2.3 Nonlinear Response History Procedure. It is permitted
to account for the effects of SSI using a nonlinear response
history analysis performed in accordance with Chapter 16 using
acceleration histories scaled to a site-speci ¢ response spectrum
modi ed for Kkinematic interaction in accordance with
Section 19.4 or other approved methods. The mathematical
model used for the analysis shall include foundation and soil

exibility per Section 19.1.1 and shall explicitly incorporate
the effects of foundation damping per Section 19.3 or by
other approved methods. Kinematic interaction effects per
Section 19.4 are permitted to be included in the determination
of the site-speci ¢ response spectrum.

The site-speci ¢ response spectrum shall be developed per the
requirements of Chapter 21 with the following additional
requirements:

1. The spectrum is permitted to be adjusted for kinematic
SSI effects by multiplying the spectral acceleration
ordinate at each period by the corresponding response
spectrum ratios for either base slab averaging or em-
bedment or both base slab averaging and embedment
(RRSysa x RRS,) per Section 19.4, or by directly incorpo-
rating one or both of these effects into the development of
the spectrum.

2. For structures embedded in the ground, the site-speci ¢
response spectrum is permitted to be developed at the depth
of the embedded base level in lieu of at grade. For this case,
the response spectrum ratio for embedment effects (RRS,)
shall be taken as 1.0.

3. The site-speci c response spectrum modi ed for kinematic
interaction shall not be taken as less than 80% of S, as
determined from a site-speci ¢ response spectrum in ac-
cordance with Section 21.3.

4. The site-speci c response spectrum modi ed for kinematic
interaction shall not be taken as less than 70% of S, as
determined from the design response spectrum and MCEg
response spectrum in accordance with Sections 11.4.6 and
11.4.7.

19.3 FOUNDATION DAMPING EFFECTS

19.3.1 Foundation Damping Requirements. Foundation
damping effects are permitted to be considered through direct
incorporation of soil hysteretic damping and radiation damping
in the mathematical model of the structure.

The procedures of this section shall not be used for the
following cases:

1. A foundation system consisting of discrete footings that are
not interconnected and that are spaced less than the larger
dimension of the supported lateral force-resisting element
in the direction under consideration.

2. A foundation system consisting of, or including, deep
foundations such as piles or piers.

3. A foundation system consisting of structural mats inter-
connected by concrete slabs that are characterized as

exible in accordance with Section 12.3.1.3 or that are
not continuously connected to grade beams or other foun-
dation elements.

19.3.2 Effective Damping Ratio. The effects of foundation
damping shall be represented by the effective damping ratio of
the soil-structure system, ,, determined in accordance with
Eq. (19.3-1):

0.20 19.3-1
TTZ (193-1)

where

¢ = effective viscous damping ratio relating to founda-
tion—soil interaction;
= effective viscous damping ratio of the structure, taken
as 5% unless otherwise justi ed by analysis; and
T T . =effective period lengthening ratio de ned in
Eqg. (19.3-2).

The effective period lengthening ratio shall be determined in
accordance with Eq. (19.3-2):

0.5
1 (19.3-2)

|-
[N
—| -
N

eff

where

= expected ductility demand. For equivalent lateral force or modal
response spectrum analysis procedures, is the maximum
base shear divided by the elastic base shear capacity; alternately,
is permitted to be taken as R, where R and | are
per Table 12.2-1. For the response history analysis procedures,
is the maximum displacement divided by the yield displace-
ment of the structure measured at the highest point above
grade.

The foundation damping ratio caused by soil hysteretic
damping and radiation damping, , is permitted to be determined
in accordance with Eq. (19.3-3) or by other approved
methods.

TT21

19.3-3
TT? ( )

f:

where

s = soil hysteretic damping ratio determined in accordance with
Section 19.3.5, and

q = radiation damping ratio determined in accordance with
Section 19.3.3 or 19.3.4.

If a site more than a depth B or R below the base of the building
consists of a relatively uniform layer of depth, D;, overlaying a
very stiff layer with a shear wave velocity more than twice that of
the surface layer and 4D v,T < 1, then the damping values, .,
in Eq. (19.3-3) shall be replaced by ¢, per Eq. (19.3-4):

4D, 4
I= = 19.3-4
Ve ( )

19.3.3 Radiation Damping for Rectangular Foundations.
The effects of radiation damping for structures with a rect-
angular foundation plan shall be represented by the effective
damping ratio of the soil-structure system, , determined in
accordance with Eq. (19.3-5):

1 1
e (19.3-5)
TTT, 2 T T
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where

M = effective modal mass for the fundamental mode of vibra-
tion in the direction under consideration;

h = effective structure height taken as the vertical distance from
the foundation to the centroid of the rst mode shape for
multistory structures. Alternatively, h is permitted to be
approximated as 70% of the total structure height for
multistory structures or as the full height of the structure
for one-story structures;

L = half the larger dimension of the base of the structure;

B = half the smaller dimension of the base of the structure;

v = the average effective shear wave velocity over a depth of B
below the base of the structure determined using vy, and
Table 19.3-1 or a site-speci ¢ study;

Vg, = the average low strain shear wave velocity over a depth of B
below the base of the structure;

G = effective shear modulus derived or approximated based on
Gy and Table 19.3-2;

Gy = V%, g, the average shear modulus for the soils beneath the
foundation at small strain levels;

= the average unit weight of the soils over a depth of B below
the base of the structure; and

= Poisson’s ratio; it is permitted to use 0.3 for sandy and 0.45
for clayey soils.

19.3.4 Radiation Damping for Circular Foundations. The
effects of radiation damping for structures with a circular
foundation plan shall be represented by the effective damping

200

Table 19.3-1 Effective Shear Wave Velocity Ratio (Vs Vo)

Effective Peak Acceleration, Spg 2.5%

Site Class Sps 2.5=0 Sps 25=0.1 Spg 25=04 Sps 25 0.8
A 1.00 1.00 1.00 1.00

B 1.00 1.00 0.97 0.95

c 1.00 0.97 0.87 0.77

D 1.00 0.95 0.71 0.32

E 1.00 0.77 0.22 b

E b b b b

#Use straight-line interpolation for intermediate values of Spg 2.5.
Site-speci ¢ geotechnical investigation and dynamic site response analyses
shall be performed.

Table 19.3-2 Effective Shear Modulus Ratio (G Gy)

Effective Peak Acceleration, Spg 2.5%

Site Class Sps 25=0 Sps 25=0.1 Sps 25=04 Spg 25 08
A 1.00 1.00 1.00 1.00

B 1.00 1.00 0.95 0.90

c 1.00 0.95 0.75 0.60

D 1.00 0.90 0.50 0.10

E 1.00 0.60 0.05 b

E b b b b

@Use straight-line interpolation for intermediate values of Spg 2.5.
bSite-speci ¢ geotechnical investigation and dynamic site response analyses
shall be performed.

ratio of the soil-structure system, 4, determined in accordance
with (Eqg. 19.3-15):

1 1
= 19.3-15
rd TTrzr TTrrgrr ( )
S
M
Te=2 - (19.3-16)
r
S
2
T =2 M_h (19.3-17)
rrKrr
8Gr
K,= Tf (19.3-18)
8Gr;3
=31 ! (19.3-19)
o
= 2 19.3-20
K, Grp 2 ( )
2r
=1 (19.3-21)
Tvg
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Sa1
= S 25 (19.3-23)
=10 5% (19.3-24)
1.0 a3

where

r; =radius of the circular foundation;

v, = the average effective shear wave velocity over a depth of r;
below the base of the structure determined using v, and
Table 19.3-1 or a site-speci ¢ study;

Vg, = the average low strain shear wave velocity over a depth of r;
below the base of the structure; and
= the average unit weight of the soils over a depth of r¢ below
the base of the structure.

19.3.5 Soil Damping. The effects of soil hysteretic damping
shall be represented by the effective soil hysteretic damping
ratio, , determined based on a site-speci ¢ study.
Alternatively, it is permitted to determine ¢ in accordance
with Table 19.3-3.

19.4 KINEMATIC SSI EFFECTS

Kinematic SSI effects are permitted to be represented by re-
sponse spectral modi cation factors RRS,, for base slab aver-
aging and RRS, for embedment, which are multiplied by the
spectral acceleration ordinates of the response spectrum at each
period. The modi cation factors are calculated in accordance
with Sections 19.4.1 and 19.4.2. Modi cations of the response
spectrum for kinematic SSI effects are permitted only for use
with the nonlinear response history analysis provisions of Chap-
ter 16 using the site-speci ¢ response spectrum developed in
accordance with Chapter 21 and subject to the limitations in
Sections 19.2.3, 19.4.1, and 19.4.2.
The product of RRSs, x RRS, shall not be less than 0.7.

19.4.1 Base Slab Averaging. Consideration of the effects of
base slab averaging through the development of site-speci c trans-
fer functions that represent the kinematic SSI effects expected at the
site for a given foundation con guration is permitted.
Alternatively, modi cations for base slab averaging using the
procedures of this section are permitted for the following cases:

1. All structures located on Site Class C, D, or E; and

Table 19.3-3 Soil Hysteretic Damping Ratio, ¢

Effective Peak Acceleration, Spg 2.5%

Site Class Sps 2.5=0 Sps 25=0.1 Spg 25=04 Spg 25 08
c 0.01 0.01 0.03 0.05

D 0.01 0.02 0.07 0.15

E 0.01 0.05 0.20 b

E b b b b

:Use straight-line interpolation for intermediate values of Sps 2.5.
Site-speci ¢ geotechnical investigation and dynamic site response analyses
shall be performed.

2. Structures that have structural mats or foundation
elements interconnected with concrete slabs or that are
continuously connected with grade beams or other foun-
dation elements of suf cient lateral stiffness so as not to be
characterized as exible under the requirements of
Section 12.3.1.3.

The modi cation factor for base slab averaging, RRSy,, shall
be determined using Eq. (19.4 1) for each period required for
analysis.

1 h i 12
RRSp, =0.25 0.75 x 2 1 exp 2b3 XxByg,
0
(19.4-1)
where
2 2 4 bG bB blO
L T 104
bsa — - 2 1 1 ( T )
= texp 2bg xpTolw bg>1
0
be
by =0.00071 x T (19.4-3)
where
b, = effective foundation size (ft),
P
be=" Apse 260 ft (19.4-4)
650 v; 1,650
where vg is in ft s.
In SI units,
b .
by =0.0023 x ?e (19.4-3.si)
where
b, = effective foundation size (m),
P .
be=" Ape 80m (19.4-4.si)

200 vg 500
where v is inm s;

T =response spectra ordinate period, which shall not be taken
as less than 0.20 s when used in Eq. (19.4-3) or (19.4-3.si);
and

Apase = area of the base of the structure [ft? (m?)].

19.4.2 Embedment. The response spectrum shall be developed
based on a site-speci ¢ study at the depth of the base of the
structure. Alternatively, modi cations for embedment are
permitted using the procedures of this section.

The modi cation factor for embedment, RRS,, shall be
determined using (Eq. 19.4-5) for each period required for
analysis.

2e
RRS,=0.25 0.75xcos —— (19.4-5)
Tvg
where

e = foundation embedment depth [ft (m)], not greater than 20 ft
(6.1 m). A minimum of 75% of the foundation footprint
shall be present at the embedment depth. The foundation
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Table 20.3-1 Site Classi cation

Site Class Vs N or N¢p S,

A. Hard rock >5,000 ft/s NA NA

B. Rock 2,500 to 5,000 ft/s NA NA

C. Very dense soil and soft rock 1,200 to 2,500 ft/s >50 blows /ft >2,000 Ib /ft?

D. Stiff soil 600 to 1,200 ft/s 15 to 50 blows /ft 1,000 to 2,000 Ib/ft?
E. Soft clay soil <600 ft/s <15 blows/ft <1,000 Ib /ft?

Any pro le with more than 10 ft of soil that has the following characteristics:

— Plasticity index Pl > 20,
— Moisture content w  40%,
— Undrained shear strength 5, < 500 Ib /ft?

F. Soils requiring site response analysis See Section 20.3.1

in accordance with Section 21.1

Note: For SI: 1 ft=0.3048 m; 1 ft/s=0.3048 m/s; 1 Ib /ft2 =0.0479 kN /mZ.

20.4 DEFINITIONS OF SITE CLASS PARAMETERS

The de nitions presented in this section shall apply to the upper
100 ft (30 m) of the site pro le. Pro les containing distinct soil
and rock layers shall be subdivided into those layers designated
by a number that ranges from 1 to n at the bottom where there are
a total of n distinct layers in the upper 100 ft (30 m). Where some
of the n layers are cohesive and others are not, k is the number of
cohesive layers and m is the number of cohesionless layers. The
symbol i refers to any one of the layers between 1 and n.

20.4.1 v;, Average Shear Wave Velocity. v, shall be
determined in accordance with the following formula:

(20.4-1)

where

d; = the thickness of any layer between 0 and 100 ft (30 m);
vg; = the shear wave velocity in ft /s (m/s); and
"_,d; =100 ft (30 m).

20.4.2_ N, Average Field Standard Penetration Resistance
and N, ., Average Standard Penetration Resistance for
Cohesionless Soil Layers. N and Ng, shall be determined in
accordance with the following formulas:

N = i=L
Xdi

(20.4-2)

i=1 i

where N; and d; in Eq. (20.4-2) are for cohesionless soil, cohesive
soil, and rock layers.

(20.4-3)

1l
-
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where N; and d; in Eq. (20.4-3) are for cohesionless soil layers
only and

where

d, is the total thickness of cohesionless soil layers in the top
100 ft (30 m).

N; is the standard penetration resistance (ASTM D1586) not to
exceed 100 blows /ft (305 blows /m) as directly measured
in the eld without corrections.

Where refusal is met for a rock layer, N; shall be taken as
100 blows /1t (305 blows /m).

20.4.3 s,, Average Undrained Shear Strength. s, shall be
determined in accordance with the following formula:

(20.4-4)

where
P, —d -
i=1 di - dcv
d. =the total thickness of cohesive soil layers in the top
100 ft (30 m);
Pl =the plasticity index as determined in accordance with
ASTM D4318;
w =the moisture content in percent as determined in
accordance with ASTM D2216; and
s, =the undrained shear strength in psf (kPa), not to
exceed 5,000 psf (240 kPa) as determined in accor-
dance with ASTM D2166 or ASTM D2850.

20.5 CONSENSUS STANDARDS AND OTHER
REFERENCED DOCUMENTS

See Chapter 23 for the list of consensus standards and other
documents that shall be considered part of this standard to the
extent referenced in this chapter.
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21.2.1.1 Method 1. At each spectral response period for which
the acceleration is computed, ordinates of the probabilistic
ground motion response spectrum shall be determined as the
product of the risk coef cient, Cg, and the spectral response
acceleration from a 5% damped acceleration response spectrum
that has a 2% probability of exceedance within a 50-year period.
The value of the risk coef cient, Cg, shall be determined using
values of Cgg and Cg; from Figs. 22-18 and 22-19, respectively.
At spectral response periods less than or equal to 0.2 s, Cy shall
be taken as equal to Crs. At spectral response periods greater
than or equal to 1.0 s, Cg shall be taken as equal to Cg;. At
response spectral periods greater than 0.2 s and less than 1.0 s, Cy
shall be based on linear interpolation of Crg and Cg;.

21.2.1.2 Method 2. At each spectral response period for which
the acceleration is computed, ordinates of the probabilistic
ground motion response spectrum shall be determined from
iterative integration of a site-speci ¢ hazard curve with a
lognormal probability density function representing the
collapse fragility (i.e., probability of collapse as a function of
spectral response acceleration). The ordinate of the probabilistic
ground motion response spectrum at each period shall achieve a
1% probability of collapse within a 50-year period for a collapse
fragility that has (1) a 10% probability of collapse at said ordinate
of the probabilistic ground motion response spectrum and (2) a
logarithmic standard deviation value of 0.6.

21.2.2 Deterministic (MCEg) Ground Motions. The deter-
ministic spectral response acceleration at each period shall be
calculated as an 84th-percentile 5% damped spectral response
acceleration in the direction of maximum horizontal response
computed at that period. The largest such acceleration calculated
for the characteristic earthquakes on all known active faults
within the region shall be used. The ordinates of the
deterministic ground motion response spectrum shall not be
taken as lower than the corresponding ordinates of the
response spectrum determined in accordance with Fig. 21.2-1.
For the purposes of calculating the ordinates

(i) for Site Classes A, B or C: F, and F, shall be determined
using Tables 11.4-1 and 11.4-2, with the value of Sg taken
as 1.5 and the value of S; taken as 0.6;
(i) for Site Class D: F, shall be taken as 1.0, and F, shall be
taken as 2.5; and
(iit) for Site Classes E and F: F, shall be taken as 1.0, and F,
shall be taken as 4.0.

06 Fyf

Spectral Response Acceleration, Sa (g)

008 4 o4 i T
EF Fy

Penod, T (sec)
FIGURE 21.2-1 Deterministic Lower Limit on MCEr Response
Spectrum
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21.2.3 Site-Speci ¢ MCERg. The site-speci ¢ MCER spectral
response acceleration at any period, S,y, shall be taken as the
lesser of the spectral response accelerations from the probabilistic
ground motions of Section 21.2.1 and the deterministic ground
motions of Section 21.2.2.

21.3 DESIGN RESPONSE SPECTRUM

The design spectral response acceleration at any period shall be
determined from Eq. (21.3-1):
2
Sa = gSaM
where S,y is the MCE spectral response acceleration obtained
from Section 21.1 or 21.2.

The design spectral response acceleration at any period
shall not be taken as less than 80% of S, determined in accor-
dance with Section 11.4.6, where F, and F, are determined as
follows:

(i) for Site Class A, B, and C: F, and F, are determined
using Tables 11.4-1 and 11.4-2, respectively;
(if) for Site Class D: F, is determined using Table 11.4-1,
and F, istakenas 2.4 forS; <0.2or2.5forS; 0.2;and
(iii) for Site Class E: F, is determined using Table 11.4-1 for
Ss < 1.0 or taken as 1.0 for Sg 1.0, and F, is taken as
42 forS; 0.lor4.0forS, >0.1

For sites classi ed as Site Class F requiring site-speci ¢
analysis in accordance with Section 11.4.7, the design spectral
response acceleration at any period shall not be less than 80% of
S, determined for Site Class E in accordance with Section 11.4.5.

EXCEPTION: Where a different site class can be justi ed
using the site-speci ¢ classi cation procedures in accordance
with Section 20.3.3, a lower limit of 80% of S, for the justi ed
site class shall be permitted to be used.

(21.3-1)

21.4 DESIGN ACCELERATION PARAMETERS

Where the site-speci ¢ procedure is used to determine the design
ground motion in accordance with Section 21.3, the parameter
Sps shall be taken as 90% of the maximum spectral acceleration,
S,, obtained from the site-speci c spectrum, at any period within
the range from 0.2 to 5 s, inclusive. The parameter Sp, shall be
taken as the maximum value of the product, TS,, for periods from
1to 2 s for sites with vg.39 > 1,200 ft=s (vg.30 > 365.76 m=s) and
for periods from 1 to 5 s for sites with vgg 1,200 ft=s
(vs30  365.76 m=s). The parameters Sys and Sy, shall be taken
as 1.5 times Sps and Spy, respectively. The values so obtained
shall not be less than 80% of the values determined in accordance
with Section 11.4.3 for Sy, and Sy;; and Section 11.4.5 for Spg
and Sp;.

For use with the equivalent lateral force procedure, the site-
speci ¢ spectral acceleration, S,, at T shall be permitted to
replace Sp;=T in Eq. (12.8-3) and Sp; T, =T?2 in Eq. (12.8-4).
The parameter Spg calculated per this section shall be permitted
to be used in Egs. (12.8-2), (12.8-5), (15.4-1), and (15.4-3). The
mapped value of S; shall be used in Egs. (12.8-6), (15.4-2), and
(15.4-4).

215 MAXIMUM CONSIDERED EARTHQUAKE
GEOMETRIC MEAN (MCEg) PEAK GROUND
ACCELERATION

21.5.1 Probabilistic MCEg Peak Ground Acceleration. The
probabilistic geometric mean peak ground acceleration shall be
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taken as the geometric mean peak ground acceleration with a 2%
probability of exceedance within a 50-year period.

21.5.2 Deterministic MCEg Peak Ground Acceleration. The
deterministic geometric mean peak ground acceleration shall be
calculated as the largest 84th-percentile geometric mean peak
ground acceleration for characteristic earthquakes on all known
active faults within the site region. The deterministic geometric
mean peak ground acceleration shall not be taken as lower than
0.5 Fpga, Where Fpgp is determined using Table 11.8-1 with the
value of PGA taken as 0.5g.

21.5.3 Site-Speci ¢ MCEg Peak Ground Acceleration. The
site-speci ¢ MCE¢ peak ground acceleration, PGAy,, shall be

taken as the lesser of the probabilistic geometric mean
peak ground acceleration of Section 21.5.1 and the deter-
ministic geometric mean peak ground acceleration of
Section 21.5.2. The site-speci ¢ MCEg peak ground ac-
celeration shall not be taken as less than 80% of PGAy
determined from Eq. (11.8-1).

21.6 CONSENSUS STANDARDS AND OTHER
REFERENCED DOCUMENTS

See Chapter 23 for the list of consensus standards and other
documents that shall be considered part of this standard to the
extent referenced in this chapter.

Minimum Design Loads and Associated Criteria for Buildings and Other Structures 207






























































































































p = parapet height factor for use with rooftop solar
panels in Eq. (29.4-5)
= ratio of solid area to gross area for solid freestand-
ing wall, solid sign, open sign, face of a trussed
tower, or lattice structure
" =integral length scale power law exponent in
Eq. (26.11-9) from Table 26.11-1
=value used in Egs. (26.11-15a) and (26.11-15b)
(see Section 26.11.4)
=angle of plane of roof from horizontal, in degrees
= adjustment factor for building height and exposure
from Figs. 28.5-1 and 30.4-1
v = height-to-width ratio for solid sign
=angle that the solar panel makes with the roof
surface in Fig. 29.4-7, in degrees

26.4 GENERAL

26.4.1 Sign Convention. Positive pressure acts toward the
surface and negative pressure acts away from the surface.

26.4.2 Critical Load Condition. Values of external and
internal pressures shall be combined algebraically to
determine the most critical load.

26.4.3 Wind Pressures Acting on Opposite Faces of Each
Building Surface. In the calculation of design wind loads for the
MWFRS and for C&C for buildings, the algebraic sum of the
pressures acting on opposite faces of each building surface shall
be taken into account.

26.5 WIND HAZARD MAP

26.5.1 Basic Wind Speed. The basic wind speed, V, used in the
determination of design wind loads on buildings and other
structures shall be determined from Figs. 26.5-1 and 26.5-2 as
follows, except as provided in Sections 26.5.2 and 26.5.3:

For Risk Category I buildings and structures, use Figs. 26.5-1A
and 26.5-2A.

For Risk Category Il buildings and structures, use Figs. 26.5-1B
and 26.5-2B.

For Risk Category I1I buildings and structures, use Figs. 26.5-1C
and 26.5-2C.

For Risk Category IV buildings and structures, use Figs. 26.5-1D
and 26.5-2D.

The wind shall be assumed to come from any horizontal
direction. The basic wind speed shall be increased where records
or experience indicate that the wind speeds are higher than those
re ected in Figs. 26.5-1 and 26.5-2.

26.5.2 Special Wind Regions. Mountainous terrain, gorges,
and special wind regions shown in Fig. 26.5-1 shall be
examined for unusual wind conditions. The Authority Having
Jurisdiction shall, if necessary, adjust the values given in
Fig. 26.5-1 to account for higher local wind speeds. Such
adjustment shall be based on meteorological information and
an estimate of the basic wind speed obtained in accordance with
the provisions of Section 26.5.3.

26.5.3 Estimation of Basic Wind Speeds from Regional
Climatic Data. In areas outside hurricane-prone regions,
regional climatic data shall only be used in lieu of the basic
wind speeds given in Figs. 26.5-1 and 26.5-2 when (1) approved
extreme-value statistical analysis procedures have been used in
reducing the data; and (2) the length of record, sampling error,
averaging time, anemometer height, data quality, and terrain
exposure of the anemometer have been taken into account.
Reduction in basic wind speed below that of Figs. 26.5-1 and
26.5-2 shall be permitted.

In hurricane-prone regions, wind speeds derived from simula-
tion techniques shall only be used in lieu of the basic wind speeds
given in Figs. 26.5-1 and 26.5-2 when approved simulation and
extreme-value statistical analysis procedures are used. The use of
regional wind speed data obtained from anemometers is not
permitted to de ne the hurricane wind-speed risk along the Gulf
and Atlantic coasts, the Caribbean, or Hawaii.

When the basic wind speed is estimated from regional climatic
data or simulation, the estimate shall correspond to the applicable
mean recurrence interval, and the estimate shall be adjusted for
equivalence to a 3-s gust wind speed at 33 ft (10 m) above ground
in Exposure C.
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Table 26.6-1 Wind Directionality Factor, Ky

Structure Type Directionality Factor K4

Buildings
Main Wind Force Resisting System 0.85
Components and Cladding 0.85
Arched Roofs 0.85
Circular Domes 1.0%
Chimneys, Tanks, and Similar Structures
Square 0.90
Hexagonal 0.95
Octagonal 1.0%
Round 1.0
Solid Freestanding Walls, Roof Top 0.85

Equipment, and Solid Freestanding and
Attached Signs

Open Signs and Single-Plane Open Frames 0.85
Trussed Towers
Triangular, square, or rectangular 0.85
All other cross sections 0.95

*Directionality factor K4 =0.95 shall be permitted for round or octagonal
structures with nonaxisymmetric structural systems.

26.6 WIND DIRECTIONALITY

The wind directionality factor, Ky, shall be determined from
Table 26.6-1 and shall be included in the wind loads calculated in
Chapters 27 to 30. The effect of wind directionality in
determining wind loads in accordance with Chapter 31 shall
be based on a rational analysis of the wind speeds conforming
to the requirements of Section 26.5.3 and of Section 31.4.3.

26.7 EXPOSURE

For each wind direction considered, the upwind exposure
shall be based on ground surface roughness that is determined
from natural topography, vegetation, and constructed
facilities.

26.7.1 Wind Directions and Sectors. For each selected wind
direction at which the wind loads are to be determined, the
exposure of the building or structure shall be determined
for the two upwind sectors extending 45° on either side of
the selected wind direction. The exposure in these two sectors
shall be determined in accordance with Sections 26.7.2 and 26.7.3,
and the exposure the use of which would result in the highest
wind loads shall be used to represent the winds from that
direction.

26.7.2 Surface Roughness Categories. A ground surface
roughness within each 45° sector shall be determined for a
distance upwind of the site, as de ned in Section 26.7.3, from
the categories de ned in the following text, for the purpose of
assigning an exposure category as de ned in Section 26.7.3.

Surface Roughness B: Urban and suburban areas, wooded
areas, or other terrain with numerous, closely spaced obstructions
that have the size of single-family dwellings or larger.

Surface Roughness C: Open terrain with scattered obstruc-
tions that have heights generally less than 30 ft (9.1 m). This
category includes at, open country and grasslands.

Surface Roughness D: Flat, unobstructed areas and water
surfaces. This category includes smooth mud ats, salt ats, and
unbroken ice.
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26.7.3 Exposure Categories.

Exposure B: For buildings or other structures with a mean roof
height less than or equal to 30 ft (9.1 m), Exposure B shall apply
where the ground surface roughness, as de ned by Surface
Roughness B, prevails in the upwind direction for a distance
greater than 1,500 ft (457 m). For buildings or other structures
with a mean roof height greater than 30 ft (9.1 m), Exposure B
shall apply where Surface Roughness B prevails in the upwind
direction for a distance greater than 2,600 ft (792 m) or 20 times
the height of the building or structure, whichever is greater.

Exposure C: Exposure C shall apply for all cases where
Exposure B or D does not apply.

Exposure D: Exposure D shall apply where the ground
surface roughness, as de ned by Surface Roughness D, prevails
in the upwind direction for a distance greater than 5,000 ft
(1,524 m) or 20 times the building or structure height, whichever
is greater. Exposure D shall also apply where the ground surface
roughness immediately upwind of the site is B or C, and the site
is within a distance of 600 ft (183 m) or 20 times the building or
structure height, whichever is greater, from an Exposure D
condition as de ned in the previous sentence.

For a site located in the transition zone between exposure
categories, the category resulting in the largest wind forces shall
be used.

EXCEPTION: An intermediate exposure between the pre-
ceding categories is permitted in a transition zone, provided that
it is determined by a rational analysis method de ned in the
recognized literature.

26.7.4 Exposure Requirements.

26.7.4.1 Directional Procedure (Chapter 27). For each wind
direction considered, wind loads for the design of the MWFRS of
enclosed and partially enclosed buildings using the Directional
Procedure of Chapter 27 shall be based on the exposures as
de ned in Section 26.7.3. Wind loads for the design of open
buildings with monoslope, pitched, or troughed free roofs shall
be based on the exposures, as de ned in Section 26.7.3, resulting
in the highest wind loads for any wind direction at the site.

26.7.4.2 Envelope Procedure (Chapter 28). Wind loads for
the design of the MWFRS for all low-rise buildings designed
using the Envelope Procedure of Chapter 28 shall be based on the
exposure category resulting in the highest wind loads for any
wind direction at the site.

26.7.4.3 Directional Procedure for Building Appurtenances
and Other Structures (Chapter 29). Wind loads for the design
of building appurtenances (such as rooftop structures and
equipment) and other structures (such as solid freestanding
walls and freestanding signs, chimneys, tanks, open signs,
single-plane open frames, and trussed towers) as speci ed in
Chapter 29 shall be based on the appropriate exposure for each
wind direction considered.

26.7.4.4 Components and Cladding (Chapter 30). Design
wind pressures for C&C shall be based on the exposure
category resulting in the highest wind loads for any wind
direction at the site.

26.8 TOPOGRAPHIC EFFECTS

26.8.1 Wind Speed-Up over Hills, Ridges, and
Escarpments. Wind speed-up effects at isolated hills, ridges,
and escarpments constituting abrupt changes in the general
topography, located in any exposure category, shall be
included in the determination of the wind loads when site
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27.2.1 Wind Load Parameters Speci ed in Chapter 26. The
following wind load parameters shall be determined in
accordance with Chapter 26:

Basic wind speed, V (Section 26.5).

Wind directionality factor, Ky (Section 26.6).
Exposure category (Section 26.7).

Topographic factor, K, (Section 26.8).

Ground elevation factor, K.; see Section 26.9
Gust-effect factor (Section 26.11).

Enclosure classi cation (Section 26.12).

Internal pressure coef cient, (GCy;) (Section 26.13).

27.3 WIND LOADS: MAIN WIND FORCE RESISTING
SYSTEM

27.3.1 Enclosed and Partially Enclosed Rigid and Flexible
Buildings. Design wind pressures for the MWFRS of buildings
of all heights in Ib f2 6N m2b, shall be determined by the
following equation:

p=0qGC, idGCPp (27.3-1)

where

g =g, for windward walls evaluated at height z above the
ground.

g =qy for leeward walls, sidewalls, and roofs evaluated at
height h.

g; = g for windward walls, sidewalls, leeward walls, and
roofs of enclosed buildings, and for negative internal
pressure evaluation in partially enclosed buildings.

qg; = g, for positive internal pressure evaluation in partially
enclosed buildings where height z is de ned as the level
of the highest opening in the building that could affect
the positive internal pressure. For buildings sited in
wind-borne debris regions, glazing that is not impact-
resistant or protected with an impact-resistant covering
shall be treated as an opening in accordance with Section
26.12.3. For positive internal pressure evaluation, g; may
conservatively be evaluated at height hdg; = qpP.

G = gust-effect factor; see Section 26.11. For exible build-
ings, G; determined in accordance with Section 26.11.5
shall be substituted for G.

C, =external pressure coef cient from Figs. 27.3-1, 27.3-2,
and 27.3-3.

(GCp) =internal pressure coef cient from Table 26.13-1.

Both g and g; shall be evaluated using exposure de ned in
Section 26.7.3. Pressure shall be applied simultaneously on
windward and leeward walls and on roof surfaces as de ned in
Figs. 27.3-1, 27.3-2, and 27.3-3.

27.3.2 Open Buildings with Monoslope, Pitched, or
Troughed Free Roofs. The net design pressure for the MWFRS
of open buildings with monoslope, pitched, or troughed free
roofs in Ib ft2 3N m2b, shall be determined by the following
equation:

p:thCN (273-2)

where

g, = velocity pressure evaluated at mean roof height h using the
exposure as de ned in Section 26.7.3 that results in the
highest wind loads for any wind direction at the site.

G = gust-effect factor from Section 26.11.

Cy =net pressure coef cient determined from Figs. 27.3-4
through 27.3-7.
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Net pressure coef cients, Cy, include contributions from
top and bottom surfaces. All load cases shown for each roof
angle shall be investigated. Plus and minus signs signify pressure
acting toward and away from the top surface of the roof,
respectively.

For free roofs with an angle of plane of roof from horizontal
less than or equal to 5° and containing fascia panels, the fascia
panel shall be considered an inverted parapet. The contribution of
loads on the fascia to the MWFRS loads shall be determined
using Section 27.3.5, with g, equal to gj,. For an open or partially
enclosed building with transverse frames and a pitched roof
( 45°), an additional horizontal force in the longitudinal
direction (parallel to the ridge) that acts in combination with
the roof load calculated in Section 27.3.3 shall be determined in
accordance with Section 28.3.5.

27.3.3 Roof Overhangs. The positive external pressure on the
bottom surface of windward roof overhangs shall be determined
using C,=0.8 and combined with the top surface pressures
determined using Fig. 27.3-1.

27.3.4 Parapets. The design wind pressure for the effect of
parapets on MWFRS of rigid or exible buildings with at,
gable, or hip roofs in Ib ft2 3N m?2b, shall be determined by the
following equation:

Pp = Gp8GC P8lb f2b (27.3-3)

where

P, = combined net pressure on the parapet caused by the
combination of the net pressures from the front and
back parapet surfaces. Plus (and minus) signs signify
net pressure acting toward (and away from) the front
(exterior) side of the parapet.

q, = velocity pressure evaluated at the top of the parapet.

(GCyn) = combined net pressure coef cient:
=p1.5 for windward parapet or
= 1.0 for leeward parapet.

27.3.5 Design Wind Load Cases. The MWFRS of buildings of
all heights, the wind loads of which have been determined under
the provisions of this chapter, shall be designed for the wind load
cases as de ned in Fig. 27.3-8.

EXCEPTION: Buildings meeting the requirements of
Section D1.1 of Appendix D need only be designed for Case
1 and Case 3 of Fig. 27.3-8.

The eccentricity e for rigid buildings shall be measured from
the geometric center of the building face and shall be considered
for each principal axis (ex, ey). The eccentricity e for exible
buildings shall be determined from the following equation and
shall be considered for each principal axis (e, ey):

q
eqo b 1.71; 3gqQeqP? b dgrRerP?
e= g

= (27.3-4)
1p171; 3goQp? b geRH?

where

e = eccentricity e as determined for rigid buildings in Fig. 27.3-8.

er = distance between the elastic shear center and center of mass
of each oor.

I, 9o, Q. Or, and R shall be as de ned in Section 26.11.

The sign of the eccentricity e shall be plus or minus, whichever
causes the more severe load effect.
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PART 2: ENCLOSED SIMPLE DIAPHRAGM BUILDINGS
WITHh 160 ft (h 48.8 m)

User Note: Part 2 of Chapter 27 is a simpli ed method
for determining the wind pressures for the MWFRS of
enclosed, simple diaphragm buildings the height h of which
is 160 ft (48.8 m). The wind pressures are obtained directly
from a table. The building may be of any general plan shape
and roof geometry that matches the speci ed gures. This
method is a simpli cation of the traditional “all heights”
method (Directional Procedure) contained in Part 1 of
Chapter 27.

27.4 GENERAL REQUIREMENTS

27.4.1 Design Procedure. The procedure speci ed herein
applies to the determination of MWFRS wind loads of
enclosed simple diaphragm buildings, as de ned in Section 26.2,
with a mean roof height h 160 ft (h 48.8 m). The
steps required for the determination of MWFRS wind loads
on enclosed simple diaphragm buildings are shown in
Table 27.4-1.

27.4.2 Conditions. In addition to the requirements in
Section 27.1.2, a building that has design wind loads determined
in accordance with this section shall meet all of the follow-
ing conditions for either a Class 1 or Class 2 building
(Fig. 27.4-1):

Class 1 Buildings:

1. The building shall be an enclosed simple diaphragm build-
ing as de ned in Section 26.2.

2. The building shall have a mean roof height h 60 ft
(h 18.3m).

3. The ratio of L B shall not be less than 0.2 nor more than
50(0.2 L B 5.0).

Class 2 Buildings:

1. The building shall be an enclosed simple diaphragm build-
ing as de ned in Section 26.2.

2. The building shall have a mean roof height 60 ft <h
160 ft (18.3 m<h 48.8 m).

3. The ratio of L B shall not be less than 0.5 nor more than
2005 L B 20).

4. The fundamental natural frequency (hertz) of the building
shall not be less 75 h where h is in feet.

27.4.3 Wind Load Parameters Speci ed in Chapter
26. Refer to Chapter 26 for determination of basic wind
speed, V (Section 26.5), exposure category (Section 26.7),
and topographic factor K, (Section 26.10).

27.4.4 Topographic Effects. The wind pressures determined
from this section shall be multiplied by K, as determined from
Section 26.10 using one value of K for the building calculated at
0.33h. Alternatively, it shall be permitted to (iBter Tables 27.5-1
and 27.5-2 with a wind velocity equal to V' K, where K, is
determined at a height of 0.33h.

27.4.5 Diaphragm  Flexibility. The  design  procedure
speci ed herein applies to buildings that have either rigid or
exible diaphragms. The structural analysis shall consider the
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Table 27.4-1 Steps to Determine MWFRS Wind Loads for
Enclosed, Simple Diaphragm Buildings, h 160 ft (h 48.8 m)

Step 1: Determine Risk Category of building; see Table 1.5-1.
Step 2: Determine the basic wind speed, V, for applicable Risk Category; see
Figs. 26.5-1 and 26.5-2.
Step 3: Determine wind load parameters:
* Exposure category B, C, or D; see Section 26.7.
* Topographic factor, K; see Section 26.8 and Fig. 26.8-1.
* Enclosure classi cation; see Section 26.12.
Step 4: Enter table to determine net pressures on walls at top and base of
building respectively, p,; pg, Table 27.5-1.
Step 5: Enter table to determine net roof pressures, p,, Table 27.5-2.
Step 6: Determine topographic factor, K, and apply factor to wall and roof
pressures (if applicable); see Section 26.8.
Step 7: Apply loads to walls and roofs simultaneously.

relative stiffness of diaphragms and the vertical elements of the
MWFRS.
Diaphragms constructed of wood panels can be idealized as
exible. Diaphragms constructed of untopped metal decks,
concrete- lled metal decks, and concrete slabs, each having a
span-to-depth ratio of 2 or less, are permitted to be idealized as
rigid for consideration of wind loading.

27.5 WIND LOADS: MAIN WIND FORCE RESISTING
SYSTEM

27.5.1 Wall and Roof Surfaces: Class 1 and 2 Buildings. Net
wind pressures for the walls and roof surfaces shall be
determined from Tables 27.5-1 and 27.5-2, respectively,
for the applicable exposure category as determined by
Section 26.7.

For Class 1 buildings with L B values less than 0.5, use wind
pressures tabulated for L B=0.5. For Class 1 buildings with
L B values greater than 2.0, use wind pressures tabulated for
L B=20.

Net wall pressures shall be applied to the projected area of
the building walls in the direction of the wind, and exterior
sidewall pressures shall be applied to the projected area of the
building walls normal to the direction of the wind acting
outward according to Note 3 of Table 27.5-1, simultaneously
with the roof pressures from Table 27.5-2, as shown in
Fig. 27.5-1.

Where two load cases are shown in the table of roof pressures,
the effects of each load case shall be investigated separately. The
MWFRS in each direction shall be designed for the wind load
cases as de ned in Fig. 27.3-8.

EXCEPTION: The torsional load cases in Fig. 27.3-8 (Case 2
and Case 4) need not be considered for buildings that meet the
requirements of Appendix D.

27.5.2 Parapets. The effect of horizontal wind loads applied to
all vertical surfaces of roof parapets for the design of the
MWEFRS shall be based on the application of an additional
net horizontal wind pressure applied to the projected area of
the parapet surface equal to 2.25 times the wall pressures
tabulated in Table 27.5-1 for L B=1.0. The net pressure
speci ed accounts for both the windward and leeward parapet
loading on both the windward and leeward building surface. The
parapet pressure shall be applied simultaneously with the
speci ed wall and roof pressures shown in the table in
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CHAPTER 28

WIND LOADS ON BUILDINGS: MAIN WIND FORCE RESISTING SYSTEM
(ENVELOPE PROCEDURE)

28.1 SCOPE

28.1.1 Building Types. This chapter applies to the determination
of main wind force resisting system (MWFRS) wind loads on low-
rise buildings using the Envelope Procedure.

Part 1 applies to all low-rise buildings where it is necessary to
separate applied wind loads onto the windward, leeward, and
sidewalls of the building to properly assess the internal forces in
the MWFRS members.

Part 2 applies to a special class of low-rise buildings designated
as enclosed simple diaphragm buildings as de ned in Section 26.2.

28.1.2 Conditions. The design wind loads determined in
accordance with this section shall apply to buildings
complying with all of the following conditions:

1. The building is a regular-shaped building as de ned in
Section 26.2.

2. The building does not have response characteristics that make
it subject to across-wind loading, vortex shedding, instability
caused by galloping or utter, nor does it have a site location
for which channeling effects or buffeting in the wake of
upwind obstructions warrant special consideration.

28.1.3 Limitations. The provisions of this chapter take into
consideration the load magni cation effect caused by gusts in
resonance with along-wind vibrations of  exible buildings.
Buildings that do not meet the requirements of Section 28.1.2 or
that have unusual shapes or response characteristics shall be designed
using recognized literature documenting such wind load effects or
shall use the Wind Tunnel Procedure speci ed in Chapter 31.

28.1.4 Shielding. There shall be no reductions in velocity
pressure caused by apparent shielding afforded by buildings
and other structures or terrain features.

PART 1: ENCLOSED AND PARTIALLY ENCLOSED
LOW-RISE BUILDINGS

User Note: Use Part 1 of Chapter 28 to determine the wind
pressure on the MWFRS of enclosed, partially enclosed, or open
low-rise buildings that have a at, gable, or hip roof. These
provisions use the Envelope Procedure by calculating wind
pressures from the speci ¢ equation applicable to each building
surface. For building shapes and heights for which these provi-
sions are applicable, this method generally yields the lowest wind

pressure of all of the analytical methods speci ed in this standard.

28.2 GENERAL REQUIREMENTS

The steps required for the determination of MWFRS wind loads on
low-rise buildings are shown in Table 28.2-1.

Table 28.2-1 Steps to Determine Wind Loads on MWFRS
Low-Rise Buildings

Step 1: Determine risk category of building; see Table 1.5-1.
Step 2: Determine the basic wind speed, V, for applicable risk category;
see Figs. 26.5-1 and 26.5-2.
Step 3: Determine wind load parameters:
* Wind directionality factor, Ky ; see Section 26.6 and
Table 26.6-1.
* Exposure category B, C, or D; see Section 26.7.
* Topographic factor, K,; see Section 26.8 and Fig. 26.8-1.
* Ground elevation factor, K,; see Section 26.9 and
Table 26.9-1.
* Enclosure classi cation; see Section 26.12.
* Internal pressure coef cient, (GC;); see Section 26.13 and
Table 26.13-1.
Step 4: Determine velocity pressure exposure coef cient, K, or K;
see Table 26.10-1.
Step 5: Determine velocity pressure, g, or g,, Eq. (26.10-1).
Step 6: Determine external pressure coef cient, (GC,), using Fig. 28.3-1 for
at and gable roofs.

User Note: See Commentary Fig. C28.3-2 for guidance on hip roofs.

Step 7: Calculate wind pressure, p, from Eq. (28.3-1).

28.2.1 Wind Load Parameters Speci ed in Chapter 26. The
following wind load parameters shall be determined in
accordance with Chapter 26:

 Basic wind speed, V (Section 26.5).

» Wind directionality factor, K4 (Section 26.6).

» Exposure category (Section 26.7).

» Topographic factor, K, (Section 26.8).

» Ground elevation factor, K, (Section 26.9).

 Velocity Pressure Exposure Coef cient, K, or K,
(Section 26.10).

» Enclosure classi cation (Section 26.12).

* Internal pressure coef cient (GCp;) (Section 26.13).

28.3 WIND LOADS: MAIN WIND FORCE RESISTING
SYSTEM

28.3.1 Design Wind Pressure for Low-Rise Buildings. Design
wind pressures for the MWFRS of low-rise buildings shall be
determined by the following equation:

p= qhﬁ" chf GCpi Ib=ft2 (283'1)

p= qh%‘ GCpf GCpi N:rrl2 (283'1S|)
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Diagram

Notation

B = Width of the building perpendicular to the ridge, in ft (m)

Ag = Total end wall area for an equivalent enclosed building

Ag = Effective solid area of the end wall, i.e., the projected area of any portion of the end wall that would be exposed to the wind

n = Number of frames but shall not be taken as less than n=3

FIGURE 28.3-2 Horizontal Wind Loads on Open or Partially Enclosed Buildings with Transverse Frames and Pitched Roofs: De nitions of
Geometric Terminology

where

gy = velocity pressure evaluated at mean roof height h as
de ned in Section 26.3;
(GC,) = external pressure coef cient from Fig. 28.3-1; and
(GC,) = internal pressure coef cient from Table 26.13-1.

28.3.1.1 External Pressure Coef cients (GCpf). The
combined gust-effect factor and external pressure coef cients
for low-rise buildings, (GC;), are not permitted to be separated.

28.3.2 Parapets. The design wind pressure for the effect of
parapets on MWFRS of low-rise buildings with at, gable, or hip
roofs shall be determined by the following equation:

Py =0, GCpp Ib=ft2 (28.3-2)
Pp=0p GCpp N=m? (28.3-2.si)
where

pp, = combined net pressure on the parapet caused by the
combination of the net pressures from the front and
back parapet surfaces. Plus (and minus) signs signify
net pressure acting toward (and away from) the front
(exterior) side of the parapet.
d, = velocity pressure evaluated at the top of the parapet; and
(GCyp,) = combined net pressure coef cient:
1.5 for windward parapet; or
1.0 for leeward parapet.

28.3.3 Roof Overhangs. The positive external pressure on the
bottom surface of windward roof overhangs shall be determined
using GC, =0.7 in combination with the top surface pressures
determined using Fig. 28.3-1.

28.3.4 Minimum Design Wind Loads. The wind load to be
used in the design of the MWFRS for an enclosed or partially
enclosed building shall not be less than 16 Ib=ft? (0.77 kN=m?)
multiplied by the wall area of the building, and 8 Ib=ft?
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(0.38 kN=m?) multiplied by the roof area of the building pro-
jected onto a vertical plane normal to the assumed wind direction.

28.3.5 Horizontal Wind Loads on Open or Partially Enclosed
Buildings with Transverse Frames and Pitched Roofs. A
horizontal pressure in the longitudinal direction (parallel to the
ridge) that acts in combination with the roof load calculated in
Section 27.4.3 for an open or partially enclosed building with
transverse frames and a pitched roof (< 45°) shall be determined
by the following equation:

P = Ok chf windward ~ GC KgKs (28.3-3)

pf leeward
where

g, = velocity pressure evaluated at mean roof height h using
the exposure as de ned in Section 26.7.3.

(GCyr) =external pressure coef cient given in Fig. 28.3-1
for Load Case B where building surfaces 5 and 5E shall
be used to compute the average windward end wall
pressure and building surfaces 6 and 6E shall be used to
compute the average leeward end wall pressure.

Kg = frame width factor=1.8 0.01B, B<100 ft (B<30.5m)
or0.8,B 100ft(B 30.5m).
K =shielding factor = 0.60 0.073 n 3 125 18,
= solidity ratio = Ag=Ag.
B =width of the building perpendicular to the ridge,
in ft (m).
n = number of frames but shall not be taken as less than n = 3.
Ag = effective solid area of the end wall, i.e., the projected
area of any portion of the end wall that would be
exposed to the wind (Fig. 28.3-2).
Ag =total end wall area for an equivalent enclosed building
(Fig. 28.3-2).

The total longitudinal force F to be resisted by the MWFRS
shall be determined by the following equation:

F=pAe (28.3-4)
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Eq. (28.3-3) is applicable to buildings with open end walls and
with end walls fully or partially enclosed with cladding. For all
cases, Ag shall be the area that is equivalent to the end wall fully
enclosed. The longitudinal force, F, given by Eq. (28.3-4), repre-
sents the total force for which the MWFRS longitudinal bracing
shall be designed. The distribution to each sidewall shall be based
on force F applied at the centroid of the end wall area A¢.

Fascia load need not be considered separately if fascia areas
are included in the Ag calculation.

PART 2: ENCLOSED SIMPLE DIAPHRAGM
LOW-RISE BUILDINGS

User Note: Part 2 of Chapter 28 is a simpli ed method to
determine the wind pressure on the MWFRS of enclosed
simple diaphragm low-rise buildings that have a at, gable, or
hip roof. The wind pressures are obtained directly from a
table and are applied on horizontal and vertical projected
surfaces of the building. This method is a simpli cation of the
Envelope Procedure contained in Part 1 of Chapter 28.

28.4 GENERAL REQUIREMENTS

The steps required for the determination of MWFRS wind
loads on enclosed simple diaphragm buildings are shown in
Table 28.4-1.

28.4.1 Wind Load Parameters Speci ed in Chapter 26. The
following wind load parameters are speci ed in Chapter 26:

« Basic wind speed, V (Section 26.5);
e Exposure category (Section 26.7);

e Topographic factor, K, (Section 26.8)
¢ Enclosure classi cation (Section 26.12).

28.5 WIND LOADS: MAIN WIND FORCE RESISTING
SYSTEM

28.5.1 Scope. A building, the design wind loads of which are
determined in accordance with this section, shall meet all the
conditions of Section 28.5.2. If a building does not meet all of
the conditions of Section 28.5.2, then its MWFRS wind loads shall
be determined by Part 1 of this chapter, by the Directional
Procedure of Chapter 27, or by the Wind Tunnel Procedure of
Chapter 31.

28.5.2 Conditions. For the design of MWFRS, the building
shall comply with all of the following conditions:

1. The building is a simple diaphragm building as de ned in
Section 26.2.

2. The building is a low-rise building as de ned in Section 26.2.

3. The building is enclosed as de ned in Section 26.2 and
conforms to the wind-borne debris provisions of Section
26.12.3.

4. The building is a regular-shaped building as de ned in
Section 26.2.

5. The building is not classi ed as a exible building as
de ned in Section 26.2.

Table 28.4-1 Steps to Determine Wind Loads on MWFRS Simple
Diaphragm, Low-Rise Buildings

Step 1: Determine Risk Category of building; see Table 1.5-1.

Step 2: Determine the basic wind speed, V, for applicable Risk Category; see
Figs. 26.5-1 and 26.5-2.

Step 3: Determine wind load parameters:
* Exposure category B, C, or D; see Section 26.7.
* Topographic factor, K; see Section 26.8 and Fig. 26.8-1.

Step 4: Enter gure to determine wind pressures for h=30 ft (h=9.1 m),
Pss0; see Fig. 28.5-1.

Step 5: Enter gure to determine adjustment for building height and exposure,
; see Fig. 28.5-1.

Step 6: Determine adjusted wind pressures, ps; see Eq. (28.5-1).

6. The building does not have response characteristics that make
it subject to across-wind loading, vortex shedding, instability
caused by galloping or utter; and it does not have a site
location for which channeling effects or buffeting in the wake
of upwind obstructions warrant special consideration.

7. The building has an approximately symmetrical cross
section in each direction with either a at roof or a gable
or hip roof with 45°,

8. The building is exempted from torsional load cases as
indicated in Note 5 of Fig. 28.3-1, or the torsional load
cases de ned in Note 5 do not control the design of any of
the MWFRS of the building.

28.5.3 Design Wind Loads. Simpli ed design wind pressures,
ps, for the MWFRS of low-rise, simple diaphragm buildings
represent the net pressures (sum of internal and external) to be
applied to the horizontal and vertical projections of building surfaces,
as shown in Fig. 28.5-1. For the horizontal pressures (Zones A, B, C,
D), ps is the combination of the windward and leeward net pressures.
ps shall be determined by the following equation:

ps = Kzt Ps3o (28-5'1)

where

= adjustment factor for building height and exposure from
Fig. 28.5-1.
K, = topographic factor as de ned in Section 26.8 evaluated at
0.33 times the mean roof height, 0.33h.
Ps3o =simpli ed design wind pressure for Exposure B, at
h=30 ft (h=9.1 m) from Fig. 28.5-1.

28.5.4 Minimum Design Wind Loads. The load effects of the
design wind pressures from Section 28.5.3 shall not be less than a
minimum load de ned by assuming the pressures, ps, for Zones
Aand Cequal to 16 Ib=ft? (0.77 N=m?), Zones B and D equal
to 8 Ib=ft? (0.38 N=m?), while assuming p; for Zones E, F, G,
and H are equal to 0 lb=ft> (0 N=m?).

28.6 CONSENSUS STANDARDS AND OTHER
REFERENCED DOCUMENTS

No consensus standards and other documents that shall be
considered part of this standard are referenced in this chapter.
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29.2 GENERAL REQUIREMENTS

29.2.1 Wind Load Parameters Speci ed in Chapter 26. The
following wind load parameters shall be determined in
accordance with Chapter 26:

* Basic wind speed, V (Section 26.5);

* Wind directionality factor, Ky (Section 26.6);
» Exposure category (Section 26.7);

» Topographic factor, K, (Section 26.8);

» Ground elevation factor, K, (Section 26.9); and
» Enclosure classi cation (Section 26.12).

29.3 DESIGN WIND LOADS: SOLID FREESTANDING
WALLS AND SOLID SIGNS

29.3.1 Solid Freestanding Walls and Solid Freestanding
Signs. The design wind force for solid freestanding walls and
solid freestanding signs shall be determined by the following
formula:

F=q,GCA; Ib (29.3-1)

F= thCfAS N (293-1S|)

where

gy = velocity pressure evaluated at height h (de ned in Fig. 29.3-1)
as determined in accordance with Section 26.10.

G = gust-effect factor from Section 26.11.

C¢ =net force coef cient from Fig. 29.3-1.

A, =gross area of the solid freestanding wall or freestanding
solid sign, in ft> (m?).

29.3.2 Solid Attached Signs. The design wind pressure on a
solid sign attached to the wall of a building, where the plane of
the sign is parallel to and in contact with the plane of the wall, and
the sign does not extend beyond the side or top edges of the wall,
shall be determined using procedures for wind pressures on walls
in accordance with Chapter 30 and setting the internal pressure
coef cient (GC,;) equal to 0.

This procedure shall also be applicable to solid signs attached to
but not in direct contact with the wall, provided that the gap
between the sign and wall is no more than 3 ft (0.9 m) and the
edge of the sign is at least 3 ft (0.9 m) in from free edges of
the wall, i.e., side and top edges and bottom edges of elevated walls.

29.4 DESIGN WIND LOADS: OTHER STRUCTURES

The design wind force for other structures (chimneys, tanks, open
signs, single-plane open frames, and trussed towers), whether
ground or roof mounted, shall be determined by the following
equation:

F=0q,GCA Ib (29.4-1)

F=0,GC;A; N (29.4-1.si)
where

g, = velocity pressure evaluated at height z, as de ned in
Section 26.10, of the centroid of area A;.

G = gust-effect factor from Section 26.11.

C¢ =force coef cients from Figs. 29.4-1 through 29.4-4.

A; = projected area normal to the wind except where C; is
speci ed for the actual surface area, in ft> (m?).

Guidance for determining G, C;, and A; for structures found in
petrochemical and other industrial facilities that are not otherwise
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addressed in ASCE 7 can be found in the Wind Loads for
Petrochemical and Other Industrial Facilities (2011), published
by ASCE, Reston, VA.

29.4.1 Rooftop Structures  and Equipment  for
Buildings. The lateral force, Fy, and vertical force, F,, for
rooftop structures and equipment, except as otherwise speci ed
for roof-mounted solar panels (Sections 29.4.3 and 29.4.4) and
structures identi ed in Section 29.4, shall be determined as
speci ed following.

The resultant lateral force, Fy, shall be determined from
Eqg. (29.4-2) and applied at a height above the roof surface equal
to or greater than the centroid of the projected area, A;.

Fr=0, GC, A Ib (29.4-2)

Fn=0, GC, Ar N (29.4-2.5i)

where

(GC,) = 1.9 for rooftop structures and equipment with A; less
than (0.1Bh). (GC,) shall be permitted to be reduced
linearly from 1.9 to 1.0 as the value of A; is increased
from (0.1Bh) to (Bh).

gy = velocity pressure evaluated at mean roof height of the
building.

A; = vertical projected area of the rooftop structure or
equipment on a plane normal to the direction of wind,
in ft? (m?).

The vertical uplift force, F,, on rooftop structures and equip-
ment shall be determined from Eq. (29.4-3):

F,=q, GC, A, Ib (29.4-3)

F,=q, GC, A, N (29.4-3.5i)

where

(GC,) = 1.5 for rooftop structures and equipment with A, less
than (0.1BL). (GC,) shall be permitted to be reduced
linearly from 1.5 to 1.0 as the value of A, is increased
from (0.1BL) to (BL).

g, = velocity pressure evaluated at the mean roof height of
the building.

A, = horizontal projected area of rooftop structure or equip-
ment, in ft? (m?).

29.4.2 Design Wind Loads: Circular Bins, Silos, and Tanks
with h 120 ft (h 36.5m), D 120 ft (D 36.5m), and
0.25 H D 4. Grouped circular bins, silos, and tanks of
similar size with center-to-center spacing greater than two
diameters shall be treated as isolated structures. For spacings
less than 1.25 diameters, the structures shall be treated as grouped
and the wind pressure shall be determined from Section 29.4.2.4.
For intermediate spacings, linear interpolation of the C, (or Cy)
values shall be used.

29.4.2.1 External Walls of Isolated Circular Bins, Silos, and
Tanks. To determine the overall drag on circular bins, silos, and
tanks using Eq. (29.4-1), a drag coef cient (C;) of 0.63 based on
projected walls (DH) is permitted to be used, where H D is in the
range of 0.25 to 4.0 and the cylinder (diameter D) is standing on
the ground or supported by columns. The clearance height (C)
shall be less than or equal to the height of the solid cylinder (H)
as shown in Fig. 29.4-4.
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29.4.2.2 Roofs of lIsolated Circular Bins, Silos, and
Tanks. The net design pressures on the roofs of circular bins,
silos, and tanks shall be determined from Eq. (29.4-4):

p=qy, GC, GC, Ib ft2 (29.4-4)

p=q, GC, GC,; Nm? (29.4-4.si)
p p!

where

0y, = velocity pressure for all surfaces evaluated at mean roof
height h;
C, = external pressure coef cient from Fig. 29.4-5 for roofs;
(GCy) = internal pressure coef cient for roofed structures from
Section 26.13, and
G = gust-effect factor from Section 26.11.

The external pressures on the conical, at, or dome roofs (roof
angle less than 10°) of circular bins, silos, or tanks shall be equal to
the external pressure coef cients, Cy, given in Fig. 29.4-5 for Zones
1 and 2. The external pressures for dome roofs (roof angle greater
than 10°) shall be determined from Fig. 27.3-2.

29.4.2.3 Undersides of Isolated Elevated Circular Bins, Silos,
and Tanks. External pressure coef cients C, for the underside
of elevated circular bins, silos, or tanks with clearance height, C,
above ground less than or equal to the solid cylinder height, H,
shall be taken as 0.8 and 0.6. For structures with clearance
height above ground of less than or equal to one-third of the
cylinder height, use linear interpolation between these values and
C, =0.0 according to the ratio of C h, where C and h are de ned
as shown in Fig. 29.4-4.

29.4.2.4 Roofs and Walls of Grouped Circular Bins, Silos,
and Tanks. For closely spaced groups of three or more circular
bins, silos, or tanks with center-to-center spacing less than 1.25D,
roof pressure coef cients, C,, and drag force coef cient, C;, on
projected walls shall be calculated using Fig. 29.4-6. The net design
pressures on the roofs shall be determined from Eq. (29.4-4). The
overall drag shall be calculated based on Eq. (29.4-1).

29.4.3 Rooftop Solar Panels for Buildings of All Heights
with Flat Roofs or Gable or Hip Roofs with Slopes
Less Than 7°. As illustrated in Fig. 29.4-7, the design wind
pressure for rooftop solar panels apply to those located on
enclosed or partially enclosed buildings of all heights with at
roofs, or with gable or hip roof slopes with 7°, with panels
conforming to:

L, 67ft 2.04m,
35°,

hy 2ft 0.61m,

h, 4ft 1.22m,

with a minimum gap of 0.25 in. (6.4 mm) provided between all
panels, and the spacing of gaps between panels not exceeding
6.7 ft (2.04 m). In addition, the minimum horizontal clear
distance between the panels and the edge of the roof shall be
the larger of 2 h,  hy and 4 ft (1.2m) for the design pressures
in this section to apply. The design wind pressure for rooftop
solar panels shall be determined by Eq. (29.4-5) and (29.4-6):

p=gq, GC,, Ib ft? (29.4-5)
p=qg, GC,, N m? (29.4-5.si)

where
GCrn = p c E Gcrn nom (29-4'6)

where

p:min 1.2;0.9 hpt h;
¢=max 0.6 0.06L,,0.8 ; and
g = 1.5 for uplift loads on panels that are exposed and
within a distance 1.5 L, from the end of a row at an
exposed edge of the array; ¢=1.0 elsewhere for
uplift loads and for all downward loads, as illustrated
in Fig. 29.4-7. A panel is de ned as exposed if d; to
the roof edge > 0.5h and one of the following applies:
1. d; to the adjacent array > max 4h,, 4 ft (1.2m)
or
2. d, to the next adjacent panel > max 4h,; 4 ft
(1.2m).
GCyp nom =nominal net pressure coef cient for rooftop solar
panels as determined from Fig. 29.4-7.

When, 2°, h, 0.83ft (0.25 m), and a minimum gap of
0.25 in. (6.4 mm) is provided between all panels, and the spacing
of gaps between panels does not exceed 6.7 ft (2.04 m), the
procedure of Section 29.4.4 shall be permitted.

The roof shall be designed for both of the following:

1. The case where solar collectors are present. Wind loads acting
on solar collectors in accordance with this section shall be
applied simultaneously with roof wind loads speci ed in
other sections acting on areas of the roof not covered by the
plan projection of solar collectors. For this case, roof wind
loads speci ed in other sections need not be applied on areas
of the roof covered by the plan projection of solar collectors.

2. Cases where the solar arrays have been removed.

29.4.4 Rooftop Solar Panels Parallel to the Roof Surface on
Buildings of All Heights and Roof Slopes. The design wind
pressures for rooftop solar panels located on enclosed or partially
enclosed buildings of all heights, with panels parallel to the roof
surface, with a tolerance of 2° and with a maximum height above
the roof surface, h,, not exceeding 10 in. (0.25 m) shall be
determined in accordance with this section. A minimum gap of
0.25 in. (6.4 mm) shall be provided between all panels, with the
spacing of gaps between panels not exceeding 6.7 ft (2.04 m). In
addition, the array shall be located at least 2h, from the roof edge,
a gable ridge, or a hip ridge. The design wind pressure for rooftop
solar collectors shall be determined by Eq. (29.4-7):

P=0y GC, ¢ o Ibft? (29.4-7)

P=0y GC, ¢ o Nm? (29.4-7.si)

where

(GC,) =external pressure coef cient for C&C of roofs with
respective roof zoning, determined from Figs. 30.3-
2A-1 through 30.3-7 or 30.5-1;

g =array edge factor = 1.5 for uplift loads on panels that
are exposed and within a distance 1.5 L, from the end
of a row at an exposed edge of the array; g=1.0
elsewhere for uplift loads and for all downward loads,
as illustrated in Fig. 29.4-7. A panel is de ned as
exposed if d; to the roof edge>0.5h and one of the
following applies:

1. d, to the adjacent array >4 ft (1.2 m) or
2. d, to the next adjacent panel >4 ft. (1.2 m);
a=solar panel pressure equalization factor, de ned in
Fig. 29.4-8.
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CHAPTER 30
WIND LOADS: COMPONENTS AND CLADDING

30.1 SCOPE

30.1.1 Building Types. This chapter applies to the determination
of wind pressures on components and cladding (C&C) on buildings.
1. Part 1 is applicable to an enclosed or partially enclosed

e Low-rise building (see de nition in Section 26.2); or
 Building with h 60 ft (18.3 m).

The building has a at roof, gable roof, multispan gable
roof, hip roof, monoslope roof, stepped roof, or sawtooth roof,
and the wind pressures are calculated from a wind pressure
equation.

2. Part 2 isasimpli ed approach and is applicable to an enclosed

e Low-rise building (see de nition in Section 26.2); or
 Building with h 60 ft (18.3 m).

The building has a at roof, gable roof, or hip roof, and
the wind pressures are determined directly from a table.
3. Part 3 is applicable to an enclosed or partially enclosed

« Building with h > 60 ft (18.3 m).

The building has a at roof, pitched roof, gable roof, hip
roof, mansard roof, arched roof, or domed roof, and the wind
pressures are calculated from a wind pressure equation.

4. Part 4 isasimpli ed approach and is applicable to an enclosed

» Buildingwith60 ft<h 160 ft (18.3 m<h 48.8 m).

The building has a at roof, gable roof, hip roof, mono-
slope roof, or mansard roof, and the wind pressures are
determined directly from a table.

5. Part 5 is applicable to an open building of all heights that has a
pitched free roof, monoslope free roof, or troughed free roof.

6. Part 6 is applicable to building appurtenances such as roof
overhangs, parapets, and rooftop equipment.

7. Part 7 is applicable to non-building structures — circular bins,
silos and tanks; and rooftop solar panels.

e Circular Bins, Silos and Tanks: h 120 ft (38.6 m).

* Rooftop Solar Panels: Buildings of all heights with at
roofs or Gable or Hip Roofs with roof slopes less than or
equal to 7 degrees

30.1.2 Conditions. A building that has design wind loads
determined in accordance with this chapter shall comply with
all of the following conditions:

1. The building is a regular-shaped building as de ned in
Section 26.2; and

2. The building does not have response characteristics that make
it subject to across-wind loading, vortex shedding, or insta-
bility caused by galloping or utter; nor does it have a site

location for which channeling effects or buffeting in the wake
of upwind obstructions warrant special consideration.

30.1.3 Limitations. The provisions of this chapter take into
consideration the load magni cation effect caused by gusts in
resonance with along-wind vibrations of exible buildings.
The loads on buildings that do not meet the requirements of
Section 30.1.2 or that have unusual shapes or response
characteristics shall be determined using recognized literature
documenting such wind load effects or shall use the wind tunnel
procedure speci ed in Chapter 31.

30.1.4 Shielding. There shall be no reductions in velocity
pressure caused by apparent shielding afforded by buildings
and other structures or terrain features.

30.1.5 Air-Permeable Cladding. Design wind loads deter-
mined from Chapter 30 shall be used for air-permeable
claddings, including modular vegetative roof assemblies, unless
approved test data or recognized literature demonstrates lower
loads for the type of air-permeable cladding being considered.

30.2 GENERAL REQUIREMENTS

30.2.1 Wind Load Parameters Speci ed in Chapter 26. The
following wind load parameters are speci ed in Chapter 26:

Basic wind speed, V (Section 26.5).

Wind directionality factor, Ky (Section 26.6).
Exposure category (Section 26.7).

Topographic factor, K, (Section 26.8).

Ground elevation factor, K, (Section 26.9)

Velocity pressure exposure coef cient, K, or K, (Section
26.10.1); Velocity pressure, g, (Section 26.10.2)

+ Gust-effect factor (Section 26.11).

 Enclosure classi cation (Section 26.12).

* Internal pressure coef cient, (GC) (Section 26.13).

30.2.2 Minimum Design Wind Pressures. The design wind
pressure for C&C of buildings shall not be less than a net pressure
of 16 Ib ft? (0.77 kN m?) acting in either direction normal to the
surface.

30.2.3 Tributary Areas Greater than 700 ft> (65 m?).
C&C elements with tributary areas greater than 700 ft?
(65 m?) shall be permitted to be designed using the provisions
for main wind force resisting systems (MWFRS).

30.2.4 External Pressure Coef cients. Combined gust-effect
factor and external pressure coef cients for C&C, (GC,), are
given in the gures associated with this chapter. The pressure
coef cient values and gust-effect factor shall not be separated.
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PART 1: LOW-RISE BUILDINGS

User Note: Use Part 1 of Chapter 30 to determine wind
pressures on C&C of enclosed and partially enclosed low-rise
buildings that have roof shapes as speci ed in the applicable

gures. The provisions in Part 1 are based on the Envelope
Procedure, with wind pressures calculated using the speci ed
equation as applicable to each building surface. For buildings for
which these provisions are applicable, this method generally
yields the lowest wind pressures of all analytical methods
contained in this standard.

30.3 BUILDING TYPES

The provisions of Section 30.3 are applicable to an enclosed and
partially enclosed

» Low-rise building (see de nition in Section 26.2); or
e Building with h 60 ft (18.3 m).

The building has a at roof, gable roof, multispan gable roof,
hip roof, monoslope roof, stepped roof, or sawtooth roof. The
steps required for the determination of wind loads on C&C for
these building types are shown in Table 30.3-1.

30.3.1 Conditions. For the determination of the design wind
pressures on the C&C using the provisions of Section 30.3.2, the
conditions indicated on the selected gure(s) shall be applicable
to the building under consideration.

30.3.2 Design Wind Pressures. Design wind pressures on C&C
elements of low-rise buildings and buildings with h 60 ft
(h 18.3 m) shall be determined from the following equation:

P=0 GC,  GCp b ft2 (30.3-1)
P=0gh GC,  GC, N m? (30.3-1.si)
where

0, = velocity pressure evaluated at mean roof height h as
de ned in Section 26.10;
(GC,) = external pressure coef cients given in:

Fig. 30.3-1 (walls),
Figs. 30.3-2A-1 ( at roofs, gable roofs and hip roofs),
Fig. 30.3-3 (stepped roofs),
Fig. 30.3-4 (multispan gable roofs),
Figs. 30.3-5A-B (monoslope roofs),
Fig. 30.3-6 (sawtooth roofs),
Fig. 30.3-7 (domed roofs),
 Fig. 27.3-3, Note 4 (arched roofs);
(GC,) =internal pressure coef cient given in Table 26.13-1.

PART 2: LOW-RISE BUILDINGS (SIMPLIFIED)

Table 30.3-1 Steps to Determine C&C Wind Loads for Enclosed
and Partially Enclosed Low-Rise Buildings

Step 1: Determine risk category; see Table 1.5-1.
Step 2: Determine the basic wind speed, V, for applicable risk category; see
Figs. 26.5-1 and 26.5-2.
Step 3: Determine wind load parameters:
¢ Wind directionality factor, Ky; see Section 26.6 and
Table 26.6-1.
Exposure category B, C, or D; see Section 26.7.
Topographic factor, K,;; see Section 26.8 and Fig. 26.8-1.
Ground elevation factor, K,; Section 26.9 and Table 26.9-1
Enclosure classi cation; see Section 26.12.
Internal pressure coef cient, (GC;); see Section 26.13 and
Table 26.13-1.
Step 4: Determine velocity pressure exposure coef cient, K;,; see Table 26.10-1.
Step 5: Determine velocity pressure, gy, Eq. (26.10-1).
Step 6: Determine external pressure coef cient, (GC,):
* Walls; see Fig. 30.3-1.
¢ Flat roofs, gable roofs, hip roofs; see Fig. 30.3-2.
* Stepped roofs; see Fig. 30.3-3.
¢ Multispan gable roofs; see Fig. 30.3-4.
* Monoslope roofs; see Fig. 30.3-5.
¢ Sawtooth roofs; see Fig. 30.3-6.
L]
7

Domed roofs; see Fig. 30.3-7.
Arched roofs; see Fig. 27.3-3, Note 4.

Step 7: Calculate wind pressure, p; Eq. (30.3-1).

User Note: Part 2 of Chapter 30 is a simpli ed method to
determine wind pressures on C&C of enclosed low-rise build-
ings that have at, gable, or hip roof shapes. The provisions of
Part 2 are based on the Envelope Procedure of Part 1 with wind

pressures determined from a table and adjusted as appropriate.

30.4 BUILDING TYPES
The provisions of Section 30.4 are applicable to an enclosed

e Low-rise building (see de nition in Section 26.2); or
e Building with h 60 ft (18.3 m).
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The building has a at roof, gable roof, or hip roof. The steps
required for the determination of wind loads on C&C for these
building types are shown in Table 30.4-1.

30.4.1 Conditions. For the design of C&C, the building shall
comply with all the following conditions:

1. The mean roof height h must be less than or equal to 60 ft
(183 m)[h 60ft(h 18.3m).

2. The building is enclosed as de ned in Section 26.2 and
conforms to the wind-borne debris provisions of Section
26.12.3.

3. The building is a regular-shaped building as de ned in
Section 26.2.

4. The building does not have response characteristics that make
it subject to across-wind loading, vortex shedding, or insta-
bility caused by galloping or utter; nor does it have a site
location for which channeling effects or buffeting in the wake
of upwind obstructions warrant special consideration.

5. The building has either a at roof, a gable roof with

45°, or a hip roof with 27°.

30.4.2 Design Wind Pressures. Net design wind pressures, pret,
for C&C of buildings designed using the procedure speci ed
herein represent the net pressures (sum of internal and external)
that shall be applied normal to each building surface as shown in
Fig. 30.4-1. pye shall be determined by the following equation:

Pret = KztpnetSO (30~4'1)

where

= adjustment factor for building height and exposure from
Fig. 30.4-1;
K, = topographic factor as de ned in Section 26.8, evaluated
at 0.33 mean roof height, 0.33h; and
Pretso = Net design wind pressure for Exposure B, at h=230 ft
(h=9.1 m), from Fig. 30.4-1.
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Diagram

Notation ELEVATION

f = Dome rise, in ft (m).
D = Diameter of a circular structure or member, in ft (m).
hp = Height to base of dome, in ft (m).

= Angle of plane of roof from horizontal, in degrees.

Coefficients for Domes with a Circular Base

External Negative Positive Positive
Pressure Pressures | Pressures| Pressures

, degrees 0-90 0-60 61-90
(GCp) -0.9 +0.9 +0.5
Notes

4. Values applyto0 hp/D 05,02 f/D 0.5.

to top.

1. Values denote (GCp) to be used with q(hp+f) where hp + f is the height at the top of the dome.
2. Plus and minus signs signify pressures acting toward and away from the surfaces, respectively.
3. Each component shall be designed for the maximum positive and negative pressures.

5. =0 degrees on dome springline, =90 degrees at dome center top point. f is measured from springline

PLAN

FIGURE 30.3-7 Components and Cladding (All Heights): External Pressure Coef cients, (GC,), for Enclosed and Partially Enclosed
Buildings and Structures—Domed Roofs

Table 30.4-1 Steps to Determine C&C Wind Loads for Enclosed
Low-Rise Buildings (Simpli ed Method)

Step 1: Determine risk category; see Table 1.5-1.

Step 2: Determine the basic wind speed, V, for applicable risk category; see
Figs. 26.5-1 and 26.5-2.

Step 3: Determine wind load parameters:
* Exposure category B, C, or D; see Section 26.7.
¢ Topographic factor, K,; see Section 26.8 and Fig. 26.8-1.

Step 4: Enter gure to determine wind pressures at h =30 ft, Ppetzq; See
Fig. 30.4-1.

Step 5: Enter gure to determine adjustment for building height and
exposure, ; see Fig. 30.4-1.

Step 6: Determine adjusted wind pressures, p,e; see Eq. (30.4-1).

PART 3: BUILDINGS WITH h >60 ft (h>18.3 m)

User Note: Use Part 3 of Chapter 30 for determining wind
pressures for C&C of enclosed and partially enclosed
buildings with h > 60 ft (18.3 m) that have roof shapes as
speci ed in the applicable gures. These provisions are based
on the Directional Procedure with wind pressures calculated
from the speci ed equation applicable to each building
surface.

30.5 BUILDING TYPES

The provisions of Section 30.5 are applicable to an enclosed or
partially enclosed building with a mean roof height h > 60 ft
(h <18.3 m) with a at roof, pitched roof, gable roof, hip roof,
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mansard roof, arched roof, or domed roof. The steps required for
the determination of wind loads on C&C for these building types
are shown in Table 30.5-1.

30.5.1 Conditions. For the determination of the design wind
pressures on the C&C using the provisions of Section 30.5.2, the
conditions indicated on the selected gure(s) shall be applicable
to the building under consideration.

30.5.2 Design Wind Pressures. Design wind pressures on
C&C for all buildings with h >60 ft (h<18.3 m) shall be
determined from the following equation:

p=q GC, ¢ GCy Ib ft? (30.5-1)
p=qGC, ¢ GC; N m? (30.5-1.si)
where
q =g, for windward walls calculated at height z above the
ground;
g =qy for leeward walls, sidewalls, and roofs evaluated at
height h;

gi =0, for windward walls, sidewalls, leeward walls,
and roofs of enclosed buildings and for negative
internal pressure evaluation in partially enclosed
buildings;

g; = q, for positive internal pressure evaluation in partially
enclosed buildings where height z is de ned as the level
of the highest opening in the building that could affect
the positive internal pressure. For positive internal
pressure evaluation, g; may conservatively be evaluated
at height h q;=qj, ;
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tests as generic loads applicable to a range of buildings, by
determining load coef cients for use in the analysis equations of
the Directional Procedure in Chapters 27 and 29 for MWFRS and
in Part 5 of Chapter 30 for C&C. Alternatively, the generic loads
are permitted to be speci ed with an analysis method de ned in
the wind tunnel test report. It is not required to include speci ¢
nearby buildings in the testing when results are to be used for
multiple sites.

Wind tunnel tests shall satisfy ASCE 49, shall meet require-
ments speci ¢ to roof-mounted solar collectors, and shall meet
the additional requirements speci ¢ to roof-mounted solar col-
lectors, including the following variables. These requirements
include accurately scaled models of solar collectors, including
collector tilt angle, row-to-row spacing, aisles or gaps between
collector rows compared to the main axes of the building,
de ector/shroud shapes, and the geometry of the collector sup-
port structure. The tests shall include at least eight rows of
collectors, where more than eight rows are applicable, mounted
on the roof of representative generic buildings. The models of
generic buildings shall be large enough in plan area to capture
the wind ow environment over different roof zones. The test
matrix shall include the range of building plan dimensions,
eave height, parapet height, roof slope, and open or enclosed
buildings.

Data analysis shall consider wind loads from all wind direc-
tions. Generic load coef cients shall be calculated to be consis-
tent with coef cients in Chapters 27, 29, and 30 or shall be
de ned to apply to an analysis procedure speci ed in the test
report.

The test report shall include data collection methods, data
analysis, boundary layer modeling, collector and building model-
ing, measured wind loads and their relationship to effective wind
area, conversion of data into generic coef cients, and conditions
of applicability of results to different building types and collector
geometry. Wind tunnel results shall not be extrapolated to
geometric con gurations that were not anticipated by the wind
tunnel study. Interpolation between two or more tests shall be
permitted. The limitations of the wind tunnel study, such as the
range of collector and building geometry parameters that were
tested, shall be clearly reported.

31.6.1 Wind Tunnel Test Requirements

31.6.1.1 Limitations on Wind Loads for Rooftop Solar
Collectors. For photovoltaic solar collector systems that meet
the limitations and geometry requirements of Fig. 29.4-7, the
minimum design wind load based on a wind tunnel study shall not
be less than 65% of the values resulting from 29.4-7 subject to the
conditions of Section 31.4.3. The minimum design wind force
based on a wind tunnel study for roof-mounted solar collector
systems need not comply with the minimum net pressure of
16 Ib=ft? (0.77 kN=m?) per ASCE 7-16, Section 30.2.2.
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31.6.1.2 Peer Review Requirements for Wind Tunnel Tests
of Roof-Mounted Solar Collectors. Wind load values lower
than those indicated in Section 31.6.1.1 shall be permitted when
an independent peer review of the wind tunnel test is performed
in accordance with this section. The independent peer review
shall be an objective, technical review by knowledgeable
reviewer(s) experienced in performing wind tunnel studies on
buildings and similar systems, and in properly simulated
atmospheric boundary layers. The minimum quali cations for
the peer reviewer shall be the following:

» The peer reviewer shall be independent from the wind
tunnel laboratory that performed the tests and report and
shall bear no con ict of interest.

» The peer reviewer shall have technical expertise in the
application of wind tunnel studies on buildings similar to
that being reviewed.

» The peer reviewer shall have experience in performing or
evaluating boundary layer wind tunnel studies and shall be
familiar with the technical issues and regulations governing
the Wind Tunnel Procedure in ASCE 49 as it is applied to
systems similar to solar photovoltaic collectors that use
generalized wind tunnel data for design.

The peer reviewer shall review the wind tunnel report, including
but not limited to data collection methods, data analysis, boundary
layer modeling, collector and building modeling, resulting wind
loads and their relationship to effective wind area, conversion of
data into GC,,, values, and conditions of applicability of results to
different building types, collector geometry, and other relevant
issues identi ed by the reviewer.

The peer reviewer shall submit a written report to the Author-
ity Having Jurisdiction and the client. The report shall include, at
a minimum, statements regarding the following: scope of peer
review with limitations de ned; the status of the wind tunnel
study at time of review; conformance of the wind tunnel study
with the requirements of ASCE 49 and Section 31.6.1; conclu-
sions of the reviewer identifying areas that need further review,
investigation, and/or clari cation; recommendations; and wheth-
er, in the reviewer’s opinion, the wind loads derived from the
wind tunnel study are in conformance with ASCE 7-16 for the
intended use(s).

31.7 CONSENSUS STANDARDS AND OTHER
REFERENCED DOCUMENTS

This section lists the consensus standards and other documents
that shall be considered part of this standard to the extent
referenced in this chapter.

ASCE 49, Wind Tunnel Testing for Buildings and Other
Structures, American Society of Civil Engineers, 2012.

Cited in: Sections 31.2, 31.6, 31.6.1.2, C31, C31.4.2, C31.6.1
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APPENDIX D
BUILDINGS EXEMPTED FROM TORSIONAL WIND LOAD CASES

D.1 SCOPE

The torsional load cases in Fig. 27.3-8 (Case 2 and Case 4) need
not be considered for a building meeting the conditions of
Sections D.2, D.3, D.4, D.5, or D.6 or, if it can be shown by
other means that the torsional load cases of Fig. 27.3-8 do not
control the design.

D.2 ONE- AND TWO-STORY BUILDINGS MEETING
THE FOLLOWING REQUIREMENTS

One-story buildings with h less than or equal to 30 ft (9.2 m),
buildings two stories or fewer framed with light-frame construc-
tion, and buildings two stories or fewer designed with exible
diaphragms are exempted.

D.3 BUILDINGS CONTROLLED BY SEISMIC
LOADING

D.3.1 Buildings with Diaphragms at Each Level That Are
Not Flexible. Building structures are exempted that are regular
under seismic load (as de ned in Section 12.3.2) and conform to
the following:

1. The eccentricity between the center of mass and the
geometric centroid of the building at that level shall not
exceed 15% of the overall building width along each
principal axis considered at each level, and

2. The design story shear determined for earthquake load as
speci ed in Chapter 12 at each oor level shall be at least
1.5 times the design story shear determined for wind loads
as speci ed herein.

The design earthquake and wind load cases considered when
evaluating this exception shall be the load cases without torsion.

D.3.2 Buildings with Diaphragms at Each Level That Are
Flexible. Building structures are exempted that are regular under
seismic load (as de ned in Section 12.3.2) and conform to the
following:

1. The design earthquake shear forces resolved to the vertical
elements of the lateral load-resisting system shall be at least
1.5 times the corresponding design wind shear forces
resisted by those elements.

The design earthquake and wind load cases considered when

evaluating this exception shall be the load cases without torsion.

D.4 BUILDINGS CLASSIFIED AS TORSIONALLY
REGULAR UNDER WIND LOAD

Buildings meeting the de nition of torsionally regular buildings
under wind load contained in Section 26.2 are exempted.

EXCEPTION: If a building does not qualify as being
torsionally regular under wind load, it is permissible to base the
design on the basic wind load Case 1 that is proportionally
increased so that the maximum displacement at each level is
not less than the maximum displacement for the torsional load
Case 2.

D.5 BUILDINGS WITH DIAPHRAGMS THAT ARE
FLEXIBLE AND DESIGNED FOR INCREASED
WIND LOADING

The torsional wind load cases need not be considered if the
design wind pressure in Cases 1 and 3 of Fig. 27.3-8 is increased
by a factor of 1.5

D.6 CLASS 1 AND CLASS 2 SIMPLE DIAPHRAGM
BUILDINGS h 160 ft (48.8 m) MEETING THE
FOLLOWING REQUIREMENTS (REFER TO
SECTION 27.5.2)

D.6.1 Case A—Class 1 and Class 2 Buildings. Square
buildings with L B=1.0 are exempted, where all the following
conditions are satis ed:

1. The combined stiffness of the MWFRS in each principal
axis direction shall be equal, and

2. The individual stiffness of each MWFRS in each principal
axis direction shall be equal and symmetrically placed
about the center of application of the wind load along the
principal axis under consideration, and

3. The combined stiffness of the two most separated lines of
the MWFRS in each principal axis direction shall be 100%
of the total stiffness in each principal axis direction, and

4. The distance between the two most separated lines of the
MWERS in each principal axis direction shall be at least
45% of the effective building width perpendicular to the
axis under consideration.

D.6.2 Case B—Class 1 and Class 2 Buildings. Square
buildings with L B=1.0 are exempted, where all the following
conditions are satis ed:

1. The combined stiffness of the MWFRS in each principal
axis direction shall be equal, and

2. The individual stiffness of the two most separated lines of
the MWFRS in each principal axis direction shall be equal
with all lines of the MWFRS symmetrically placed about
the center of application of the wind load along the
principal axis under consideration, and

3. The combined stiffness of the two most separated lines of
the MWFRS in each principal axis direction shall be at
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least 66% of the total stiffness in each principal axis
direction, and

4. The distance between the two most separated lines of the
MWEFRS in each principal axis direction shall be at least
66% of the effective building width perpendicular to the
axis under consideration.

D.6.3 Case C—Class 1 and Class 2 Buildings. Rectangular
buildings with L Bequalto 0.50r2.0(L B=0.5,L B=2.0) are
exempted, where all the following conditions are satis ed:

1. The combined stiffness of the MWFRS in each principal
axis direction shall be proportional to the width of the sides
perpendicular to the axis under consideration, and

2. The individual stiffness of each of the MWFRS in each
principal axis direction shall be equal and symmetrically
placed about the center of application of the wind load
along the principal axis under consideration, and

3. The combined stiffness of the two most separated lines of
the MWFRS in each principal axis direction shall be 100%
of the total stiffness in each principal axis direction, and

4. The distance between the two most separated lines of the
MWHEFRS in each principal axis direction shall be at least

80% of the effective building width perpendicular to the
axis under consideration.

D.6.4 Case D—Class 1 and Class 2 Buildings. Rectangular
buildings with L B equal to 0.50r2.0 (L B=0.5,L B=2.0) are
exempted, where all the following conditions are satis ed:

1. The combined stiffness of the MWFRS in each principal
axis direction shall be proportional to the width of
the sides perpendicular to the axis under consideration,
and

2. The individual stiffness of the most separated lines of the
MWEFRS in each principal axis direction shall be equal with
all lines of the MWFRS symmetrically placed about the
center of application of the wind load along the principal
axis under consideration, and

3. The combined stiffness of the two most separated lines of
the MWFRS in each principal axis direction shall be at least
80% of the total stiffness in each principal axis direction, and

4. The distance between the two most separated lines of the
MWEFRS in each principal axis direction shall be 100% of
the effective building width perpendicular to the axis under
consideration.
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Diaphragm Buildings. For Wind Torsion Exclusion, see Figure 27.3-8.
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Note
n = required number of lines of resistance in each principal axis
direction (2 n 4)

Figure D.6-2 Main Wind Force Resisting System, Appendix D
(h 160 ft) (48.8 m): MWFRS Requirements of Case F for
Enclosed Simple Diaphragm Buildings. For Wind Torsion

Exclusion, see Figure 27.3-8.

D.6.5 Case E—Class 1 and Class 2 Buildings. Rectangular
buildings having L B between 0.5 and 1.0 (0.5<L B<1.0) or
between 1.0 and 2.0 (1.0 < L B < 2.0), the stiffness requirements
and the separation distances between the two most separated

lines of the MWFRS in each direction shall be interpolated
between Case A and Case C and between Case B and
Case D, respectively (Fig. D.6-1).

D.6.6 Case F—Class 1 Buildings. Rectangular buildings
having L B between 05 and 0.2 (0.2 L B<0.5) or
between 2.0 and 5.0 (20<L B 5.0) are exempted, see
Fig. D.6-2, where all of the following conditions are satis ed:

1. There shall be at least two lines of resistance in each
principal axis direction, and

2. All lines of the MWFRS shall be symmetrically placed
about the center of application of the wind load along the
principal axis under consideration, and

3. The distance between each line of resistance of the
MWEFRS in the principal axis direction shall not exceed
2 times the least effective building width in a principal axis
direction, and

4. The individual stiffness of the most separated lines of
the MWFRS in each principal axis direction shall be
equal and not less than (25p50 n) percent of the total
stiffness where n is the required number of lines of
resistance in the principal axis direction as required by
conditions 1 and 3 of this section. The value of n shall be
2, 3, or 4.
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performance objectives required by the owner, Authority Having
Jurisdiction, or applicable building code in addition to those in
Section E.4.1.

E.5 THERMAL ANALYSIS OF FIRE EFFECTS

The thermal response of structural members and connections
during and after structural design res shall be determined for
input to the structural analyses of re effects.

E.5.1 Fuel Load. The fuel load shall be quanti ed for use in the
evaluation of structural design res.

E.5.2 Structural Design Fires. Structural design res shall be
identi ed and used to develop time-dependent thermal boundary
conditions for use in heat transfer analyses.

E.5.3 Heat Transfer Analysis. The temperature history of
structural members and connections shall be determined using
heat transfer analysis methods based on the time-dependent
thermal boundary conditions for structural design res.

Temperature-dependent thermal properties of materials com-
prising the structural system and thermal insulation shall be used
in heat transfer analyses to determine the thermal response. It
shall be permissible to use constant thermal property values if
they yield conservative results.
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E.6 STRUCTURAL ANALYSIS OF FIRE EFFECTS

Structural analyses shall include portions of the structural system
that are subject to re effects from the structural design res as
determined in Section E.5, with consideration of unheated por-
tions of the structural system that provide thermal restraint. It is
permissible for the analyses to consider alternate load paths that
are capable of being maintained following structural damage or
degradation caused by re effects.

E.6.1 Temperature History for Structural Members and
Connections. Temperature histories for structural members
and connections shall be determined from thermal analysis of
structural design res and shall be used to analyze re effects on
structural performance.

E.6.2 Temperature-Dependent Properties. Temperature-
dependent properties of structural materials shall be used to
determine the performance of structural members and
connections subject to structural design res.

E.6.3 Load Combinations. Load combinations in Section 2.5
for extraordinary events shall be used for analysis of re
effects and shall include time- and sequence-dependent
effects. To check the residual capacity of a structure damaged
by a structural design re, the approach identi ed in
Section 2.5.2.2 shall be used.
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Work with large precast panel structures (Schultz et al. 1977,
PCI Committee on Precast Bearing Walls 1976; Fintel and
Schultz 1979) provides an example of how to cope with the
problem of general structural integrity in a building system that is
inherently discontinuous. The provision of ties combined with
careful detailing of connections can overcome dif culties asso-
ciated with such a system. The same kind of methodology and
design philosophy can be applied to other systems (Fintel and
Annamalai 1979). The ACI Building Code Requirements for
Structural Concrete (ACI 2014) includes such requirements in
Section 4.10.

There are a number of ways of designing for the required
integrity to carry loads around severely damaged walls, trusses,
beams, columns, and oors. A few examples of design concepts
and details are

1. Good plan layout. An important factor in achieving integ-
rity is the proper plan layout of walls and columns. In
bearing-wall structures, there should be an arrangement of
interior longitudinal walls to support and reduce the span of
long sections of crosswall, thus enhancing the stability of
individual walls and of the structures as a whole. In the case
of local failure, this reduction will also decrease the length
of wall likely to be affected.

2. Provide an integrated system of ties among the principal
elements of the structural system. These ties may be
designed speci cally as components of secondary load-
carrying systems, which often must sustain very large
deformations during catastrophic events.

3. Returns on walls. Returns on interior and exterior walls
make them more stable.

4. Changing directions of span of oor slab. Where a one-way

oor slab is reinforced to span, with a low safety factor, in
its secondary direction if a load-bearing wall is removed,
the collapse of the slab will be prevented and the debris
loading of other parts of the structure will be minimized.
Often, shrinkage and temperature steel will be enough to
enable the slab to span in a new direction.

5. Load-bearing interior partitions. The interior walls must be
capable of carrying enough load to achieve the change of
span direction in the oor slabs.

6. Catenary action of oor slab. Where the slab cannot change
span direction, the span will increase if an intermediate
supporting wall is removed. In this case, if there is enough
reinforcement throughout the slab and enough continuity
and restraint, the slab may be capable of carrying the loads
by catenary action, though very large de ections will result.

7. Beam action of walls. Walls may be assumed to be capable
of spanning an opening if suf cient tying steel at the top
and bottom of the walls allows them to act as the web of a
beam with the slabs above and below acting as anges
(Schultz et al. 1977).

8. Redundant structural systems. A secondary load path
(e.g., an upper-level truss or transfer girder system that
allows the lower oors of a multistory building to hang
from the upper oors in an emergency) allows framing to
survive removal of key support elements.

9. Ductile detailing. Avoid low-ductility detailing in elements
that might be subject to dynamic loads or very large
distortions during localized failures (e.g., consider the
implications of shear failures in beams or supported slabs
under the in uence of building weights falling from above).

10. Provide additional reinforcement to resist blast and load
reversal when blast loads are considered in design (ASCE
1997).
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11. Consider the use of compartmentalized construction in
combination with special moment-resisting frames (as
de ned in FEMA 1997) in the design of new buildings
when considering blast protection.

Although not directly adding structural integrity for the pre-
vention of progressive collapse, the use of special, nonfrangible
glass for fenestration can greatly reduce risk to occupants during
exterior blasts (ASCE 1997). To the extent that nonfrangible
glass isolates a building’s interior from blast shock waves, it can
also reduce damage to interior framing elements (e.g., supported

oor slabs could be made to be less likely to fail due to uplift
forces) for exterior blasts.

C1.5 CLASSIFICATION OF BUILDINGS AND OTHER
STRUCTURES

C15.1 Risk Categorization. In the 2010 edition of this
standard, a new Table 1.5-2 was added that consolidates the
various importance factors speci ed for the several type of loads
throughout the standard in one location. This change was made to
facilitate the process of nding values of these factors.
Simultaneously with this addition, the importance factors for
wind loads were deleted as changes to the new wind hazard maps
adopted by the standard incorporated consideration of less
probable design winds for structures assigned to higher Risk
Categories, negating the need for separate importance factors.
Further commentary on this issue may be found in the
commentary to Chapter 26.
The Risk Categories in Table 1.5-1 are used to relate the
criteria for maximum environmental loads or distortions speci-
ed in this standard to the consequence of the loads being
exceeded for the structure and its occupants. For many years,
this standard used the term “Occupancy Category,” as have the
building codes. However, the term “occupancy” as used by the
building codes relates primarily to issues associated with re and
Life Safety protection, as opposed to the risks associated with
structural failure. The term Risk Category was adopted in place
of the older Occupancy Category in the 2010 edition of the
standard to distinguish between these two considerations. The
Risk Category numbering is unchanged from that in the previous
editions of the standard (ASCE 7-98, -02, and -05), but the
criteria for selecting a category have been generalized with
regard to structure and occupancy descriptions. The reason for
this generalization is that the acceptable risk for a building or
structure is an issue of public policy, rather than purely a
technical one. Model building codes such as the International
Building Code (ICC 2009) and NFPA-5000 (NFPA 2006)
contain prescriptive lists of building types by Occupancy Cate-
gory. Individual communities can alter these lists when they
adopt local codes based on the model code, and individual
owners or operators can elect to design individual buildings to
higher Occupancy Categories based on personal risk manage-
ment decisions. Classi cation continues to re ect a progression
of the anticipated seriousness of the consequence of failure from
lowest risk to human life (Risk Category I) to the highest (Risk
Category 1V). Elimination of the speci ¢ examples of buildings
that fall into each category has the bene t that it eliminates the
potential for con ict between the standard and locally adopted
codes and also provides individual communities and develop-
ment teams the exibility to interpret acceptable risk for individ-
ual projects.
Historically, the building codes and the standard have used a
variety of factors to determine the Occupancy Category of a
building. These factors include the total number of persons who
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one. An example would be a hurricane shelter in a low seismic
area. The structure would be classi ed in Risk Category IV for
wind design and in Risk Category Il for seismic design.

C1.5.3 Toxic, Highly Toxic, and Explosive Substances. A
common method of categorizing structures storing toxic, highly
toxic, or explosive substances is by the use of a table of exempt
amounts of these materials (EPA 1999b; International Code
Council 2000). These references and others are sources of
guidance on the identi cation of materials of these general
classi cations. A drawback to the use of tables of exempt
amounts is the fact that the method cannot handle the
interaction of multiple materials. Two materials may be exempt
because neither poses a risk to the public by themselves but may
form a deadly combination if combined in a release. Therefore,
an alternate and superior method of evaluating the risk to the
public of a release of a material is by a hazard assessment as part of
an overall risk management plan (RMP).

Buildings and other structures containing toxic, highly toxic,
or explosive substances may be classi ed as Risk Category Il
structures if it can be demonstrated that the risk to the public from
a release of these materials is minimal. Companies that operate
industrial facilities typically perform hazard and operability
(HAZOP) studies, conduct quantitative risk assessments, and
develop risk management and emergency response plans. Federal
regulations and local laws mandate many of these studies and
plans (EPA 1999a). Additionally, many industrial facilities are
located in areas remote from the public and have restricted
access, which further reduces the risk to the public.

The intent of Section 1.5.2 is for the RMP and the facility’s
design features that are critical to the effective implementation of
the RMP to be maintained for the life of the facility. The RMP and
its associated critical design features must be reviewed on a regular
basis to ensure that the actual condition of the facility is consistent
with the plan. The RMP also should be reviewed whenever
consideration is given to the alteration of facility features that are
critical to the effective implementation of the RMP.

The RMP generally deals with mitigating the risk to the
general public. Risk to individuals outside the facility storing
toxic, highly toxic, or explosive substances is emphasized be-
cause plant personnel are not placed at as high a risk as the
general public because of the plant personnel’s training in the
handling of toxic, highly toxic, or explosive substances and
because of the safety procedures implemented inside the facili-
ties. When these elements (trained personnel and safety proce-
dures) are not present in a facility, then the RMP must mitigate
the risk to the plant personnel in the same manner as it mitigates
the risk to the general public.

As a result of the prevention program portion of an RMP,
buildings and other structures normally falling into Risk Cate-
gory Il may be classi ed into Risk Category Il if means
(e.g., secondary containment) are provided to contain the toxic,
highly toxic, or explosive substances in the case of a release. To
qualify, secondary containment systems must be designed,
installed, and operated to prevent migration of harmful quantities
of toxic, highly toxic, or explosive substances out of the system
to the air, soil, groundwater, or surface water at any time during
the use of the structure. This requirement is not to be construed as
requiring a secondary containment system to prevent a release of
any toxic, highly toxic, or explosive substance into the air. By
recognizing that secondary containment shall not allow releases
of “harmful” quantities of contaminants, this standard acknowl-
edges that there are substances that might contaminate ground-
water but do not produce a suf cient concentration of toxic,
highly toxic, or explosive substances during a vapor release to
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constitute a health or safety risk to the public. Because it
represents the “last line of defense,” secondary containment does
not qualify for the reduced classi cation.

If the bene cial effect of secondary containment can be
negated by external forces, such as the overtopping of dike walls
by oodwaters or the loss of liquid containment of an earthen
dike because of excessive ground displacement during a seismic
event, then the buildings or other structures in question may not
be classi ed into Risk Category Il. If the secondary containment
is to contain a ammable substance, then implementation of a
program of emergency response and preparedness combined
with an appropriate re suppression system would be a prudent
action associated with a Risk Category Il classi cation. In many
jurisdictions, such actions are required by local re codes.

Also as the result of the prevention program portion of an
RMP, buildings and other structures containing toxic, highly
toxic, or explosive substances also could be classi ed as Risk
Category Il for hurricane wind loads when mandatory procedures
are used to reduce the risk of release of toxic, highly toxic, or
explosive substances during and immediately after these predict-
able extreme loadings. Examples of such procedures include
draining hazardous uids from a tank when a hurricane is
predicted or, conversely, lling a tank with uid to increase its
buckling and overturning resistance. As appropriate to minimize
the risk of damage to structures containing toxic, highly toxic, or
explosive substances, mandatory procedures necessary for the
Risk Category Il classi cation should include preventative mea-
sures, such as the removal of objects that might become airborne
missiles in the vicinity of the structure.

In previous editions of ASCE 7, the de nitions of “hazardous”
and “extremely hazardous” materials were not provided. There-
fore, the determination of the distinction between hazardous and
extremely hazardous materials was left to the discretion of the
Authority Having Jurisdiction. The change to the use of the terms
“toxic” and “highly toxic” based on de nitions from Federal law
(29 CFR 1910.1200 Appendix A with Amendments as of
February 1, 2000) has corrected this problem.

Because of the highly quantitative nature of the de nitions for
toxic and highly toxic found in 29 CFR 1910.1200 Appendix A, the
General Provisions Task Committee felt that the de nitions found
in federal law should be directly referenced instead of repeated in
the body of ASCE 7. The de nitions found in 29 CFR 1910.1200
Appendix A are repeated in the following text for reference.

Highly Toxic. A chemical falling within any of the following
categories:

1. A chemical that has a median lethal dose [LD(50)] of 50 mg
or less per kilogram of body weight when administered
orally to albino rats weighing between 200 and 300 g each.

2. A chemical that has a median lethal dose [LD(50)] of
200 mg or less per kilogram of body weight when admin-
istered by continuous contact for 24 hr (or less if death
occurs within 24 hr) with the bare skin of albino rabbits
weighing between 2 and 3 kg each.

3. A chemical that has a median lethal concentration [LC(50)]
in air of 200 parts per million by volume or less of gas or
vapor, or 2 mg per liter or less of mist, fume, or dust, when
administered by continuous inhalation for 1 hr (or less if
death occurs within 1 hr) to albino rats weighing between
200 and 300 g each.

Toxic. A chemical falling within any of the following
categories:

1. A chemical that has a median lethal dose [LD(50)] of more
than 50 mg per kg, but not more than 500 mg per kg of
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in which g is the mean load, Q, is the nominal load from other
chapters in this standard, V is the coef cient of variation in the
load, is the reliability index, and ¢ is a sensitivity coef cient
that is approximately equal to 0.8 when Q is a principal action
and 0.4 when Q is a companion action. This approximation is
valid for a broad range of common probability distributions used
to model structural loads. The load factor is an increasing
function of the bias in the estimation of the nominal load, the
variability in the load, and the target reliability index, as common
sense would dictate.

As an example, the load factors in combination 2 of Sec-
tion 2.3.1 are based on achieving a of approximately 3.0 for a
ductile limit state with moderate consequences (e.g., formation of

rst plastic hinge in a steel beam). For live load acting as a
principal action, ¢=Q,=1.0 and Vo=0.25; for live load
acting as a companion action, 5=Q, 0.3 and V, 0.6.
Substituting these statistics into Eg. (C2.3-1), o=1.041
083 025 =16 (principal action) and =034l
0.4 3 0.60 =0.52 (companion action). ASCE Standard 7-05
(2005) stipulates 1.60 and 0.50 for these live load factors in
combinations 2 and 3. If an engineer wished to design for a
limit state probability that is less than the standard case by a
factor of approximately 10, would increase to approximately
3.7, and the principal live load factor would increase to
approximately 1.74.

Similarly, resistance factors that are consistent with the
aforementioned load factors are well approximated for most
materials by

=R, expk R Vg (C2.3-2)
in which z = mean strength, R,, = code-speci ed strength, Vg =
coef cient of variation in strength, and g = sensitivity coef -
cient, equal approximately to 0.7. For the limit state of yielding
in an ASTM A992 (2011) steel tension member with speci ed
yield strength of 50 ksi (345 MPa), g=R,=1.06 (under a static
rate of load) and Vg =0.09. Eq. (C2.3-2) then yields =
1.06exph 0.7 3.0 0.09 =0.88. The resistance factor for
yielding in tension in Section D of the AISC Speci cation
(2010) is 0.9. If a different performance objective were to require
that the target limit state probability be decreased by a factor of
10, then  would decrease to 0.84, a reduction of about 7%.
Engineers wishing to compute alternative resistance factors for
engineered wood products and other structural components
where duration-of-load effects might be signi cant are advised
to review the reference materials provided by their professional
associations before using Eq. (C2.3-2).

There are two key issues that must be addressed to use
Egs. (C2.3-1) and (C2.3-2): selection of reliability index, , and
determination of the load and resistance statistics.

The reliability index controls the safety level, and its selection
should depend on the mode and consequences of failure. The
loads and load factors in this standard do not explicitly account
for higher reliability indices normally desired for brittle failure
mechanisms or more serious consequences of failure. Common
standards for design of structural materials often do account for
such differences in their resistance factors (for example, the
design of connections under AISC or the design of columns
under ACI). Tables 1.3-1 and 1.3-2 provide general guidelines
for selecting target reliabilities consistent with the extensive
calibration studies performed earlier to develop the load require-
ments in Section 2.3.1 and the resistance factors in the design
standards for structural materials. The reliability indices in those
earlier studies were determined for structural members based on a
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service period of 50 years. System reliabilities are higher to a
degree that depends on structural redundancy and ductility. The
probabilities represent, in order of magnitude, the associated
annual member failure rates for those who would nd this
information useful in selecting a reliability target.

The load requirements in Sections 2.3.1-2.3.3 are supported
by extensive peer-reviewed statistical databases, and the values
of mean and coef cient of variation, §=Q, and Vg, are well
established. This support may not exist for other loads that
traditionally have not been covered by this standard. Similarly,
the statistics used to determine z=R, and V should be consis-
tent with the underlying material speci cation. When statistics
are based on small-batch test programs, all reasonable sources of
end-use variability should be incorporated in the sampling plan.
The engineer should document the basis for all statistics selected
in the analysis and submit the documentation for review by the
Authority Having Jurisdiction. Such documents should be made
part of the permanent design record.

The engineer is cautioned that load and resistance criteria
necessary to achieve a reliability-based performance objective
are coupled through the common term in Egs. (C2.3-1) and
(C2.3-2). Adjustments to the load factors without corresponding
adjustments to the resistance factors will lead to an unpredictable
change in structural performance and reliability.

C2.3.6 Basic Combinations with Seismic Load Effects. The
seismic load effect, E, is combined with the effects of other
loads. For strength design, the load combinations in Section 2.3.6
with E include the horizontal and vertical seismic load
effects of Sections 12.4.2.1 and 12.4.2.2, respectively.
Similarly, the basic load combinations for allowable stress
design in Section 2.4.8 with E include the same seismic load
effects.

The seismic load effect including overstrength factor, E,,, is
combined with other loads. The purpose for load combinations
with overstrength factor is to approximate the maximum seismic
load combination for the design of critical elements, including
discontinuous systems, transfer beams and columns supporting
discontinuous systems, and collectors. The allowable stress
increase for load combinations with overstrength is to provide
compatibility with past practice.

C2.4 LOAD COMBINATIONS FOR ALLOWABLE
STRESS DESIGN

C2.4.1 Basic Combinations. The load combinations listed
cover those loads for which speci ¢ values are given in other
parts of this standard. Design should be based on the load
combination causing the most unfavorable effect. In some
cases, this may occur when one or more loads are not acting.
No safety factors have been applied to these loads because such
factors depend on the design philosophy adopted by the
particular material speci cation. The principal load, or
maximum variable load, in the load combinations is identi ed
in Table C2.4-1.

Wind and earthquake loads need not be assumed to act
simultaneously. However, the most unfavorable effects of each
should be considered separately in design, where appropriate.
In some instances, forces caused by wind might exceed those
caused by earthquake, and ductility requirements might be
determined by earthquake loads.

Load combinations (7) in Section 2.4.1 and (10) in Sec-
tion 2.4.5 address the situation in which the effects of lateral
or uplift forces counteract the effect of gravity loads. This action
eliminates an inconsistency in the treatment of counteracting
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Table C2.4-1. Principal Loads for Allowable Stress Design Load
Combinations

Load Combination Principal Load

1 D D
2 DL L
3 D LiorSorR L, orSorR
4 D 075L 0.75L,orSorR L
5 D 0.6W w
6 D 075L 0.7506W 0.75L,orSorR w
7 06D 0.6W w
8 D 07E, O0.7Eq, E
9 D 0525, 0.525E,, 0.75L 0.75S E
10 0.6D 0.7E, 0.7E. E

loads in allowable stress design and strength design and empha-
sizes the importance of checking stability. The reliability of
structural components and systems in such a situation is deter-
mined mainly by the large variability in the destabilizing load
(Ellingwood and Li 2009), and the factor 0.6 on dead load is
necessary for maintaining comparable reliability between
strength design and allowable stress design. The earthquake load
effect is multiplied by 0.7 to align allowable stress design for
earthquake effects with the de nition of E in Section 11.3 of this
standard, which is based on strength principles.

Most loads, other than dead loads, vary signi cantly with time.
When these variable loads are combined with dead loads, their
combined effect should be suf cient to reduce the risk of
unsatisfactory performance to an acceptably low level. However,
when more than one variable load is considered, it is extremely
unlikely that they will all attain their maximum value at the same
time (Turkstra and Madsen 1980). Accordingly, some reduction
in the total of the combined load effects is appropriate. This
reduction is accomplished through the 0.75 load combination
factor. The 0.75 factor applies only to the variable loads because
the dead loads (or stresses caused by dead loads) do not vary
in time.

Some material design standards that permit a one-third in-
crease in allowable stress for certain load combinations have
justi ed that increase by this same concept. Where that is the
case, simultaneous use of both the one-third increase in allowable
stress and the 25% reduction in combined loads is unsafe and is
not permitted. In contrast, allowable stress increases that are
based upon duration of load or loading rate effects, which are
independent concepts, may be combined with the reduction
factor for combining multiple variable loads. In such cases, the
increase is applied to the total stress, that is, the stress resulting
from the combination of all loads.

In addition, certain material design standards permit a one-
third increase in allowable stress for load combinations with one
variable load where that variable is earthquake load. This stan-
dard handles allowable stress design for earthquake loads in a
fashion to give results comparable to the strength design basis for
earthquake loads as de ned in Chapter 12 of this standard.

Exception (1) permits the companion load S appearing in
combinations (4) and (6) to be the balanced snow load de ned
in Sections 7.3 for at roofs and 7.4 for sloped roofs. Drifting and
unbalanced snow loads, as principal loads, are covered by
combination (3).

When wind forces act on a structure, the structural action
causing uplift at the structure—foundation interface is less than
would be computed from the peak lateral force because of area

averaging. Area averaging of wind forces occurs for all struc-
tures. In the method used to determine the wind forces
for enclosed structures, the area-averaging effect is already
taken into account in the data analysis leading to the pressure
coef cients C,, [or (GC)]. However, in the design of tanks and
other industrial structures, the wind force coef cients, C;, pro-
vided in the standard do not account for area averaging. For
this reason, exception 2 permits the wind interface to be reduced
by 10% in the design of nonbuilding structure foundations and to
self-anchored ground-supported tanks. For different reasons, a
similar approach is already provided for seismic actions in
Section 2.4.1, Exception 2.

Exception 2 in Section 2.4.5 for special reinforced masonry
walls is based upon the combination of three factors that yield a
conservative design for overturning resistance under the seismic
load combination:

1. The basic allowable stress for reinforcing steel is 40% of
the speci ed yield.

2. The minimum reinforcement required in the vertical direc-
tion provides a protection against the circumstance where
the dead and seismic loads result in a very small demand
for tension reinforcement.

3. The maximum reinforcement limit prevents compression
failure under overturning.

Of these, the low allowable stress in the reinforcing steel is the
most signi cant. This exception should be deleted when and if
the standard for design of masonry structures substantially
increases the allowable stress in tension reinforcement.

C2.4.2 Load Combinations Including Flood Load. See
Section C2.3.2. The multiplier on F, aligns allowable stress
design for ood load with strength design.

C2.4.3 Load Combinations Including Atmospheric Ice
Loads. See Section C2.3.3.

C2.4.4 Load Combinations Including Self-Straining Forces
and Effects. When using allowable stress design, determination
of how self-straining forces and effects should be considered
together with other loads should be based on the considerations
discussed in Section C2.3.4. For typical situations, the following
load combinations should be considered for evaluating the effects
of self-straining forces and effects together with dead and live
loads.

1.0D 1.0T
10D 075L T

These combinations are not all-inclusive, and judgment is
necessary in some situations. For example, where roof live loads
or snow loads are signi cant and could conceivably occur
simultaneously with self-straining forces, their effect should be
included. The design should be based on the load combination
causing the most unfavorable effect.

C2.5 LOAD COMBINATIONS FOR EXTRAORDINARY
EVENTS

Section 2.5 advises the structural engineer that certain
circumstances might require structures to be checked for low-
probability events such as re, explosions, and vehicular impact.
Since the 1995 edition of ASCE Standard 7, Commentary C2.5
has provided a set of load combinations that were derived using a
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C4.3.2 Provision for Partitions. The 2005 version of the
standard provided the minimum partition load for the rst
time, although the requirement for the load has been included
for many years. Historically a value of 20 psf (0.96 kN m?) has
been required by building codes. This load, however, has
sometimes been treated as a dead load.

Assuming that a normal partition would be a stud wall with %-
in. (13-mm) gypsum board on each side, 8 psf (0.38 kN m?) per
Table C3.1-1, 10 ft (3.05 m) high, a wall load on the oor would
be 80 Ib ft (1.16 kN m). If the partitions are spaced throughout
the oor area creating rooms on a grid 10 ft (3.05 m) on center,
which would be an extremely dense spacing over a whole bay,
the average distributed load would be 16 psf (0.77 kN m?). A
design value of 15 psf (0.72 kN m?) is judged to be reasonable
in that the partitions are not likely to be spaced this closely over
large areas. Designers should consider a larger design load for
partitions if a high density of partitions is anticipated.

C4.3.3 Partial Loading. It is intended that the full intensity of
the appropriately reduced live load over portions of the structure
or member be considered, as well as a live load of the same
intensity over the full length of the structure or member.

Partial-length loads on a simple beam or truss produce higher
shear on a portion of the span than a full-length load. “Checker-
board” loadings on multistory, multipanel bents produce higher
positive moments than full loads, whereas loads on either side of a
support produce greater negative moments. Loads on the half span
of arches and domes or on the two central quarters can be critical.

For roofs, all probable load patterns should be considered
uniform for roof live loads that are reduced to less than
20 Ib ft? (0.96 kN m?) using Section 4.8. Where the full value
of the roof live load (L,) is used without reduction, it is considered
that there is a low probability that the live load created by
maintenance workers, equipment, and material could occur in
a patterned arrangement. Where a uniform roof live load is
caused by occupancy, partial or pattern loading should be consid-
ered regardless of the magnitude of the uniform load. Cantilevers
must not rely on a possible live load on the anchor span for
equilibrium.

C4.4 CONCENTRATED LIVE LOADS

The provision in Table 4.3-1 regarding concentrated loads
supported by roof trusses or other primary roof members is
intended to provide for a common situation for which speci c
requirements are generally lacking.

Primary roof members are main structural members such as roof
trusses, girders, and frames, which are exposed to a work oor
below, where the failure of such a primary member resulting from
their use as attachment points for lifting or hoisting loads could
lead to the collapse of the roof. Single roof purlins or rafters (where
there are multiple such members placed side by side at some
reasonably small center-to-center spacing, and where the failure of
asingle such member would not lead to the collapse of the roof) are
not considered to be primary roof members.

C4.5 LOADS ON HANDRAIL, GUARDRAIL, GRAB
BAR, AND VEHICLE BARRIER SYSTEMS, AND
ON FIXED LADDERS

C4.5.1 Handrail and Guardrail Systems. Loads that can be
expected to occur on handrail and guardrail systems are highly
dependent on the use and occupancy of the protected area. For
cases in which extreme loads can be anticipated, such as long,
straight runs of guardrail systems against which crowds can
surge, appropriate increases in loading shall be considered.

C4.5.2 Grab Bar Systems. When grab bars are provided for
use by persons with physical disabilities, the design is governed
by ICC/ANSI A117.1 Accessible and Usable Buildings and
Facilities (2009).

C4.5.3 Vehicle Barrier Systems. Vehicle barrier systems may
be subjected to horizontal loads from moving vehicles. These
horizontal loads may be applied normal to the plane of the barrier
system, parallel to the plane of the barrier system, or at any
intermediate angle. Loads in garages accommodating trucks and
buses may be obtained from the provisions contained in
AASHTO LRFD Bridge Design Speci cations, 7th Edition,
2014, with 2015 interim revisions.

C4.5.4 Fixed Ladders. This provision was introduced to the
standard in 1998 and is consistent with the provisions for stairs.

Side rail extensions of xed ladders are often exible and weak
in the lateral direction. OSHA (2014a) requires side rail exten-
sions, only with speci ¢ geometric requirements. The load
provided was introduced to the standard in 1998 and has been
determined on the basis of a 250-1b (1.11 kN) person standing on
a rung of the ladder and accounting for reasonable angles of pull
on the rail extension.

C4.6 IMPACT LOADS

Grandstands, stadiums, and similar assembly structures may be
subjected to loads caused by crowds swaying in unison, jumping
to their feet, or stomping. Designers are cautioned that the
possibility of such loads should be considered.

Elevator loads are changed in the standard from a direct 100%
impact factor to a reference to ASME Al17 (2013). The provi-
sions in ASME A17 include the 100% impact factor, along with
de ection limits on the applicable elements.

C4.6.4 Elements Supporting Hoists for Facade Access and
Building Maintenance Equipment. The Occupational Safety
and Health Administration (OSHA) requires that facade access
platforms that are used for building maintenance meet the
requirements of Standard 1910.66, Powered Platforms for
Building Maintenance (OSHA 2014b). OSHA requires that
building anchors and components be capable of sustaining
without failure a load of at least four times the rated load of
the hoist (i.e., the maximum anticipated load or total weight of the
suspended platform plus occupants and equipment) applied or
transmitted to the components and anchors. A design live load of
2.5 times the rated load, when combined with a live load factor of
1.6, results in a total factored load of 4.0 times the rated load,
which matches OSHA's requirements. It should also be noted that
when using allowable stress design (ASD), 2.5 times the rated
load will result in a comparable design when a safety factor of
1.6 is used in determining the allowable stresses. This load
requirement is not statistically based but is intended by OSHA
to address accidental hang-up-and-fall scenarios as well as
starting and stopping forces that the platforms experience on a
day-to-day basis. It also provides a small margin of safety relative
to situations where a suspended platform gets hung up on a facade
while ascending, allowing the hoists to apply large forces on the
supporting elements. OSHA permits hoists to generate in-service
forces up to three times their rated loads. These loads should be
applied in the same direction(s) as they are expected to occur.
OSHA (2014c) provisions (CFR 1926.451) related to “con-
struction” activities also require supporting equipment to be able
to carry at least 1.5 times the stall load of the supported hoist.
Since OSHA de nes “construction” rather broadly (it includes
activities such as painting and hanging signs), most equipment is
used for “construction” work, which means that it must have the
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strength required by OSHA construction provisions. The stall in uence area, A, was rst introduced into this standard in 1982
load times the live load factor of 1.6 slightly exceeds the OSHA and was the rst such change since the concept of live load
1.5 times the stall load requirement. reduction was introduced more than 40 years ago. The revised
Ca65 Fall Arrest and  Lifeline  Anchorages. The formula is a result of more extensive survey data and theoretical

- L analysis (Harris et al. 1981). The change in format to a reduction
Occupational - Safety and Health Administration (OSHA) multiplier results in a formula that is simple and more convenient
requires that lifeline anchorages be capable of sustaining

) . : to use. The use of in uence area, now de ned as a function of the
g{;@ﬁggfaélrgfnar&;wm; tge;(i)ag |?$e5ig23 (L? ;ngog :(bN()lgog ek?\(l:; tributary area, At, in a single equation has been shown to give
when corﬂbinedl with% live Igad factor of 1 6’ results in'a totai more consistent reliability for the various structural effects. The
factored load of 4,960 Ib (2.1 kN). which .es:sentiall matches in uence areaisde nedasthat oorareaover whichthein uence
OSHA’s requireménts for Iife.line aﬁchorages It shou)I/d also be surface for structural effects is signi cantly different from zero.
noted that when using ASD, a design Iivelload of 3,100 Ib The facto_r Ky is the ratio of the In uence area (Ay) of a
(128 KN) el i 3 compare gesign e sary acorof (UL 5 O e (), B KW S A o

.6 is used in determining the allowable stresses. This lifeline o - . o
load is intended by OSHAgto address the fall arrest loads that can of its tributary area. Fig. C4.7-1 illustrates typical in uence areas

. . and tributary areas for a structure with regular bay spacings.
and do reasonably occur in typical lanyards for body harnesses, Table 4.7-1 has established K, values (derived from calculated
which are highly variable.

Ky, values) to be used in Eq. (4.7-1) for a variety of structural
members and con gurations. Calculated K, values vary for
C4.7 REDUCTION IN UNIFORM LIVE LOADS column and beam members that have adjacent cantilever con-
C4.7.1 General. The concept of, and methods for, determining struction, as is shown in Fig. C4.7-1, and the Table 4.7-1 values
member live load reductions as a function of a loaded member’s have been set for these cases to result in live load reductions that

OF®
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Actual K, Actual K,
Members Members
wio wi Cantilevers K, Example ﬁ Limits of
Cantilevers Member A Influence Area
Element n=0 | n=05 | n=1.0 |(Table4.7.1} | (Fig. C4.7-1)
Interior Columns 4 . = s 4 E4 u Limits of
Tributary Area
Extarior Columns w/o canlilevers 4 - - - 4 G7, J6
Edge Columns w/ cantilovers - 4 3 2.67 3 B3
Comer Columns w/ cantilevers - 4 225 1.78 2 K2
Edge Beams wio cantilever slabs 2 - - - 2 D7 -E7
Interior Baams 2 2 H4 - H5
Edge Beams wif cantilever slabs = 2 1.5 133 1 B5-B6
Cantilever Baams wio cantilever slabs 2 1 Et-E2
Cantilever Beams w/ cantilever slabs - z 15" 1.33° 1 K5-15

* The value of n for member K5-L5 is used to calculata the distance nlyy

FIGURE C4.7-1 Typical Tributary and In uence Areas

436 STANDARD ASCE/SEI 7-16



are slightly conservative. For unusual shapes, the concept of
signi cant in uence effect should be applied.

An example of a member without provisions for continuous
shear transfer normal to its span would be a precast T-beam or
double-T beam that may have an expansion joint along one or
both anges or that may have only intermittent weld tabs along
the edges of the anges. Such members do not have the ability to
share loads located within their tributary areas with adjacent
members, thus resulting in K| =1 for these types of members.
Reductions are permissible for two-way slabs and for beams, but
care should be taken in de ning the appropriate in uence area.
For multiple oors, areas for members supporting more than one

oor are summed.

The formula provides a continuous transition from unreduced
to reduced loads. The smallest allowed value of the reduction
multiplier is 0.4 (providing a maximum 60% reduction), but there
is @ minimum of 0.5 (providing a 50% reduction) for members
with a contributory load from just one oor.

C4.7.3 Heavy Live Loads. In the case of occupancies
involving relatively heavy basic live loads, such as storage
buildings, several adjacent oor panels may be fully loaded.
However, data obtained in actual buildings indicate that rarely is
any story loaded with an average actual live load of more than
80% of the average rated live load. It appears that the basic live
load should not be reduced for the oor-and-beam design, but
that it could be reduced up to 20% for the design of members
supporting more than one oor. Accordingly, this principle has
been incorporated in the recommended requirement.

C4.7.4 Passenger Vehicle Garages. Unlike live loads in of ce
and residential buildings, which are generally spatially random,
parking garage loads are caused by vehicles parked in regular
patterns, and the garages are often full. The rationale behind the
reduction according to area for other live loads, therefore, does not
apply. A load survey of vehicle weights was conducted at nine
commercial parking garages in four cities of different sizes (Wen
and Yeo 2001). Statistical analyses of the maximum load effects
on beams and columns caused by vehicle loads over the garage’s
life were carried out using the survey results. Dynamic effects on
the deck caused by vehicle motions and on the ramp caused by
impact were investigated. The equivalent uniformly distributed
loads (EUDL) that would produce the lifetime maximum column
axial force and midspan beam bending moment are conservatively
estimated at 34.8 psf (1.67 kN m?). The EUDL is not sensitive to
bay-size variation. In view of the possible impact of very heavy
vehicles in the future such as sport utility vehicles, however, a
design load of 40 psf (1.95 kN m?) is recommended with no
allowance for reduction according to bay area.

Compared with the design live load of 50 psf (2.39 kN m?)
given in previous editions of the standard, the design load con-
tained herein represents a 20% reduction, but it is still 33% higher
than the 30 psf (1.44 kN m?) one would obtain were an area-
based reduction to be applied to the 50 psf (2.39 kN m?) value for
large bays as allowed in most standards. Also the variability of the
maximum parking garage load effect is found to be small, with a
coef cient of variation less than 5% in comparison with 20% to
30% for most other live loads. The implication is that when a live
load factor of 1.6 is used in design, additional conservatism is built
into it such that the recommended value would also be suf ciently
conservative for special purpose parking (e.g., valet parking)
where vehicles may be more densely parked, causing a higher
load effect. Therefore, the 50 psf (2.39 kN m?) design value was
felt to be overly conservative, and it can be reduced to 40 psf
(1.95 KN m?) without sacri cing structural integrity.

In view of the large load effect produced by a single heavy
vehicle (up to 10,000 Ib (44.48 kN)), the current concentrated load
of 2,000 Ib (8.90 kN) should be increased to 3,000 Ib (13.34 kN)
acting on an area of 4.5 in: x 4.5 in: (0.11 m x 0.11 m), which
represents the load caused by a jack in changing tires.

C4.7.6 Limitations on One-Way Slabs. One-way slabs
behave in a manner similar to two-way slabs but do not
bene t from having a higher redundancy that results from
two-way action. For this reason, it is appropriate to allow a
live load reduction for one-way slabs but restrict the tributary
area, A7, to an area that is the product of the slab span times a
width normal to the span not greater than 1.5 times the span (thus
resulting in an area with an aspect ratio of 1.5). For one-way slabs
with aspect ratios greater than 1.5, the effect is to give a
somewhat higher live load (where a reduction has been
allowed) than for two-way slabs with the same ratio.

Members, such as hollow-core slabs, that have grouted con-
tinuous shear keys along their edges and span in one direction
only, are considered as one-way slabs for live load reduction,
even though they may have continuous shear transfer normal to
their spans.

C4.8 REDUCTION IN ROOF LIVE LOADS

C4.8.2 Ordinary Roofs, Awnings, and Canopies. The values
speci ed in Eq. (4.8-1) that act vertically upon the projected area
have been selected as minimum roof live loads, even in localities
where little or no snowfall occurs. This is because it is considered
necessary to provide for occasional loading caused by the
presence of workers and materials during repair operations.

C4.8.3 Occupiable Roofs. Designers should consider any
additional dead loads that may be imposed by saturated
landscaping materials in addition to the live load required in
Table 4.3-1. Occupancy-related loads on roofs are live loads (L)
normally associated with the design of oors rather than roof live
loads (L,) and may be reduced in accordance with the provisions
for live loads in Section 4.7 rather than Section 4.8.

C4.9 CRANE LOADS

All support components of moving bridge cranes and monorail
cranes, including runway beams, brackets, bracing, and connec-
tions, shall be designed to support the maximum wheel load of
the crane and the vertical impact, lateral, and longitudinal forces
induced by the moving crane. Also, the runway beams shall be
designed for crane stop forces. The methods for determining
these loads vary depending on the type of crane system and
support. MHI (2009, 2010a,b) and MBMA (2012) describe types
of bridge cranes and monorail cranes. Cranes described in these
references include top running bridge cranes with top running
trolley, underhung bridge cranes, and underhung monorail
cranes. AIST (2003) gives more stringent requirements for crane
runway designs that are more appropriate for higher capacity or
higher speed crane systems.

C4.11 HELIPAD LOADS

C4.11.1 General. Helipad provisions were added to the
standard in 2010. For the standard, the term “helipads” is
used to refer speci cally to the structural surface. In building
codes and other references, different terminology may be used
when describing helipads, e.g., heliports, helistops, but the
distinctions between these are not relevant to the structural
loading issue addressed in ASCE 7.
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whether or not an A-Zone in a coastal area can be considered a
Coastal A-Zone.

For a Coastal A-Zone to be present, two conditions are
required: (1) a still-water ood depth greater than or equal to
2.0 ft (0.61 m) and (2) breaking wave heights greater than or
equal to 1.5 ft (0.46 m). Note that the still-water depth require-
ment is necessary, but is not suf cient by itself, to render an area
a Coastal A-Zone. Many A-Zones will have still-water ood
depths in excess of 2.0 ft (0.61 m), but will not experience
breaking wave heights greater than or equal to 1.5 ft (0.46 m),
and therefore should not be considered Coastal A-Zones. Wave
heights at a given site can be determined using procedures
outlined in U.S. Army Corps of Engineers (2002) or similar
references.

The 1.5 ft (0.46 m) breaking wave height criterion was
developed from post- ood damage inspections, which show
that wave damage and erosion often occur in mapped A-Zones
in coastal areas, and from laboratory tests on breakaway walls
that show that breaking waves 1.5 ft (0.46 m) in height are
capable of causing structural failures in wood-frame walls
(FEMA 2000).

C5.3 DESIGN REQUIREMENTS

Sections 5.3.4 (dealing with A-Zone design and construction)
and 5.3.5 (dealing with V-Zone design and construction) of
ASCE 7-98 were deleted in preparation of the 2002 edition
of this standard. These sections summarized basic principles of

ood-resistant design and construction (building elevation, an-
chorage, foundation, below design ood elevation [DFE] enclo-
sures, breakaway walls, etc.). Some of the information contained
in these deleted sections was included in Section 5.3, beginning
with ASCE 7-02, and the design professional is also referred to
ASCE/SEI Standard 24 (Flood Resistant Design and Construc-
tion) for speci ¢ guidance.

C5.3.1 Design Loads. Wind loads and ood loads may act
simultaneously at coastlines, particularly during hurricanes and
coastal storms. This may also be true during severe storms at the
shorelines of large lakes and during riverine ooding of long
duration.

C5.3.2 Erosion and Scour. The term “erosion” indicates a
lowering of the ground surface in response to a ood event,
or in response to the gradual recession of a shoreline. The term
“scour” indicates a localized lowering of the ground surface
during a ood, due to the interaction of currents and/or waves
with a structural element. Erosion and scour can affect the
stability of foundations and can increase the local ood depth
and ood loads acting on buildings and other structures. For
these reasons, erosion and scour should be considered during
load calculations and the design process. Design professionals
often increase the depth of foundation embedment to mitigate the
effects of erosion and scour and often site buildings away from
receding shorelines (building setbacks).

C5.3.3 Loads on Breakaway Walls. Floodplain management
regulations require buildings in coastal high hazard areas to
be elevated to or above the design ood elevation by a pile or
column foundation. Space below the DFE must be free of
obstructions to allow the free passage of waves and high-
velocity waters beneath the building (FEMA 1993). Flood-
plain management regulations typically allow space below the
DFE to be enclosed by insect screening, open lattice, or
breakaway walls. Local exceptions are made in certain
instances for shear walls, rewalls, elevator shafts, and
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stairwells. Check with the Authority Having Jurisdiction for
speci ¢ requirements related to obstructions, enclosures, and
breakaway walls.

Where breakaway walls are used, they must meet the prescrip-
tive requirements of NFIP regulations or be certi ed by a
registered professional engineer or architect as having been
designed to meet the NFIP performance requirements. Meeting
the NFIP performance requirements should be understood to
mean that the structure to which breakaway walls are attached
should withstand both of the following: 1) load combinations,
including ood loads acting on the structure and the breakaway
walls, up to the point of breakaway wall collapse, and 2) load
combinations, including ood loads acting on the structure that
remains following breakaway collapse, for ood conditions
between those causing breakaway wall collapse and those asso-
ciated with the design ood.

The prescriptive requirements call for breakaway wall designs
that are intended to collapse at loads not less than 10 psf
(0.48 kN=m?) and not more than 20 psf (0.96 kN=m?). Inasmuch
as wind or earthquake loads often exceed 20 psf (0.96 kN=m?),
breakaway walls may be designed for higher loads, provided the
designer certi es that the walls have been designed to break away
before base ood conditions are reached, without damaging the
elevated building or its foundation. FEMA (1999a) provides
guidance on how to meet the performance requirements for
certi cation.

C5.4 LOADS DURING FLOODING

C5.4.1 Load Basis. Water loads are the loads or pressures on
surfaces of buildings and structures caused and induced by the
presence of oodwaters. These loads are of two basic types:
hydrostatic and hydrodynamic. Impact loads result from objects
transported by oodwaters striking against buildings and
structures or parts thereof. Wave loads can be considered a
special type of hydrodynamic load.

C5.4.2 Hydrostatic Loads. Hydrostatic loads are those caused
by water either above or below the ground surface, free or
con ned, which is either stagnant or moves at velocities less
than 5 ft=s (1.52 m=s). These loads are equal to the product of
the water pressure multiplied by the surface area on which the
pressure acts.

Hydrostatic pressure at any point is equal in all directions
and always acts perpendicular to the surface on which it is
applied. Hydrostatic loads can be subdivided into vertical down-
ward loads, lateral loads, and vertical upward loads (uplift or
buoyancy). Hydrostatic loads acting on inclined, rounded,
or irregular surfaces may be resolved into vertical downward
or upward loads and lateral loads based on the geometry of the
surfaces and the distribution of hydrostatic pressure.

C5.4.3 Hydrodynamic Loads. Hydrodynamic loads are those
loads induced by the ow of water moving at moderate to high
velocity above the ground level. They are usually lateral loads
caused by the impact of the moving mass of water and the drag
forces as the water ows around the obstruction. Hydrodynamic
loads are computed by recognized engineering methods. In the
coastal high hazard area, the loads from high-velocity currents
due to storm surge and overtopping are of particular importance.
U.S. Army Corps of Engineers (2002) is one source of design
information regarding hydrodynamic loadings.
Note that accurate estimates of ow velocities during ood
conditions are very dif cult to make, both in riverine and coastal
ood events. Potential sources of information regarding veloci-
ties of oodwaters include local, state, and federal government
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agencies and consulting engineers specializing in coastal engi-
neering, stream hydrology, or hydraulics.

As interim guidance for coastal areas, FEMA (2000) gives a
likely range of ood velocities as

V =d=31 sb (C5.4-1)

to

V =8gd p°S (C5.4-2)

where

V = average velocity of water in ft=s (m=s)
ds = local still water depth in ft (m)
g = acceleration due to gravity, 32.2 ft=s=s (9.81 m=s?)

Selection of the correct value of a in Eq. 5.4-1 will depend
upon the shape and roughness of the object exposed to ood

ow, as well as the ow condition. As a general rule, the
smoother and more streamlined the object, the lower the drag
coef cient (shape factor). Drag coef cients for elements com-
mon in buildings and structures (round or square piles, columns,
and rectangular shapes) will range from approximately 1.0 to 2.0,
depending upon ow conditions. However, given the uncertainty
surrounding ow conditions at a particular site, ASCE 7-05
recommends a minimum value of 1.25 be used. Fluid mechanics
texts should be consulted for more information on when to apply
drag coef cients above 1.25.

C5.4.4 Wave Loads. The magnitude of wave forces (Ib=ft?)
(kN=m?) acting against buildings or other structures can be 10 or
more times higher than wind forces and other forces under design
conditions. Thus, it should be readily apparent that elevating
above the wave crest elevation is crucial to the survival of
buildings and other structures. Even elevated structures,
however, must be designed for large wave forces that can act
over a relatively small surface area of the foundation and
supporting structure.

Wave load calculation procedures in Section 5.4.4 are taken
from U.S. Army Corps of Engineers (2002) and Walton et al.
(1989). The analytical procedures described by Egs. 5.4-2
through 5.4-9 should be used to calculate wave heights and
wave loads unless more advanced numerical or laboratory
procedures permitted by this standard are used.

Wave load calculations using the analytical procedures
described in this standard all depend upon the initial compu-
tation of the wave height, which is determined using Egs. 5.4-2
and 5.4-3. These equations result from the assumptions that the
waves are depth limited and that waves propagating into
shallow water break when the wave height equals 78% of
the local still water depth and that 70% of the wave height lies
above the local still water level. These assumptions are identi-
cal to those used by FEMA in its mapping of coastal ood
hazard areas on FIRMs.

Designers should be aware that wave heights at a particular site
can be less than depth-limited values in some cases (e.g., when
the wind speed, wind duration, or fetch is insuf cient to generate
waves large enough to be limited in size by water depth, or when
nearby objects dissipate wave energy and reduce wave heights).
If conditions during the design ood yield wave heights at a site
less than depth-limited heights, Eq. 5.4-2 may overestimate the
wave height and Eq. 5.4-3 may underestimate the still-water
depth. Also, Egs. 5.4-4 through 5.4-7 may overstate wave
pressures and forces when wave heights are less than depth-
limited heights. More advanced numerical or laboratory

procedures permitted by this section may be used in such cases,
in lieu of Eqgs. 5.4-2 through 5.4-7.

It should be pointed out that present NFIP mapping procedures
distinguish between A-Zones and V-Zones by the wave heights
expected in each zone. Generally speaking, A-Zones are desig-
nated where wave heights less than 3 ft (0.91 m) in height are
expected. VV-Zones are designated where wave heights equal to or
greater than 3 ft (0.91 m) are expected. Designers should proceed
cautiously, however. Large wave forces can be generated in some
A-Zones, and wave force calculations should not be restricted to
V-Zones. Present NFIP mapping procedures do not designate
V-Zones in all areas where wave heights greater than 3 ft (0.91 m)
can occur during base ood conditions. Rather than rely exclu-
sively on ood hazard maps, designers should investigate his-
torical ood damages near a site to determine whether or not
wave forces can be signi cant.

C5.4.4.2 Breaking Wave Loads on Vertical Walls. Equations
used to calculate breaking wave loads on vertical walls contain a
coef cient, C,. Walton et al. (1989) provide recommended
values of the coef cient as a function of probability of
exceedance. The probabilities given by Walton et al. (1989)
are not annual probabilities of exceedance, but probabilities
associated with a distribution of breaking wave pressures
measured during laboratory wave tank tests. Note that the
distribution is independent of water depth. Thus, for any
water depth, breaking wave pressures can be expected to
follow the distribution described by the probabilities of
exceedance in Table C5.4-2.

This standard assigns values for C, according to building
category, with the most important buildings having the largest
values of C,. Category Il buildings are assigned a value of Cj
corresponding to a 1% probability of exceedance, which is
consistent with wave analysis procedures used by FEMA in
mapping coastal ood hazard areas and in establishing minimum

oor elevations. Category | buildings are assigned a value of C,,
corresponding to a 50% probability of exceedance, but designers
may wish to choose a higher value of C,. Category Il buildings
are assigned a value of C,, corresponding to a 0.2% probability of
exceedance, while Category 1V buildings are assigned a value of
C, corresponding to a 0.1% probability of exceedance.

Breaking wave loads on vertical walls reach a maximum when
the waves are normally incident (direction of wave approach is
perpendicular to the face of the wall; wave crests are parallel to
the face of the wall). As guidance for designers of coastal
buildings or other structures on normally dry land (i.e., ooded
only during coastal storm or ood events), it can be assumed that
the direction of wave approach will be approximately perpen-
dicular to the shoreline. Therefore, the direction of wave ap-
proach relative to a vertical wall will depend upon the orientation
of the wall relative to the shoreline. Section 5.4.4.4 provides a
method for reducing breaking wave loads on vertical walls for
waves not normally incident.

C5.4.5 Impact Loads. Impact loads are those that result from
logs, ice oes, and other objects striking buildings, structures, or
parts thereof. U.S. Army Corps of Engineers (1995) divides
impact loads into three categories: (1) normal impact loads,
which result from the isolated impacts of normally
encountered objects; (2) special impact loads, which result
from large objects, such as broken up ice oes and
accumulations of debris, either striking or resting against a
building, structure, or parts thereof; and (3) extreme impact
loads, which result from very large objects, such as boats,
barges, or collapsed buildings, striking the building, structure,
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explicitly evaluated. The approach taken for consideration of the
effects of sea level rise is consistent with that given by the
U.S. Army Corps of Engineers (2013). For a given Maximum
Considered Tsunami, the runup elevation and inundation depth at
the site are increased by at least the future projected relative sea
level rise during the design life of the structure. The minimum
design lifecycle of 50 years can be exceeded by the physical life
span of many structures. Relative sea level change for a particular
site may result from ground subsidence and long-term erosion,
and change in local temperature of the ocean causing thermal
expansion, as well as possible global effects by melting of ice
sheets. Note that as the ASCE provisions for tsunami may later
incorporate other areas with more signi cant relative sea level rise
because of greater geologic (nonseismic) subsidence, this section
on sea level rise would be more important. An example of this
would be American Samoa and the other Paci c insular states
and territories in the western Paci ¢ Ocean associated with the
United States, particularly where the habitable terrain elevation
is low.

Historical sea level change trends over the past 150 years
can be obtained from the NOAA Center for Operational
Oceanographic Products and Services, which has been measur-
ing sea level at tide stations along the U.S. coasts. Changes in
local relative mean sea level (MSL) have been computed at 128
long-term water level stations using a minimum span of 30 years
of observations at each location (http://tidesandcurrents.noaa.
gov/sltrends/: “Tide gauge measurements are made with respect
toalocal xed reference level on land; therefore, if there is some
long-term vertical land motion occurring at that location, the
relative MSL trend measured there is a combination of the global
sea level rate and the local vertical land motion.”)

C6.6 INUNDATION DEPTHS AND FLOW VELOCITIES
BASED ON RUNUP

C6.6.1 Maximum Inundation Depth and Flow Velocities
Based on Runup. Calculated ow velocities are subject to
minimum and maximum limits based on observational data
from past tsunamis of signi cant inundation depth. The upper
limit of 50 ft s (15.2 m s) in Section 6.6 already includes a 1.5
factor on the velocity that is greater than any on-land ow
velocity that the committee has examined from eld or video
evidence. The ow velocity upper limit is therefore applicable
subsequent to any ow ampli cation factors caused by
obstructions in the built environment, per Sections 6.6.5,
6.7.6.6, or 6.8.5.

In a Monte Carlo simulation of hundreds of variations of
terrain pro les where the Energy Grade Line Analysis was
compared to numerical models, it was found that cases of
negative terrain slope gradient would cause the Energy Grade
Line Analysis to fail to converge on a solution. To deal with the
possibility of such cases in which local downslope acceleration
of ow would occur, but to retain the simplicity of the analysis, a
conservative adjustment of the runup elevation is prescribed in
method 2 of Section 6.6.1, which essentially increases the energy
grade line. Alternatively, a site-speci ¢ inundation analysis may
be performed per method 1 of Section 6.6.1.

C6.6.2 Energy Grade Line Analysis of Maximum
Inundation Depths and Flow Velocities. The coastline can
be approximated in behavior by the use of one-dimensional
linear transects of a composite bathymetric and/or topographic
pro le. The tsunami inundation design parameters of inunda-
tion depth and ow velocities are determined by an energy
analysis approach. In the Energy Grade Line Analysis,

hydraulic analysis using Manning’s coef cient for equivalent
terrain macroroughness is used to account for friction along with
the pro le comprised of a series of one-dimensional slopes, to
determine the variation of depth and velocity-associated
inundation depth across the inland pro le. Velocity is
assumed to be a function of inur&giation depth, calibrated to
the prescribed Froude number u = gh at the shoreline and
decreasing inland. The speci ed incremental horizontal distance
maximum spacing of 100 ft (30.5 m) is necessary for accuracy of
the hydraulic analysis.

The Energy Grade Line Analysis is based on rational hydraulic
principles for a one-dimensional transect ow assumption, so
it is not the same analysis technique as performed by a two-
dimensional (2D) ow numerical simulation. The Energy Grade
Line Analysis is simple and it is inherently less precise, but is
statistically conservative for use as a practical design tool that can
be performed by the engineer. One additional conservatism is to
use the actual roughness of the terrain in the energy method
rather than a “bare-earth” assumption. Also the parameters of
“maximum” depth and ow speed are associated with the
prescriptive Load Cases that de ne the combinations derived
from these “maximum” ow parameters. When the actual rough-
ness of the terrain is used in the energy method, it takes a greater
initial energy at the shoreline in order to reach the runup.
Therefore, conceptually, the energy at the shoreline in the
prescriptive method is implicitly greater than the energy value
used in the 2D inundation model run on “bare earth.” The bene t
of this approach is that it produces conservative design values
and it implicitly accounts for ow ampli cation that occurs
through the built environment (which the standard 2D inundation
model technique does not consider). The 328-ft (100-m) depth is
where the waveform based on Probabilistic Tsunami Hazard
Analysis can be regionally characterized along the coastline. The
Tsunami Design Zone Maps of this standard have been devel-
oped from a Probabilistic Tsunami Hazard Analysis (PTHA)
using the NOAA Paci ¢ Marine Environmental Laboratory
(PMEL) short-term inundation forecasting for tsunamis (SIFT),
method of splitting tsunamis (MOST), and community model
interface for tsunamis (ComMIT) model for the 2D inundation
analysis. The Tsunami Design Zone Maps have been produced to
ensure that the inundation limit and runup elevation and the
extent of the hazard zone are generally not underestimated. The
Energy Grade Line Analysis uses this input so that the ow
characteristics at the site are not severely underestimated for
design purposes. The statistical level of conservatism has been
veri ed by doing many thousands of simulations to compare the
energy method with time history outputs from the primary types
of numerical inundation models.

The Energy Grade Line Analysis stepwise procedure consists
of the following steps:

1. Obtain the runup and inundation limit values from the
Tsunami Design Zone Map generated by the ASCE
Tsunami Design Geodatabase.

2. Approximate the principal topographic transect by a
series of x—z grid coordinates de ning a series of seg-
mented slopes, in which x is the distance inland from the
shoreline to the point and z is the ground elevation of the
point. The horizontal spacing of transect points should be
less than 100 ft (30.5 m), and the transect elevations
should be obtained from a topographic Digital Elevation
Model (DEM) of at least 33-ft (10-m) resolution.

3. Compute the topographic slope, ;, of each segment as the
ratio of the increments of elevation and distance from
point to point in the direction of the incoming ow.
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4. Obtain the Manning’s coef cient, n, from Table 6.6-1 for
each segment based on terrain analysis.

5. Compute the Froude number at each point on the transect
using Eq. (6.6-3).

6. Start at the point of runup with a boundary condition of
Er =0 at the point of runup.

7. Select a nominally small value of inundation depth
[ 0.1t (0.03 m)] h, at the point of runup.

8. Calculate the hydraulic friction slope, s;, using Eq. (6.6-2).

9. Compute the hydraulic head, E;, from Eq. (6.6-1) at
successive points toward the shoreline.

10. Calculate the inundation depth, h;, from the hydraulic
head, E;.

11. Using the de nition of Froude number, determine the
velocity u. Check against the minimum ow velocity
required by Section 6.6.1.

12. Repeat through the transect until the h and u are calculated
at the site. These are used as the maximum inundation
depth, hyay, and the maximum velocity, Uy, at the site.

Load Cases based on these parameters are de ned in
Section 6.8.3.1. The inundation elevation is also determined
from the inundation depth plus the ground elevation.

The Energy Grade Line Analysis algorithm and an example
calculation for a portion of a transect follows in Fig. C6.6-1
and C6.6-2.

The effects of any sea level rise are to be added to the
inundation depth results of the Energy Grade Line Analysis, per
Section 6.5.3.

C6.6.3 Terrain Roughness. Terrain macroroughness is
represented by Manning’s coef cient (Kotani et al. 1998 and
Shimada et al. 2003). Note that for the Energy Grade Line
Analysis, a higher value of roughness is conservative because
it requires a greater incident energy budget (of hy U3 2g) to
overcome the frictional losses in reaching the given runup
elevation. For site-speci ¢ inundation analysis to calculate the
runup elevation and inundation limit, the opposite is true, in that
lower friction allows the inundation to reach a higher point.

Table 6.6-1 provides values of Manning’s coef cient, n, based
on land use to represent equivalent roughness. Where an area
is predominantly light-frame residential houses, which will not
resist tsunami ow, it is advisable to use the coef cient of
roughness for “all other cases.” Where building obstructions are
enclosed structures of concrete, masonry, or structural steel
construction, Aburaya and Imamura (2002) and Imamura
(2009) indicate that n varies with the coverage density of such
buildings expressed as a coverage percentage, , their width, w,
and the inundation depth, D, in accordance with the following
equation, in which nq is 0.025 and Cp, is 1.5:

sS
C
= 2 —DX
= M 29w 100

XD43

Generally, values of n greater than 0.040 result where the
urban density is greater than 20%. For densities of 80% or
more, values of n can approach 0.10. Studies by the Tsunami
Loads and Effects Subcommittee indicate that it is not necessary
to use values of Manning’s roughness greater than 0.050 in the
Energy Grade Line Analysis. Values of n greater than 0.050
result in much higher statistical conservatism in calculated
momentum ux by the Energy Grade Line Analysis, compared
to numerical solutions.
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C6.6.4 Tsunami Bores. The criteria for the occurrence of bores
consist of a complex interaction of the tsunami waveform and the
coastal bathymetry, which can be determined through site-
speci ¢ inundation numerical modeling. One such condition
described in the literature arises where soliton ssion waves
are generated by shoaling over a long bathymetric slope of
approximately 1 100 or milder (Murata et al. 2010; Madsen
et al. 2008). These packets of shorter period waves on the front
face of the long-period tsunami then break into a series of bores
where the soliton amplitude over depth ratio reaches 0.78 to 0.83.
Another case occurs where a shoaling tsunami encounters an
abruptly rising seabed oor, such as a fringing shallow reef.

C6.7 INUNDATION DEPTHS AND FLOW VELOCITIES
BASED ON SITE-SPECIFIC PROBABILISTIC
TSUNAMI HAZARD ANALYSIS

A method of Probabilistic Tsunami Hazard Analysis has been
established in the recognized literature that is generally consistent
with Probabilistic Seismic Hazard Analysis in the treatment of
uncertainty.

The basics of Probabilistic Tsunami Hazard Analysis for a
region are as follows:

1. Tsunamigenic subduction zones and nonsubduction seis-
mic thrust faults are discretized into a compiled system of
rectangular subfaults, each with corresponding tectonic
parameters.

2. Tsunami waveform generation is modeled as a linear
combination of individual tsunami waveforms, each
generated from a particular subfault, with a set sequence
of subfaults used to describe the earthquake rupture in
location, orientation, and rupture direction and sequence.

3. A statistically weighted logic tree approach is used to
account for epistemic uncertainties in the tectonic para-
meters. The logic tree model parameters are developed from
available tectonic, geodetic, historical, and paleotsunami
data and estimated plate convergence rates. A probability
distribution is used to account for aleatory uncertainties
(i.e., intrinsic variability in each actual earthquake event).

4. Each individual tsunami waveform is propagated in deep
water to 328-ft (100-m) depth using linear long-wave
equations to take into account spatial variations in sea oor
depth. This set of precomputed individual tsunami wave-
forms is combined in a linear fashion (i.e., Green’s function
approach) for subsequent analysis.

5. At the 328-ft (100-m) depth, determine the highest
offshore wave heights and develop wave height, period,
and waveform parameters for the design level exceedance
of the 2,475-year tsunami event. The still-water level may
be considered to be at the Reference Sea Level for this
purpose.

6. Disaggregate (i.e., separate out for use in subsequent
analysis) the seismic sources and associated moment mag-
nitudes that together contribute at least 90% to the net
offshore tsunami hazard at the site under consideration for
the design level mean recurrence interval.

7. Use nonlinear shallow-water wave equations to trans-
form each disaggregated tsunami event, or the Hazard-
Consistent  Tsunami event(s) (see below) from
328-ft (100-m) depth toward the shore to determine the
associated maximum inundation.

8. Analyze each tsunami event from the disaggregated sample
to determine ow parameters for the site of interest.
Manning’s  coef cient  for  equivalent  terrain
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FIGURE C6.7-1 Example of the Offshore Tsunami Amplitude from the ASCE Tsunami Design Geodatabase (amplitude in feet,
period in minutes)

macroroughness is used to account for friction. Maximum
runup, inundation depth, ow velocity, and/or speci c
momentum ux at the site of interest is permitted to be
evaluated by either of the following techniques:
a. Determine the Hazard-Consistent Tsunami as one or
more surrogate events that replicate the weighted aver-
age waveform corresponding to the offshore wave
height for the return period. The inundation limit for
the Hazard-Consistent Tsunami shall match the area
that is inundated by tsunami waves from all the dis-
aggregated major source zones for that particular return
period. Flow parameters at the site of interest shall
be determined from the Hazard-Consistent Tsunami
waveform.
Develop the probabilistic distributions of ow para-
meters from the disaggregated sample of computed
tsunamis and construct the statistical distributions of
ow parameters for at least three critical Load Cases.
9. From the probabilistic events, capture the design ow
parameters of inundation depth, ow velocity, and/or
speci ¢ momentum ux at the site of interest.

Data referenced in Section 6.7 are provided by ASCE.
The ASCE Tsunami Design Geodatabase is version-speci c
for the application of each edition of ASCE 7, and the user
of the standard should take care to select the proper data
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set as appropriate for the building code adopted by the
jurisdiction.

The ASCE Tsunami Design Geodatabase of geocoded refer-
ence points of offshore 328-ft (100-m) depth; Tsunami Ampli-
tude, Hy; and Predominant Period, Tqgy, of the Maximum
Considered Tsunami are available at the ASCE website at
http://asce7tsunami.online, including the following data sets:

 Offshore tsunami amplitude with predominant period and
« Disaggregated hazard source contribution gures.

The GIS digital map layers of probabilistic subsidence are
available in the ASCE Tsunami Design Geodatabase at http://
asce7tsunami.online.

An example of the ASCE Tsunami Design Geodatabase of
Offshore Tsunami Amplitude, Predominant Wave Period, and
geocoded location of a database point is shown in Fig. C6.7-1.

C6.7.1 Tsunami Waveform. The waveform prescribed here is
a sum of two solitons, one with a positive and one with a negative
amplitude. This pair re ects (1) the case where the leading wave
has a positive amplitude, and (2) the case where the largest
(positive) amplitude wave follows a large trough wave. Because
tsunamis consist of multiple waves interacting with the coastal
bathymetry, both cases of leading or trailing depression
waveforms are to be considered; the range of parameter a,
shall also be considered in developing the suite of waveforms
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to be analyzed by inundation modeling. The parameters a4, a,, and
T1sy Can be obtained from the map (Fig. 6.7-1) or from Table 6.7-1,
which provides a more regionalized model based on Fig. 6.7-1. The
values of Table 6.7-1 were compiled from a series of scenarios
modeled for each of the ve western states, in which the maxima of
the offshore wave amplitudes of the crest and trough were sampled
at offshore locations at 328-ft (100-m) depth.

C6.7.2 Tsunamigenic Sources. Tsunamigenic sources that
affect the Paci c states have been identi ed through historical
records as well as systematic modeling of all circum-Paci ¢
subduction zones. Maximum magnitudes were derived from
perceived maximum dimensions for future earthquake ruptures
and scaling relations between dimensions and magnitude.

C6.7.3 Earthquake Rupture Unit Source Tsunami Functions
for Offshore Tsunami Amplitude. For the computation of
offshore amplitudes (e.g., at the 328-ft or 100-m depth contour),
the principle of linearity is used to compute tsunami waves as a
summation of precomputed waves for smaller subsources, which in
total make up the intended earthquake rupture.

C6.7.4 Treatment of Modeling and Natural
Uncertainties. Aleatory uncertainty is the uncertainty that
arises because of unpredictable variability in the performance
of the natural system being modeled. Epistemic uncertainty is the
uncertainty that arises because of lack of knowledge of the
physical mechanism of the natural system being modeled.
Typically, aleatory uncertainties are represented in probabilistic
analysis in the form of probability distribution functions, whereas
epistemic uncertainties are included in the form of (weighted)
alternative logic tree branches. The technique for a one-sigma
allowance is speci ed in order that numerical modeling provide
a Hazard-Consistent Tsunami waveform that accounts for
uncertainty in tsunami amplitude. It is a key component of
PTHA to include a reliability factor.

C6.7.5 Offshore Tsunami Amplitude. The 328-ft (100-m)
depth contour was chosen because tsunami waves behave
linearly in deeper water, which allows for rapid calculation
of tsunami waveforms, which enables a comprehensive
probabilistic approach. The 328-ft (100-m) depth was selected
to minimize the amount of nonlinear shoaling caused by such
things as the Nearshore Pro le, embayment ampli cation, and
resonance effects. The Offshore Tsunami Amplitude at this
reference depth represents with more clarity the probabilistic
tsunami amplitude values for an area that do not vary
dramatically parallel to the shoreline. To use a fully shoaled
tsunami wave amplitude at the shoreline would result in more
dif culty in verifying or calibrating whether other site-speci ¢
models have actually used a Hazard-Consistent Tsunami because
the waveform has become more complex at the shoreline, and in
certain cases, it may have broken into a series of bores; for these
reasons, the tsunami amplitudes have large spatial variation in the
nearshore regime. It would also not be possible at the shoreline to
specify regional waveform parameters, such as in Table 6.7-1 at
the 328-ft (100-m) depth that would be valid in all nearshore
regimes. The Offshore Tsunami Amplitude and associated
parameters of Section 6.7 are calibrated to the 2,475-year
hazard level, and the primary purpose of this information is
to support site-speci ¢ inundation analysis of Tsunami
Risk Category IV structures, where more detailed spatial
bathymetry and topography are used with a 2D inundation
model software code to develop ow parameters at the site. It
is called a 2D model because the third vertical dimension of ow
speed is depth-averaged, but it uses a 3D spatial digital raster
representation of the terrain.
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C6.7.5.1 Offshore Tsunami Amplitude for Distant Seismic
Sources. An ef cient way to compute probabilistic tsunami
exceedance amplitudes is by precomputing tsunami time
series (Green’s functions) for a suite of subsources with unit
slip (e.g., 3.28 ft or 1 m) that together can be used to represent
actual slip distribution on a larger fault. The resultant tsunami
time series is then a summation of the individual Green’s
functions, which are each multiplied by the actual slip relative
to the unit slip for each subsource. Examples of this process are
given in Thio et al. (2010) and Gica et al. (2008).

C6.7.5.2 Direct Computation of Probabilistic Inundation
and Runup. For local sources, it is necessary to compute a
suite of scenarios, which represent a probabilistic distribution,
taking into account aleatory uncertainties in such things as slip
distribution, magnitudes, and tide levels. The ground subsidence
should be taken into account in the actual tsunami calculations.
The surface deformation can be computed using a variety of
algorithms that compute the elastic response of a medium caused
by slip on a fault.

C6.7.6 Procedures for Determining Tsunami Inundation
and Runup

C6.7.6.1 Representative Design Inundation Parameters.
These parameters have been shown to be relevant for the
estimation of different types of tsunami impact.

C6.7.6.2 Seismic Subsidence before Tsunami Arrival. The
uplift and subsidence during an earthquake that generates the
tsunami also causes vertical changes to the coastal topography,
and this change needs to be taken into account for modeling
local tsunamis directly from the source. The effect of seismic
subsidence follows the recognized deformation model of
Okada (1985) illustrated in Fig. C6.7-2. The subsidence can
be considered instantaneous, and it occurs before the arrival of
the tsunami waves. Fig. 6.7-3 is the 2,475-year subsidence
map, which also identi es which areas are governed by the
local coseismic tsunami source. Southern California and
Hawaii are not adjacent to interplate subduction zones, so
they are not subject to regional seismic ground subsidence
before a tsunami.

C6.7.6.3 Model Macroroughness Parameter. The effects of
ground friction on tsunami inundation are signi cant and need to
be considered. There are different techniques in which ground
friction is incorporated in numerical schemes; the most common
is the Manning’s coef cient. If other approaches are used, care
should be taken so that they closely follow the effect related to
the appropriate Manning’s coef cient.

C6.7.6.4 Nonlinear Modeling of Inundation. Typically in
numerical tsunami modeling, the equations solved correspond
to the shallow water approximation, with nonlinear effects
such as inundation (moving boundary), bottom friction, and
advection. Usually, these algorithms solve the equations of
motion in two (horizontal) dimensions, with the vertical
properties averaged over depth. Most of the effects mentioned
here are taken into account, provided that an acceptable tsunami
inundation model is used. Dispersion is taken into account in
some approaches (Boussinesg-type); dispersion is required for
the modeling of small dimensional sources, such as submarine
landslides. Bore formation is more accurately modeled with
algorithms that preserve momentum. In the case of local
tsunamis, where the bore formation is particularly pronounced,
these algorithms are preferred over approaches that do not
explicitly conserve mass.
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C6.12.4.4 Facing Systems. Facing materials in coastal
structures and reinforced earth systems are critical to prevent
raveling and erosion. AASHTO M288-06 (2006) provides design
guidance for geotextile Iter layers assuming high-energy wave
conditions. Armor sizing in areas of high Froude number should
take into account the high-velocity turbulent ows associated
with tsunamis and the height of the incoming waves. FHWA
(2009) provides methods appropriate for current ow. Esteban
et al. (2014) provides an adaptation of the Hudson equation
(USACE 2011) for tsunami waves. Some approaches, such as
the Van der Meer equation provided in USACE 2011,
recommend armor stone sizing that decreases with increasing
wave periods; these approaches should not be used for design of
tsunami-resistant facing systems. In areas of low Froude number,
the tsunami acts more as current ow, and stone sizing may be
treated accordingly using standard methods.

C6.12.4.5 Ground Improvement. Soil-cement  ground
improvement for foundations is effective under high-velocity
turbulent ows such as tsunamis because it provides both
strength and erosion resistance to the improved mass. The
widely used methods of deep soil mixing and jet grouting can
be applied in a variety of geometries and design strengths for
particular tsunami loading conditions. These methods, when
incorporated in the modeling and analysis methods in this
section, can be used to determine the optimal limits of
treatment for desired performance levels. Similar applications
are used for bridge scour and foundations for levees, dikes, and
coastal structures. Additional guidance for soil-cement ground
improvement is available in the following:

1. FHWA (2000). “An Introduction to the Deep Soil Mixing
Methods as Used in Geotechnical Applications,” FHWA-
RD-99-138.

2. USACE (2000). “Design and Construction of Levees,”
Appendix G: Soil-Cement for Protection, EM 1110-2-
1913.

3. ASTM International (2007). “Standard Test Methods for
Compressive Strength of Molded Soil-Cement Cylinders,”
D1633-00.

C6.13 STRUCTURAL COUNTERMEASURES FOR
TSUNAMI LOADING

The potential extreme magnitude or severity of tsunami loading
warrants use of robust or redundant structural countermeasures,
including Open Structures, retro tting and/or alterations, and use
of tsunami mitigation barriers located exterior to buildings. The
type of selected countermeasures and their strength and extent of
protection are dependent upon both performance objectives of
the structure to be protected and the extent of protection achiev-
able by countermeasures applied to the structure itself. For most
sites, an alternatives evaluation of these three types of counter-
measures is needed to identify the optimal protection method or
blend of methods. The application of structural countermeasures
should be integrated with foundation countermeasures described
in Section 6.12.4.

C6.13.2 Tsunami Barriers. Tsunami mitigation barriers
consist of widely varying materials and designs, ranging from
simple berms and engineered levees to advanced performance-
based, instrumented, heavy coastal infrastructure systems
of reinforced concrete barrier walls with active or passive
oodgates. The design of large-scale coastal infrastructure
barriers for extreme tsunami loading may involve other
considerations beyond the scope of this section. Areas with
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existing tsunami mitigation barriers require coordination of
performance objectives and interactions with new barrier
designs, and design should include combined system scenario
modeling.

Tsunami barriers are required in some cases to achieve reliable
Life Safety performance under extreme tsunami loads, and this
requirement highlights the need to consider siting design as well
as traditional structure-level design. Tsunami barriers may also
provide an opportunity for more cost-effective mitigation under
modest to medium inundation loads.

Performance objectives of barriers may include the possibility
of some overtopping. Overtopping may result in residual inun-
dation of the protected structure. Design to account for the
inundation caused by barrier overtopping is critical for those
cases of intentional overtopping, and it is still prudent as a
precaution for possible extreme events in excess of design levels.

This section focuses on adaptation of existing standards for
modest-size levee design with geotextile reinforced earth and
facing systems, using current best practices developed after
Hurricane Katrina with consideration of the Tohoku tsunami
(Kuwano et al. 2014). The standards are being evaluated and
applied on a massive scale in the Gulf Coast and California
(USACE 2000; California DWR 2012; CIRIA 2013). These
methods incorporate speci ¢ failure mode analysis of fundamen-
tal performance requirements for stability, seepage control, and
erosion and scour control, including overtopping conditions. The
guidance also calls for checks of conventional levee design
criteria.

C6.13.2.2 Site  Layout. The simpli ed guidance for
determining the layout (location and linear extent) of tsunami
mitigation barriers uses simpli ed shoreline setback and tsunami
incident angle shielding criteria, based upon general coastal
engineering principles of wave inundation and barrier
interaction (USACE 2011). This layout can be optimized with
site-speci ¢ inundation scenario modeling. In this case, the
designer should consider an analysis of various alternative
barrier con gurations to best address complex wave
interactions during runup, drawdown, and channeling.

The requirement on radius of curvature for alignment changes
is based on the avoidance of sharp corners, which may be
vulnerable to scouring.

C6.14 TSUNAMI VERTICAL EVACUATION REFUGE
STRUCTURES

Tsunami Vertical Evacuation Refuge Structures are a special
classi cation of buildings and structures within the Tsunami
Evacuation Zone designated as a means of alternative evacuation
in communities where suf ciently high ground does not exist or
where the time available after the tsunami warning is not deemed
to be adequate for full evacuation before tsunami arrival. Such a
building or structure should have the strength and resiliency
needed to resist all effects of the Maximum Considered Tsunami.
Despite the devastation of the March 11, 2011, Tohoku tsunami
along the northeast coastline of Honshu Island of Japan, there
were many tsunami evacuation buildings that provided safe
refuge for thousands of survivors (Fraser et al. 2012; Chock et al.
2013b). In the United States, the Federal Emergency Management
Agency published the P-646 Guidelines for Design of Structures
for Vertical Evacuation from Tsunamis (FEMA 2012) as a set of
guidelines for the siting, design, construction, and operation of
vertical evacuation refuges. However, as a guideline, it is not
written in mandatory language necessary for building code and
design standards. Therefore, this standard includes the technical
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range from 0.8 to 1.2. The factor 0.8 bases the average design
value for that situation on an annual probability of being
exceeded of about 4% (about a 25-year mean recurrence inter-
val). The factor 1.2 is nearly that for a 1% annual probability of
being exceeded (about a 100-year mean recurrence interval). In
the 2016 version of the standard, the Importance Factor is now
appropriately applied to the drift height in Fig. 7.6-1. As a result
of the functional form, the drift surcharge in pounds per unit
cross-wind width (hgd4hyP /2) is proportional to the Importance
Factor.

C7.3.4 Minimum Snow Load for Low-Slope Roofs,
Pm. These minimums account for a number of situations that
develop on low-slope roofs. They are particularly important
considerations for regions where p, is 20 Ib/ft? (0.96 kN/m?)
or less. In such areas, single storm events can result in loading for
which the basic ground-to-roof conversion factor of 0.7, as well
as the C, and C, factors, are not applicable.

The unbalanced load for hip and gable roofs, with an eave to
ridge distance W of 20 ft (6.1 m) or less that have simply
supported prismatic members spanning from ridge to eave, is
greater than or equal to the minimum roof snow load, p,,. Hence,
if such a hip and gable roof has a slope that requires unbalanced
loading, the minimum snow load would not control and need not
be checked for the roof.

C7.4 SLOPED ROOF SNOW LOADS, ps

Snow loads decrease as the slopes of roofs increase. Generally,
less snow accumulates on a sloped roof because of wind action.
Also, such roofs may shed some of the snow that accumulates
on them by sliding and improved drainage of meltwater. The
ability of a sloped roof to shed snow load by sliding is related
to the absence of obstructions not only on the roof but also
below it, the temperature of the roof, and the slipperiness of its
surface. It is dif cult to de ne “slippery” in quantitative terms.
For that reason, a list of roof surfaces that qualify as slippery
and others that do not is presented in the standard. Most
common roof surfaces are on that list. The slipperiness of other
surfaces is best determined by comparisons with those surfaces.
Some tile roofs contain built-in protrusions or have a rough
surface that prevents snow from sliding. However, snow does
slide off other smooth-surfaced tile roofs. When a surface may
or may not be slippery, the implications of treating it either
as a slippery or nonslippery surface should be determined.
Because valleys obstruct sliding on slippery surfaced roofs,
the dashed lines in Figs. 7.4-1a, b, and c should not be used in
such roof areas.

Discontinuous heating of a building may reduce the ability of a
sloped roof to shed snow by sliding because meltwater created
during heated periods may refreeze on the roof’s surface during
periods when the building is not heated, thereby “locking” the
snow to the roof.

All these factors are considered in the slope reduction factors
presented in Fig. 7.4-1 and are supported by Taylor (1983, 1985),
Sack et al. (1987), and Sack (1988). The thermal resistance
requirements have been added to the “unobstructed slippery
surfaces” curve in Fig. 7.4-1a to prevent its use for roofs on
which ice dams often form because ice dams prevent snow from
sliding. Mathematically the information in Fig. 7.4-1 can be
represented as follows:

1. Warm roofs (C,=1.0 or less):
(@) Unobstructed slippery surfaces with R 30 ft?h °F/Btu
(5.3°Cm?/W) if unventilated and R 20 ft? h °F/Btu

(3.5°C m?/W) if ventilated:

0°-5°slope C,=1.0
5°-70°slope C,=1.0 dslope 5°p/65
>70°slope C,=0

(b) All other surfaces:
0°-30°slope  C;=1.0
30°-70°slope C;=1.0 dslope 30°p/40°
>70°slope Cs=0

2. Cold roofs with C;=1.1

(a) Unobstructed slippery surfaces:
0°-10°slope  C,=1.0
10°-70°slope C,=1.0 dslope 10°p/60
>70°slope C;=0

(b) All other surfaces:
0°-37.5°slope C,=1.0
37.5°-70°slope C,=1.0 dslope
>70°slope C;=0

3. Cold roofs (C;=1.2):

(a) Unobstructed slippery surfaces:
0°-15°slope  C,=1.0
15°-70°slope C,=1.0 dslope
>70°slope C;=0

(b) All other surfaces:
0°-45°slope C;=1.0
45°-70°slope C;=1.0 dslope
>70°slope Cs=0

If the ground (or another roof of less slope) exists near the eave
of a sloped roof, snow may not be able to slide completely off the
sloped roof. This may result in the elimination of snow loads on
upper portions of the roof and their concentration on lower
portions. Steep A-frame roofs that nearly reach the ground are
subject to such conditions. Lateral and vertical loads induced by
such snow should be considered for such roofs.

If the roof has snow retention devices (installed to prevent
snow and ice from sliding off the roof), it should be considered an
obstructed roof and the slope factor Cg should be based on the
“All Other Surfaces” curves in Fig. 7.4-1.

37.5°p/32.5°

15°p/55°

45°p/25°

C7.4.3 Roof Slope Factor for Curved Roofs. These provisions
were changed from those in the 1993 edition of this standard to
cause the load to diminish along the roof as the slope increases.

C7.4.4 Roof Slope Factor for Multiple Folded Plate,
Sawtooth, and Barrel Vault Roofs. Because these types of
roofs collect extra snow in their valleys by wind drifting and
snow creep and sliding, no reduction in snow load should be
applied because of slope.

C7.4.5 Ice Dams and Icicles along Eaves. The intent is to
consider heavy loads from ice that forms along eaves only for
structures where such loads are likely to form. It is also not
considered necessary to analyze the entire structure for such
loads, just the eaves themselves. Eave ice dam loads with various
return periods on roofs with overhangs of 4 ft (1.2 m) or less are
presented in O’Rourke et al. (2007).

This provision is intended for short roof overhangs and projec-
tions, with a horizontal extent less than 5 ft (1.5 m). In instances
where the horizontal extent is greater than 5 ft (1.5 m), the
surcharge that accounts for eave ice damming need only extend
for a maximum of 5 ft (1.5 m) from the eave of the heated structure
(Fig. C7.4-1).

C7.5 PARTIAL LOADING

In many situations, a reduction in snow load on a portion of a
roof by wind scour, melting, or snow-removal operations
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simply reduces the stresses in the supporting members. How-
ever, in some cases a reduction in snow load from an area
induces higher stresses in the roof structure than occur when the
entire roof is loaded. Cantilevered roof joists are a good
example; removing half the snow load from the cantilevered
portion increases the bending stress and de ection of the
adjacent continuous span. In continuous beam roof systems,
problems can occur during snow-removal operations. The
nonuniform loading imposed by the removal of snow load in
an indiscriminate manner can signi cantly alter the load distri-
bution throughout the roof system and can result in marked
increases in stresses and de ections over those experienced
during uniform loading. In other situations, adverse stress
reversals may result.

The simpli ed provisions offered for continuous beam roof
systems have been adopted to mimic real loadings experienced
by this common structural system. The Case 1 load scenario
simulates a critical condition encountered when, for example, the
process of removing a portion of the snow in each span starts at
one building end and proceeds toward the other end. The Case 2
load scenario is intended to model loading nonuniformity caused
by wind scour or local heat loss and snowmelt at the building
edges. The Case 3 load group is intended to encompass condi-
tions that might be encountered, for example, when removal
operations must be discontinued and are restarted in a different
location, or when multiple snow removal crews start at different
roof locations.

The intent is not to require consideration of multiple
“checkerboard” loadings.

Members that span perpendicular to the ridge in gable roofs
with slopes between 2.38° (%2 on 12) and 30.3° (7 on 12) are
exempt from partial load provisions because the unbalanced load
provisions of Section 7.6.1 provide for this situation.

C7.6 UNBALANCED ROOF SNOW LOADS

Unbalanced snow loads may develop on sloped roofs because of
sunlight and wind. Winds tend to reduce snow loads on wind-
ward portions and increase snow loads on leeward portions.
Because it is not possible to de ne wind direction with assurance,
winds from all directions should generally be considered when
establishing unbalanced roof loads.

C7.6.1 Unbalanced Snow Loads for Hip and Gable
Roofs. The expected shape of a gable roof drift is nominally
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a triangle located close to the ridgeline. Recent research suggests
that the size of this nominally triangular gable roof drift is
comparable to a leeward roof step drift with the same fetch.
For certain simple structural systems, for example, wood or light-
gauge roof rafter systems with either a ridge board or a
supporting ridge beam, with small eave to ridge distances, the
drift is represented by a uniform load of I x py from eave to
ridge. For all other gable roofs, the drift is represented by a
rectangular distribution located adjacent to the ridge. The
location of the centroid for the rectangular distribution is
identical to that for the expected triangular distribution. The
intensity is the average of that for the expected triangular
distribution.

The design snow load on the windward side for the unbalanced
case, 0.3p,, is based upon case histories presented in Taylor
(1979) and O’Rourke and Auren (1997) and discussed in
Tobiasson (1999). The lower limit of =2.38° is intended to
exclude low-slope roofs, such as membrane roofs, on which
signi cant unbalanced loads have not been observed. The upper
bound of > 7 on 12 (30.2°) is intended to exclude high-slope
roofs on which signi cant unbalanced loads have not been
observed. That is, although an upper bound for the angle of
repose for fresh-fallen snow is about 70° as given in Fig. 7.4-1,
the upper bound for the angle of repose of drifted snow is
about 30°.

As noted, observed gable roof drifts are nominally triangular
in shape. The surcharge is essentially zero at the ridge, and the
top surface of the surcharge is nominally horizontal. As such, an
upper bound for an actual surcharge atop the sloped roof snow
load, ps, would be a triangular distribution: zero at the ridge and a
height at the eave equal to the elevation difference between the
eave and the ridge.

For intersecting gable roofs and similar roof geometries, some
codes and standards have required a valley drift load. Such valley
drift loads are not required in ASCE 7. However, valley locations
are subject to unbalanced or gable roof drifts, as described in
Section 7.6.1. An example of unbalanced loading on an L-shaped
gable roof is presented in O’Rourke (2007).

For intersecting monoslope roofs and intersecting gable roofs
with slopes greater than 7 on 12, unbalanced loads are not
required in ASCE 7. However, at such valleys, snow on each
side of the valley is prevented from sliding by the presence of
roof snow on the other side of the valley. As such, the valley
portion of the roof (drainage area upslope of the reentrant corner)
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is obstructed and the slope factor C4 should be based on the “All
Other Surfaces” lines in Fig. 7.4-1.

C7.6.2 Unbalanced Snow Loads for Curved Roofs. The
method of determining roof slope is the same as in the 1995
edition of this standard. C, is based on the actual slope, not an
equivalent slope. These provisions do not apply to roofs that are
concave upward. For such roofs, see Section C7.13.

C7.6.3 Unbalanced Snow Loads for Multiple Folded Plate,
Sawtooth, and Barrel Vault Roofs. A minimum slope of
3/8 in:/ft (1.79°) has been established to preclude the need
to determine unbalanced loads for most internally drained
membrane roofs that slope to internal drains. Case studies
indicate that signi cant unbalanced loads can occur when the
slope of multiple gable roofs is as low as 1/2 in:/ft (2.38°).

The unbalanced snow load in the valley is 2p;/C, to create a
total unbalanced load that does not exceed a uniformly distrib-
uted ground snow load in most situations.

Sawtooth roofs and other “up-and-down” roofs with signi -
cant slopes tend to be vulnerable in areas of heavy snowfall for
the following reasons:

1. They accumulate heavy snow loads and are therefore
expensive to build.

2. Windows and ventilation features on the steeply sloped
faces of such roofs may become blocked with drifting snow
and be rendered useless.

3. Meltwater in ltration is likely through gaps in the steeply
sloped faces if they are built as walls because slush may
accumulate in the valley during warm weather. This accu-
mulation can promote progressive deterioration of the
structure.

4. Lateral pressure from snow drifted against clerestory
windows may break the glass.

5. The requirement that snow above the valley not be at an
elevation higher than the snow above the ridge may limit
the unbalanced load to less than 2p¢/C,.

C7.6.4 Unbalanced Snow Loads for Dome Roofs. This
provision is based on a similar provision in the 1990 National
Building Code of Canada.

C7.7 DRIFTS ON LOWER ROOFS (AERODYNAMIC
SHADE)

When a rash of snow load failures occurs during a particularly
severe winter, there is a natural tendency for concerned parties to
initiate across-the-board increases in design snow loads. This is
generally a technically ineffective and expensive way of attempt-
ing to solve such problems because most failures associated with
snow loads on roofs are caused not by moderate overloads on
every square foot (square meter) of the roof, but rather by
localized signi cant overloads caused by drifted snow.

Drifts accumulate on roofs (even on sloped roofs) in the wind
shadow of higher roofs or terrain features. Parapets have the same
effect. The affected roof may be in uenced by a higher portion of
the same structure or by another structure or terrain feature
nearby if the separation is 20 ft (6.1 m) or less. When a new
structure is built within 20 ft (6.1 m) of an existing structure,
drifting possibilities should also be investigated for the existing
structure (see Sections C7.7.2 and C7.12). The snow that forms
drifts may come from the roof on which the drift forms, from
higher or lower roofs, or, on occasion, from the ground.

The leeward drift load provisions are based on studies of snow
drifts on roofs (Speck 1984; Taylor 1984; and O’Rourke et al.

1985, 1986). Drift size is related to the amount of driftable snow
as quanti ed by the upwind roof length and the ground snow
load. Drift loads are considered for ground snow loads as low as
5 Ib/ft? (0.24 kN/m?). Case studies show that, in regions with
low ground snow loads, drifts 3 to 4 ft (0.9 to 1.2 m) high can be
caused by a single storm accompanied by high winds. The
leeward drift height limit of 60% of the lower roof length applies
to canopies and other lower level roofs with small horizontal
projection from the building wall. It is based upon a 30° angle of
repose for drifted snow (tan (30°) = drift height/drift length =
0.577 0.6) and is consistent with provisions in Section 7.6.1,
which exclude roofs steeper than 7 on 12 from the gable roof drift
(unbalanced load) provisions.

A change from a prior (1988) edition of this standard involves
the width w when the drift height hy from Fig. 7.6-1 exceeds the
clear height he. In this situation, the width of the drift is taken as
4h3/h, with a maximum value of 8h. This drift width relation is
based upon equating the cross-sectional area of this drift (i.e.,
1/2h. x w) with the cross-sectional area of a triangular drift
where the drift height is not limited by h, (i.e., 1/2hy x 4hy) as
suggested by Zallen (1988). The upper limit of drift width is
based on studies by Finney (1939) and Tabler (1975) that suggest
that a “full” drift has a rise-to-run of about 1 6.5, and case studies
(Zallen 1988) that show observed drifts with a rise-to-run greater
than 1 10.

The drift height relationship in Fig. 7.6-1 is based on snow
blowing off a high roof upwind of a lower roof. The change in
elevation where the drift forms is called a “leeward step.” Drifts
can also form at “windward steps.” An example is the drift that
forms at the downwind end of a roof that abuts a higher structure
there. Fig. 7.7-1 shows “windward step” and “leeward step” drifts.

For situations that have the same amount of available snow
(i.e., upper and lower roofs of the same length), the drifts that
form in leeward steps are larger than those that form in windward
steps. In previous versions of the standard, the windward drift
height was given as 1/2hy from Fig. 7.6-1 using the length of
the lower roof for |,. Based upon an analysis of case histories in
O’Rourke and De Angelis (2002), a value of 3/4 is now prescribed.

Depending on wind direction, any change in elevation be-
tween roofs can be either a windward or leeward step. Thus the
height of a drift is determined for each wind direction as shown in
Example 3, this chapter, and the larger of the two heights is used
as the design drift. The drift height relation in Fig. 7.6-1 was
based upon a data set of leeward roof step drifts for which the
average upwind fetch distance was about 170 ft (52 m). Unfor-
tunately, the empirical relation provides unrealistic results for
very short upwind fetch distances and very low ground snow
loads. For example, one would calculate a negative drift height
for I, = 5ft (1.5 m) and py = 5 psf (0.96 kPa). In prior versions
of this load standard, this shortcoming was handled by specifying
a minimum 1, of 20 ft (6.1 m). In the 2016 edition, this
requirement wasrgmdi ed by noting that hy need not be taken
as greater than * 8lspyl,/4 P. This new limiting relation was
determined by assuming that all the upwind snow is transported
by wind and the trapping ef ciency (percentage of transported
snow that remains in the drift) is 50%.

The drift load provisions cover most, but not all, situations.
Finney (1939) and O’Rourke (1989) document a larger drift than
would have been expected based on the length of the upper roof.
The larger drift was caused when snow on a somewhat lower
roof, upwind of the upper roof, formed a drift between those two
roofs, allowing snow from the upwind lower roof to be carried up
onto the upper roof then into the drift on its downwind side. It
was suggested that the sum of the lengths of both roofs could be
used to calculate the size of the leeward drift. The situation of two
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Figure C7.7-1 Roof Steps in Series

roof steps in series was studied by O’Rourke and Kuskowski
(2005). For the roof geometry sketched in Fig. C7.7-1, the
effective upwind fetch for the leeward drift atop roof C caused
by wind from left to right was shown to be Lg o 0.75L4. That is,
some of the snow originally on roof A ends up in the leeward
drift atop roof B, thereby reducing the amount of snow available
for drift formation atop roof C. For the windward snowdrift atop
roof B caused by wind from right to left, the effective upwind
fetch was shown to be Lg P 0.85L¢. The analysis for windward
drifts assumed that the elevation difference between roofs B and
C was small enough to allow snow initially atop roof C to be
blown up onto roof B.

Generally, the addition of a parapet wall on a high roof cannot
be relied upon to substantially reduce the leeward snowdrift
loading on an adjacent or adjoining lower roof. This is particu-
larly true for the case of a single parapet wall of typical height
located at the roof step. Also, the addition of a parapet wall at a
roof step would increase the space available for windward drift
formation on the lower roof. The issue of potential reduction in
leeward drift size at a roof step caused by a parapet wall is
discussed in more detail in O’Rourke (2007).

In another situation (Kennedy et al. 1992), a long “spike” drift
was created at the end of a long skylight with the wind about 30°
off the long axis of the skylight. The skylight acted as a guide or
de ector that concentrated drifting snow. This action caused a
large drift to accumulate in the lee of the skylight. This drift was
replicated in a wind tunnel.

As shown in Fig. 7.7-2, the clear height, h;, is determined
based on the assumption that the upper roof is blown clear of
snow in the vicinity of the drift. This assumption is reasonable for
windward drifting but does not necessarily hold for leeward
drifting. For leeward drifting, the last portion of the upper level
roof that would become blown clear of snow is the portion
adjacent to the roof step. That is, there may still be snow on the
upper level roof when the roof step drift has stopped growing.
Nevertheless, for simplicity, the same assumption regarding clear
height is used for both leeward and windward drifts.

Tests in wind tunnels (Irwin et al. 1992; Isyumov and Mikitiuk
1992) and umes (O’Rourke and Weitman 1992) have proven
quite valuable in determining patterns of snow drifting and drift
loads. For roofs of unusual shape or con guration, wind tunnel or
water- ume tests may be needed to help de ne drift loads. An
ASCE standard for wind tunnel testing including procedures to
assist in the determination of snow loads on roofs is currently
under development.

C7.7.2 Adjacent Structures. One expects a leeward drift to
form on an adjacent lower roof only if the lower roof is low
enough and close enough to be in the wind shadow (aerodynamic
shade) region of the upper roof as sketched in Fig. C7.7-2. The
provisions in Section 7.7.2 are based upon a wind shadow region
that trails from the upper roof at a 1 downward to 6 horizontal
slope.
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For windward drifts, the requirements of Section 7.7.1 are to
be used. However, the resulting drift may be truncated by
eliminating the drift in the horizontal separation region as
sketched in Fig. C7.7-3.

C7.7.3 Intersecting Drifts at Low Roofs. The accumulation of
drifting snow from perpendicular wind directions can occur
concurrently from single or multiple wind and snow events to
create an intersecting snowdrift load at reentrant corners. The two
resulting drifts are combined as shown in Fig. 7.7-3, where the
snowdrift load at the drift intersection is based on the larger drift,
not the additive effect of the two drifts (i.e., design hy at the
intersection is hy; or hy,, but not hy; added to hy,). Wind
direction at a speci c site can change during a single snow event.

C7.8 ROOF PROJECTIONS AND PARAPETS

Drifts around penthouses, roof obstructions, and parapet walls
are also of the “windward step” type because the length of the
upper roof is small or no upper roof exists. Solar panels,
mechanical equipment, parapet walls, and penthouses are exam-
ples of roof projections that may cause “windward” drifts on the
roof around them. The drift load provisions in Sections 7.7 and
7.8 cover most of these situations adequately, but at-plate solar
collectors may warrant some additional attention. Roofs
equipped with several rows of them are subjected to additional
snow loads. Before the collectors were installed, these roofs may
have sustained minimal snow loads, especially if they were
windswept. First, because a roof with collectors is apt to be
somewhat “sheltered” by the collectors, it seems appropriate to
assume that the roof is partially exposed and calculate a uniform
snow load for the entire area as though the collectors did not
exist. Second, the extra snow that might fall on the collectors and
then slide onto the roof should be computed using the “All Other
Surfaces” curve in Fig. 7.4-1b. This value should be applied as a
uniform load on the roof at the base of each collector over an area
about 2 ft (0.6 m) wide along the length of the collector. The
uniform load combined with the load at the base of each collector
probably represents a reasonable design load for such situations,
except in very windy areas, where extensive snow drifting is to
be expected among the collectors. By elevating collectors at least
2 ft (0.61 m) above the height of the balanced snow on an open
system of structural supports, the potential for drifting will
be diminished signi cantly. Finally, the collectors should be
designed to sustain a load calculated by using the “Unobstructed
Slippery Surfaces” curve in Fig. 7.4-1a. This last load should not
be used in the design of the roof because the heavier load of
sliding snow from the collectors has already been considered.
The in uence of solar collectors on snow accumulation is
discussed in Corotis et al. (1979) and O’Rourke (1979).

Refer to Section C7.7 for more description of the effects that a
parapet wall at a high roof can have on the snowdrift loading at an
adjacent or adjoining lower roof.

STANDARD ASCE/SEI 7-16





































































Fig. 10.4-1 should be adjusted, based on local historical
records and experience, to account for possibly higher ice
loads from both freezing rain and in-cloud icing (see
Section C10.1.1).

C10.4.4 Importance Factors. The importance factors for ice
and concurrent wind adjust the nominal ice thickness and
concurrent wind pressure for Risk Category | structures from
a 500-year mean recurrence interval to a 250-year mean
recurrence interval. For Risk Category Il and IV structures,
they are adjusted to 1,000-year and 1,400-year mean recurrence
intervals, respectively. The importance factor is multiplied times
the ice thickness rather than the ice load because the ice load from
Eqg. (10.4-1) depends on the diameter of the circumscribing
cylinder as well as the design ice thickness. The concurrent
wind speed used with the nominal ice thickness is based on both
the winds that occur during the freezing rainstorm and those that
occur between the time the freezing rain stops and the time the
temperature rises to above freezing. When the temperature rises
above freezing, it is assumed that the ice melts enough to fall
from the structure. In the colder northern regions, the ice
generally stays on structures for a longer period of time after
the end of a storm resulting in higher concurrent wind speeds.
The results of the extreme value analysis show that the
concurrent wind speed does not change signi cantly with
mean recurrence interval. The lateral wind-on-ice load does,
however, increase with mean recurrence interval because the
ice thickness increases. The importance factors differ from those
used for both the wind loads in Chapter 6 and the snow loads in
Chapter 7 because the extreme value distribution used for the
ice thickness is different from the distributions used to determine
the extreme wind speeds in Chapter 6 and snow loads in
Chapter 7. See also Table C10.4-1 and the discussion under
Section C10.4.6.

C10.4.6 Design Ice Thickness for Freezing Rain. The design
load on the structure is a product of the nominal design load and
the load factors speci ed in Chapter 2. The load factors for load
and resistance factor design (LRFD) for atmospheric icing are
1.0. Table C10.4-1 shows the multipliers on the 500-year mean
recurrence interval ice thickness and concurrent wind speed used
to adjust to other mean recurrence intervals.

The studies of ice accretion on which the maps are based
indicate that the concurrent wind speed on ice does not increase
with mean recurrence interval (see Section C10.4.4).

The 2002 Edition of ASCE 7 was the rst edition to include
atmospheric icing maps. Fifty-year mean recurrence interval
(MRI) maps were provided at that time in order to match the
approach used for the wind and snow load maps. An ice-
thickness multiplier equal to 2 was included (see Eg. (10.4-5)
in ASCE 7-02 to ASCE 7-10) to adjust the mapped values to a

Table C10.4-1 Mean Recurrence Interval Factors

Mean Recurrence Multiplier on Ice Multiplier on Wind

Interval Thickness Pressure

25 0.40 1.0

50 0.50 1.0
100 0.625 1.0
200 0.75 1.0
250 0.80 1.0
300 0.85 1.0
400 0.90 1.0
500 1.00 1.0
1,000 1.15 1.0
1,400 1.25 1.0

500-year MRI for design. Thus, the adjusted 500-year MRI value
would be appropriate for use with the LRFD load factor of 1.0
shown for ice loads in Chapter 2. A 500-year MRI load was
consistent at that time with those historically used for seismic and
wind loads. The 2016 edition of ASCE 7 includes atmospheric
icing maps based on a 500-year MRI load with no ice-thickness
multiplier in Eq. (10.4-5). The 2016 maps have been redrawn
directly from the original extreme value analysis. Design load
changes from the 2010 edition to the 2016 edition are caused
by the maps being redrawn, not caused by changing the map
MRI.

When the reliability of a system of structures or one inter-
connected structure of large extent is important, spatial effects
should also be considered. All of the cellular telephone antenna
structures that serve a state or a metropolitan area could be
considered to be a system of structures. Long overhead electric
transmission lines and communications lines are examples of
large, interconnected structures. Figs. 10.4-2 through 10.4-6 are
for ice loads appropriate for a single structure of small areal
extent. Large, interconnected structures and systems of structures
are hit by icing storms more frequently than a single structure.
The frequency of occurrence increases with the area encom-
passed or the linear extent. To obtain equal risks of exceeding the
design load in the same icing climate, the individual structures
forming the system or the large, interconnected structure should
be designed for a larger ice load than a single structure (CEATI
2003, 2005; Chouinard and Erfani 2006; Golikova 1982;
Golikova et al. 1982; Jones 2010).

C10.5 WIND ON ICE-COVERED STRUCTURES

Ice accretions on structures change the structure’s wind drag
coef cients. The ice accretions tend to round sharp edges,
reducing the drag coef cient for such members as angles and
bars. Natural ice accretions can be irregular in shape with an
uneven distribution of ice around the object on which the ice has
accreted. The shape varies from storm to storm and from place to
place within a storm. The actual projected area of a glaze ice
accretion may be larger than that obtained by assuming a uniform
ice thickness.

C10.5.5 Wind on Ice-Covered Guys and Cables. There are
practically no published experimental data giving the force
coef cients for ice-covered guys and cables. There have been
many studies of the force coef cient for cylinders without ice.
The force coef cient varies with the surface roughness and the
Reynolds number. At subcritical Reynolds numbers, both
smooth and rough cylinders have force coef cients of approx-
imately 1.2, as do square sections with rounded edges (Fig. 4.5.5
in Simiu and Scanlan 1996). For a wide variety of stranded
electrical transmission cables, the supercritical force coef cients
are approximately 1.0 with subcritical values as high as 1.3
(Fig. 5-2 in Shan 1997). The transition from subcritical to
supercritical depends on the surface characteristics and takes
place over a wide range of Reynolds numbers. For the stranded
cables described in Shan (1997), the range is from approximately
25,000 to 150,000. For a square section with rounded edges, the
transition takes place at a Reynolds number of approximately
800,000 (White 1999). The concurrent 3-s gust wind speed in
Figs. 10.4-2 through 10.4-5 for the contiguous 48 states
varies from 30 to 60 mi h (13.4 to 26.8 m s), with speeds in
Fig. 10.4-6 for Alaska up to 80 mi h (35.8 m s). Table C10.5-1
shows the Reynolds numbers (using U.S. standard atmosphere)
for a range of iced guys and cables. In practice, the Reynolds
numbers range from subcritical through critical to supercritical
depending on the roughness of the ice accretion. Considering that
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(geometric mean) response spectral acceleration in the horizontal
plane. These differences are explained in detail in the
Commentary of the 2009 NEHRP Recommended Provisions.
Except for determining the MCEg PGA values in Chapters 11
and 21, the mapped values are given as MCEg spectral values.

C11.4.1 Near-Fault Sites. In addition to very large accelera-
tions, ground motions on sites located close to the zone of fault
rupture of large-magnitude earthquakes can exhibit impulsive
characteristics as well as unique directionality not typically
recorded at sites located more distant from the zone of rupture.
In past earthquakes, these characteristics have been observed to be
particularly destructive. Accordingly, this standard establishes more
restrictive design criteria for structures located on sites where such
ground motions may occur. The standard also requires direct
consideration of these unique characteristics in selection and
scaling of ground motions used in nonlinear response history
analysis and for the design of structures using seismic isolation
or energy-dissipation devices when located on such sites.

The distance from the zone of fault rupture at which these
effects can be experienced is dependent on a number of factors,
including the rupture type, depth of fault, magnitude, and direc-
tion of fault rupture. Therefore, a precise de nition of what
constitutes a near-fault site is dif cult to establish on a general
basis. This standard uses two categorizations of near-fault con-
ditions, both based on the distance of a site from a known active
fault, capable of producing earthquakes of a de ned magnitude
or greater, and having average annual slip rates of nonnegligible
amounts. These de nitions were rst introduced in the 1997
UBC (ICBO 1997). Fig. C11.4-1 illustrates the means of deter-
mining the distance of a site from a fault, where the fault plane
dips at an angle relative to the ground surface.

C11.4.2 Mapped Acceleration Parameters. Mapped response
spectral accelerations (5% damping) are provided on U.S.
Geological Survey (USGS) maps for short periods, Sg, and at
1s, Sy, for sites at the boundary of Site Classes B and C, which is
Vs =760 m/s (2,500 ft/s). The USGS maps have been applicable
to this site condition since 1996 (Frankel et al. 1996), but now are
more clearly marked as being applicable to the reference value of
Vs. USGS ground motion maps are available at https://doi.org/
10.5066/F7NK3C76.

C11.4.3 Site Class. The new site coef cients, F, and F,,
necessitated a revision to the default site class when the site is

Project

Site
Project

Site

Fault
Distance=0

Fault Distance Fault Distance

10 km

|

— Fault plane

FIGURE C11.4-1 Fault Distance for Various Project Site Locations

known to be soil not classi ed as Site ClassE or F. The F, and F,
values for Site Class D in ASCE 7-10 were always equal to or
greater than F, and F, values for Site Class C. Thus, specifying
Site Class D as the default site class ensured that the response
spectral accelerations would not be underestimated. However,
the F, values for Site Class C are greater than those for Site Class
D for Sg 1.0. Thus, a minor modi cation was required,
consisting of adding the sentence “Where Site Class D is
selected as the default site class per Section 11.4.3, the value
of Fa shall not be less than1.2.” in the last paragraph of Section
11.4.4 to ensure that the larger of the site coef cients for Site
Classes C and D would be selected when the soil properties are
not suf ciently known to determine the site class, and the
authority having jurisdiction or geotechnical data have
determined that Site Class E or F soils are not present.

Because the site coef cients, F, and F,, are less than unity
(1.0) for Site Class B, a new paragraph was added to this section
that requires the measurement of shear-wave velocity to demon-
strate that the site is Site Class B according to the de nition in
Section 20.3. Furthermore, when S; 1.0, the values of F, for
Site Class C are now greater than those for Site Class D.

C11.4.4 Site Coef cients and Risk-Targeted Maximum
Considered  Earthquake (MCEg) Spectral Response
Acceleration Parameters. Acceleration response parameters
obtained from the maps ( gures) cited in Section 11.4.2 are
applicable for sites that have v, = 760 m/s (Vs =2,500 ft/s).
For other site conditions, the Sg and S; values are computed as
indicated in Section 11.4.4. This section has been revised from
ASCE 7-10 to adjust the site factors to a reference site condition of
Vs = 760 m/s (Vs =2,500 ft/s) (instead of Site Class B) and to
re ect more recent knowledge and data pertaining to site response.

The site coef cients, F, and F,, presented, respectively, in
Tables 11.4-1 and 11.4-2 for the various site classes are based on
analysis of strong-motion data and on numerical simulations of
nonlinear site response. The development of the factors that were
in place from the 1994 NEHRP Provisions through ASCE 7-10 is
described in Dobry et al. (2000) and the references therein.
Motivation for the revisions to these site factors includes the
following (Seyhan and Stewart 2012): (1) updating the reference
site condition used for the factors to match the condition on the
national maps, which is vg = 760 m/s (vs=2,500 ft/s); and
(2) incorporating into the factors the substantial knowledge gains
(stemming in large part from an enormous increase in available
data) on site response over the past two decades.

The work undertaken to develop the revised factors is de-
scribed in two PEER reports (Boore et al. 2013, Stewart and
Seyhan 2013). They develop a semiempirical site ampli cation
model for shallow crustal regions with two components: (1) a
component to account for the change in ground motion with Vg
for weak shaking conditions (referred to as the V,-scaling com-
ponent); and (2) a component accounting for the effect of
nonlinearity. The Vg-scaling component was derived from strong
ground motion data compiled and analyzed as part of the NGA-
West 2 project (http://peer.berkeley.edu/ngawest2/). Whereas
Stewart and Seyhan (2013) describe some regional variations
in v-scaling, such variations were not judged to be suf ciently
robust for inclusion in the model, and therefore the model’s
Vs-scaling re ects the average of the full international data set.
The nonlinear component of the model is designed to jointly
capture nonlinear effects revealed by strong-motion data analysis
and the results of numerical simulations by Kamai et al. (2013).

The complete model (incorporating both vg-scaling and non-
linearity) is used to derive the recommended values of F, and F,
for Site Classes B-D. The reference velocity used in the
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computations was 760 m/s (2,500 ft/s). The values of Vv, used to
compute the tabulated factors for Classes B, C, and D were
913 m/s (2,995 ft/s), 489 m/s (1,604 ft/s), and 266 m/s
(873 ft/s), respectively. These are average values of Vg for sites
in the respective classes based on the NGA-West 2 data set.
For Site Class E, median estimates of site ampli cation were
computed using the complete model (applied at 155 m/s
(509 ft/s)) as with the other classes. However, the recommended
factors for Site Class E are increased above the median by half of
the within-event standard deviation derived from the data, which
increases site factors by approximately a factor of 1.3 to 1.4. This
increase introduces a conservative bias to the Class E factors that
is considered desirable because of the relatively modest amount
of data for this site condition. A conservative bias was applied in
the original site factors for Class E as well.

Fig. C11.4-2 shows the recommended site factors as a function
of v, for the levels of excitation (speci ed as values of Sg and S;)
given in Tables 11.4-1 and 11.4-2. The revised site factors for Site
Class B (rock) are smaller than earlier values because of the change
in reference velocity from 1,050 to 760 m/s (3,445 to 2,500 ft/s).
The revised values for soil sites are generally similar to the prior
values. However, for stronger shaking levels and Site Class C and
D soils, the revised site factors are the same as or greater than the
earlier values because of reduced levels of nonlinearity, especially
at long periods (i.e., in the F, parameter). For Class E, the relative
levels of revised and prior site factors are strongly in uenced by
the amount of conservative bias adopted in their selection.
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Note: In the top frame of this gure, the values of F , for V g3 =155 m/s
(Site Class E) are 1.1, 1.0, and 0.8 for Sg=1.0, 1.25, and >1.5,
respectively. These values were originally approved by the Provisions
Update Committee but were later replaced by the note, “See Sec. 11.4.8,”
which was necessitated by the results of more recent research. See
Section C11.4.8 for details.

FIGURE C11.4-2 Site Factors F, and F,, as Function of Vg (Shown
as Vg in Figure) for Various Amplitudes of Reference Rock
Shaking.

Source: Stewart and Seyhan 2013.
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Whereas the overall levels of Class E site ampli cation remain
about the same, the degree of nonlinearity has been reduced
somewhat for F, and increased somewhat for F,.

The revised factors are applicable for average site conditions in
tectonically active regions (e.g., the West Coast of the United
States). Because of different average site conditions in stable
continental regions (such as the central and eastern United
States), differences in average site response relative to the factors
in Tables 11.4-1 and 11.4-2 should be anticipated for such
regions. This difference can be addressed through site-speci ¢
analysis performed in accordance with Section 11.4.8.

For Site Classes B-D, site coef cients F, and F, may be
computed from the following equations in lieu of using the site
factors in Tables 11.4-1 and 11.4-2:

Y
F,=exp 0.727 In 7(5538
expf 0.00638 min Vg 760 360
0.2298 p $30 g
expf 0.00638 x 400g
$/23 0.1
In = —~__~= Cl11.4-1
n 0.1 ( )
Vv
F,=exp 1.031In 7;38
01 expf 0.00756 min Vo; 760 360 g
" expf 0.00756 x 400g
$,/0.7 0.1
In == == C11.4-2
n 01 ( )

In Egs. (C11.4-1) and (C11.4-2), Vs (shown as Vg3 in the
equations) is in units of m/s and S; and S; are in units of g. The
equations are considered useful for v,=150 to 1,000 m/s
(Vs =4921t0 3,281 ft/s),S;=0 1.8 g,andS;=0 0.6 g(grav-
ity). To obtain the F, and F, for v, < 180 m/s (V; < 590 ft/s),
the 1/2 standard-deviation correction for Site Class E de-
scribed earlier in this section would need to be applied to the
natural logarithm of F, and F, resulting from both equations. The
standard deviations are 0.67 for F, and 0.58 for F,.. One half of
these standard deviations are to be added to the natural loga-
rithms of F, and F; the antilogs of the resulting values yield F,
and F, for Site Class E. Equations applicable for speci c periods,
and that allow use of vg > 1,000 m/s (Vs > 3,281 ft/s), are given
in Boore et al. (2013).

C11.4.5 Design Spectral Acceleration Parameters. As
described in Section C11.4, structural design in ASCE 7 is
performed for earthquake demands that are 2/3 of the MCEg
response spectra. As set forth in Section 11.4.5, two additional
parameters, Sps and Sp;, are used to de ne the acceleration
response spectrum for this design level event. These parameters
are 2/3 of the respective Sy;s and Sy,; values and de ne a design
response spectrum for sites of any characteristics and for natural
periods of vibration less than the transition period, T . Values of
Sms, Sm1, Sps, and Sp; can also be obtained from the USGS
website cited previously.

C11.4.6 Design Response Spectrum. The design response
spectrum (Fig. 11.4-1) consists of several segments. The
constant-acceleration segment covers the period band from T,
to T; response accelerations in this band are constant and equal
to Sps. The constant-velocity segment covers the period band
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from T to T\, and the response accelerations in this band are
proportional to 1/T with the response acceleration at a 1-s period
equal to Sp;. The long-period portion of the design response
spectrum is de ned on the basis of the parameter, T, the period
that marks the transition from the constant-velocity segment to
the constant-displacement segment of the design response
spectrum. Response accelerations in the constant-displacement
segment, where T T, are proportional to 1/T2. Values of T,
are provided on maps in Figs. 22-14 through 22-17.

The T, maps were prepared following a two-step procedure.
First, a correlation between earthquake magnitude and T, was
established. Then, the modal magnitude from deaggregation of
the ground-motion seismic hazard at a 2-s period (a 1-s period for
Hawaii) was mapped. Details of the procedure and the rationale
for it are found in Crouse et al. (2006).

C11.4.8 Site-Speci ¢ Ground Motion Procedures. Site-
speci ¢ ground motions are permitted for design of any
structure and are required for design of certain structures and
certain site soil conditions. The objective of a site-speci ¢ ground
motion analysis is to determine ground motions for local seismic
and site conditions with higher con dence than is possible using
the general procedure of Section 11.4.

As noted earlier, the site-speci ¢ procedures of Chapter 21 are
the same as those used by the U.S. Geological Survey to develop
the mapped values of MCEg ground motions shown in Figs. 22-1
through 22-8 of Chapter 22. Unless signi cant differences in local
seismic and site conditions are determined by a site-speci ¢
analysis of earthquake hazard, site-speci ¢ ground motions would
not be expected to differ signi cantly from those of the mapped
values of MCEg ground motions prepared by the USGS.

Site-speci ¢ ground motions are required for design of structures
at softer soil sites and stronger ground motion intensities for which
the two domains of constant acceleration and constant velocity
(e.g., of the design response spectrum) do not adequately charac-
terize site response and MCEg response spectral acceleration
cannot be reliably calculated using procedures and formulas of
Section 11.4. Softer soil sites requiring site-speci ¢ ground motions
were identi ed by a study that investigated and developed solutions
to potential shortcomings in equivalent lateral force (ELF) (and
modal response spectrum analysis, MRSA) design procedures
(Kircher & Associates 2015). The impetus for the ELF study came
from a BSSC Provisions Update Committee effort (late in the 2015
cycle) to de ne seismic design forces at additional response periods
beyond 1.0 s; a rst step toward ultimately basing seismic design
forces on multiperiod MCEg response spectra.

Multiperiod MCEg response spectra would eliminate potential
shortcomings associated with the use of seismic forces based on
only two response periods by directly providing reliable values of
seismic demand at all design periods of interest. Unfortunately,
multiperiod hazard and associated design methods are not yet
mature enough for incorporation in seismic codes, and the site-
speci ¢ requirements of Section 11.4.8 for softer sites and
stronger ground motions provide a short-term solution to a
problem that will ultimately be resolved by adoption of design
methods based on multiperiod response spectra.

The value of parameter Sy is based on response at a period of
0.2 s, and the value of the parameter Sy, is based on response at a
period of 1 s. The domain of constant acceleration de ned by the
parameter (Sys) and the domain of constant velocity (Sy1/T) are
crude approximations to the actual shape of response spectral
accelerations of MCEg ground motions, such as those calculated
using the site-speci ¢ procedures of Chapter 21 for a number
of different periods of response (so-called multiperiod MCEg
response spectra).

Although approximate, the two domains of constant accelera-
tion and velocity provide reasonably accurate and conservative
representation of the frequency content of design ground motions
when peak response spectral acceleration occurs at or near
T=0.2s, the period used to de ne Sys, and peak response
spectral velocity (i.e., peak response spectral acceleration divided
by response period) occurs at or near T = 1.0 s, the period used to
de ne Sy;. Such is the case for response at stiffer sites governed
by smaller magnitude earthquakes, but generally it is inaccurate
and potentially unconservative at softer sites (e.g., Site Classes D
and E), in particular sites for which seismic hazard is dominated
by large-magnitude earthquakes. In the latter case, values of Syg
and Sy, would be more accurately calculated if based on
response at periods that better represent peak response spectral
acceleration and peak response spectral velocity, and hence the
frequency content, of MCEg ground motions of the site of
interest.

The site-speci ¢ requirements of Section 21.4 of ASCE 7-10
recognized that periods of peak response are not always at 0.2 s
and 1.0 s and require that Sp; be taken as equal to 2 times the
response spectral acceleration at 2 s with greater than 1-s response
spectral acceleration, and that Spg be taken as equal to 0.2-s
response spectral acceleration, but not less than 90% of response at
any period to better represent the frequency content of site-speci ¢
ground motions. For softer sites governed by large-magnitude
events, the peak value of response spectral velocity can occur at a
period beyond 2 s, and ASCE 7-16 extends the Sp, criteria of
Section 21.4 to a period range of 1 s to 5 s for Site Class D and E
sites (i.e.,, V3o 1,200 ft/s [V  365.76 m/s)).

Potential shortcomings in ELF seismic design forces are
illustrated in Figs. C11.4-3, C11.4-4, and C11.4-5, each of which
shows plots of a multiperiod MCEg response spectrum for Site
Class BC, multiperiod MCEg, design response spectra for the site
class of interest (Site Class C, D, or E), and the two-domain ELF
design spectrum, de ned by the product C; x R/I, . In these

gures, the MCEg ground motions represent a magnitude 7.0
earthquake at R, = 6.75 km (R, = 4.19 mi), which has values of
the parameters Sg=1.5¢g and S;=0.6 g for Site Class BC
conditions [V¢Vg30 =2,500 ft/s (Vsvs30 =762 m/s)]. The ELF
design spectrum is based on these values of Sg and S; and
values of the site coef cients F, and F, for the site class of

2.6

——MCETr Multi-Period Response Spectrum - Site Class BC
241 ——MCEr Multi-Period Response Spectrum - Site Class C
2.2 Design Multi-Period Response Spectrum - Site Class C

—ELF Design Spectrum (Cs x R/le) - Current ASCE 7-16 Criteria

2.0 1

1.8
1.6

1.2

1.0
0.8 A
0.6 1

Response Spectral Accelertation (g)

0.4 1
0.2 1

0.0 1
0.1 1.0 10.0

Period (seconds)

FIGURE C11.4-3 Comparison of ELF and Multiperiod Design
Spectra—Site Class C Ground Motions (V gVgs30 = 1,600 ft/s)
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MRSA is not permitted for design unless the design spectrum is
calculated using the site-speci ¢ procedures of Section 21.2.

C11.5 IMPORTANCE FACTOR AND RISK CATEGORY

Large earthquakes are rare events that include severe ground
motions. Such events are expected to result in damage to
structures even if they were designed and built in accordance
with the minimum requirements of the standard. The conse-
quence of structural damage or failure is not the same for the
various types of structures located within a given community.
Serious damage to certain classes of structures, such as critical
facilities (e.g., hospitals), disproportionately affects a communi-
ty. The fundamental purpose of this section and of subsequent
requirements that depend on this section is to improve the ability
of a community to recover from a damaging earthquake by
tailoring the seismic protection requirements to the relative
importance of a structure. That purpose is achieved by requiring
improved performance for structures that

1. Are necessary to response and recovery efforts immediate-
ly after an earthquake,

2. Present the potential for catastrophic loss in the event of an
earthquake, or

3. House a large number of occupants or occupants less able
to care for themselves than the average.

The rst basis for seismic design in the standard is that
structures should have a suitably low likelihood of collapse in
the rare events de ned as the maximum considered earthquake
(MCE) ground motion. A second basis is that life-threatening
damage, primarily from failure of nonstructural components in and
on structures, is unlikely in a design earthquake ground motion
(de ned as two-thirds of the MCE). Given the occurrence of
ground motion equivalent to the MCE, a population of structures
built to meet these design objectives probably still experiences
substantial damage in many structures, rendering these structures
un t for occupancy or use. Experience in past earthquakes around
the world has demonstrated that there is an immediate need to treat
injured people, to extinguish res and prevent con agration, to
rescue people from severely damaged or collapsed structures, and
to provide shelter and sustenance to a population deprived of its
normal means. These needs are best met when structures essential
to response and recovery activities remain functional.

This standard addresses these objectives by requiring that each
structure be assigned to one of the four Risk Categories presented
in Chapter 1 and by assigning an Importance Factor, I, to the
structure based on that Risk Category. (The two lowest categories, |
and 11, are combined for all purposes within the seismic provisions.)
The Risk Category is then used as one of two components in
determining the Seismic Design Category (see Section C11.6) and
is a primary factor in setting drift limits for building structures
under the design earthquake ground motion (see Section C12.12).

Fig. C11.5-1 shows the combined intent of these requirements
for design. The vertical scale is the likelihood of the ground
motion; the MCE is the rarest considered. The horizontal scale is
the level of performance intended for the structure and attached
nonstructural components, which range from collapse to opera-
tional. The basic objective of collapse prevention at the MCE for
ordinary structures (Risk Category I1) is shown at the lower right
by the solid triangle; protection from life-threatening damage at the
design earthquake ground motion (de ned by the standard as two-
thirds of the MCE) is shown by the hatched triangle. The perfor-
mance implied for higher Risk Categories Il and IV is shown by
squares and circles, respectively. The performance anticipated for
less severe ground motion is shown by open symbols.

PERFORMANCE LEVEL

Collapse

GROUND . Immediate
Operational .
Prevention

Life Safety
MOTION Occupancy

Frequent

Design

MCE

FIGURE C11.5-1 Expected Performance as Related to Risk
Category and Level of Ground Motion

C11.5.1 Importance Factor. The Importance Factor, I, is used
throughout the standard in quantitative criteria for strength. In most
of those quantitative criteria, the Importance Factor is shown as a
divisor on the factor R or R, to reduce damage for important
structures in addition to preventing collapse in larger ground
motions. The R and R, factors adjust the computed linear elastic
response to a value appropriate for design; in many structures, the
largest component of that adjustment is ductility (the ability of the
structure to undergo repeated cycles of inelastic strain in opposing
directions). For a given strength demand, reducing the effective R
factor (by means of the Importance Factor) increases the required
yield strength, thus reducing ductility demand and related damage.

C11.5.2 Protected Access for Risk Category V. Those
structures considered essential facilities for response and
recovery efforts must be accessible to carry out their purpose.
For example, if the collapse of a simple canopy at a hospital could
block ambulances from the emergency room admittance area, then
the canopy must meet the same structural standard as the hospital.
The protected access requirement must be considered in the siting
of essential facilities in densely built urban areas.

Cl11.6 SEISMIC DESIGN CATEGORY

Seismic Design Categories (SDCs) provide a means to step
progressively from simple, easily performed design and con-
struction procedures and minimums to more sophisticated, de-
tailed, and costly requirements as both the level of seismic hazard
and the consequence of failure escalate. The SDCs are used to
trigger requirements that are not scalable; such requirements are
either on or off. For example, the basic amplitude of ground
motion for design is scalable—the quantity simply increases in a
continuous fashion as one moves from a low hazard area to a high
hazard area. However, a requirement to avoid weak stories is not
particularly scalable. Requirements such as this create step
functions. There are many such requirements in the standard,
and the SDCs are used systematically to group these step
functions. (Further examples include whether seismic anchorage
of nonstructural components is required or not, whether particu-
lar inspections will be required or not, and structural height limits
applied to various seismic force-resisting systems.)

In this regard, SDCs perform one of the functions of the
seismic zones used in earlier U.S. building. However, SDCs also
depend on a building’s occupancy and, therefore, its desired
performance. Furthermore, unlike the traditional implementation
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2. A jurisdiction with low variation in ground motion across
the area might stipulate particular values of ground motion
rather than requiring the use of maps.

3. An area with unusual soils might require use of a particular
site class unless a geotechnical investigation proves a better
site class.

C11.7 DESIGN REQUIREMENTS FOR SEISMIC
DESIGN CATEGORY A

The 2002 edition of the standard included a new provision of
minimum lateral force for Seismic Design Category A structures.
The minimum load is a structural integrity issue related to the
load path. It is intended to specify design forces in excess of wind
loads in heavy low-rise construction. The design calculation in
Section 1.4.2 of the standard is simple and easily done to
ascertain if the seismic load or the wind load governs. This
provision requires a minimum lateral force of 1% of the total
gravity load assigned to a story to ensure general structural
integrity.

Seismic Design Category A is assigned when the MCE ground
motions are below those normally associated with hazardous
damage. Damaging earthquakes are not unknown or impossible
in such regions, however, and ground motions close to such
events may be large enough to produce serious damage. Provid-
ing a minimum level of resistance reduces both the radius over
which the ground motion exceeds structural capacities and
resulting damage in such rare events. There are reasons beyond
seismic risk for minimum levels of structural integrity.

The requirements for SDC A in Section 1.4 are all minimum
strengths for structural elements stated as forces at the level
appropriate for direct use in the strength design load combina-
tions of Section. 2.3. The two fundamental requirements are a
minimum strength for a structural system to resist lateral forces
(Section 1.4.2) and a minimum strength for connections of
structural members (Section 1.4.3).

For many buildings, the wind force controls the strength of the
lateral-force-resisting system, but for low-rise buildings of heavy
construction with large plan aspect ratios, the minimum lateral
force speci ed in Section 1.4.2 may control. Note that the
requirement is for strength and not for toughness, energy-dissi-
pation capacity, or some measure of ductility. The force level is
not tied to any postulated seismic ground motion. The boundary
between SDCs A and B is based on a spectral response accelera-
tion of 25% of gravity (MCE level) for short-period structures;
clearly the 1% acceleration level (from Eq. (1.4-1)) is far smaller.
For ground motions below the A/B boundary, the spectral
displacements generally are on the order of a few inches or less
depending on period. Experience has shown that even a minimal
strength is bene cial in providing resistance to small ground
motions, and it is an easy provision to implement in design. The
low probability of motions greater than the MCE is a factor in
taking the simple approach without requiring details that would
produce a ductile response. Another factor is that larger design
forces are speci ed in Section 1.4.3 for connections between
main elements of the lateral force load path.

The minimum connection force is speci ed in three ways: a
general minimum horizontal capacity for all connections; a
special minimum for horizontal restraint of in-line beams and
trusses, which also includes the live load on the member; and a
special minimum for horizontal restraint of concrete and masonry
walls perpendicular to their plane (Section 1.4.4). The 5%
coef cient used for the rst two is a simple and convenient
value that provides some margin over the minimum strength of
the system as a whole.

C11.8 GEOLOGIC HAZARDS AND GEOTECHNICAL
INVESTIGATION

In addition to this commentary, Part 3 of the 2009 NEHRP
recommended provisions (FEMA 2009) includes additional and
more detailed discussion and guidance on evaluation of geologic
hazards and determination of seismic lateral pressures.

C11.8.1 Site Limitation for Seismic Design Categories E
and F. Because of the dif culty of designing a structure for
the direct shearing displacement of fault rupture and the
relatively high seismic activity of SDCs E and F, locating a
structure on an active fault that has the potential to cause rupture
of the ground surface at the structure is prohibited.

C11.8.2 Geotechnical Investigation Report Requirements
for Seismic Design Categories C through F. Earthquake
motion is only one factor in assessing potential for geologic
and seismic hazards. All of the listed hazards can lead to surface
ground displacements with potential adverse consequences to
structures. Finally, hazard identi cation alone has little value
unless mitigation options are also identi ed.

C11.8.3 Additional  Geotechnical Investigation  Report
Requirements for Seismic Design Categories D through F.
New provisions for computing peak ground acceleration for soil
liquefaction and stability evaluations have been introduced in this
section. Of particular note in this section is the explicitly stated
requirement that liquefaction must now be evaluated for the MCEg
ground motion. These provisions include maps of the maximum
considered earthquake geometric mean (MCEg) peak ground
acceleration (PGA) for Site Class B bedrock plus a site-
coef cient (Fpga) table to convert the PGA value to one
adjusted for site class effects (PGAy).

A requirement, similar to the one in Section 11.4.4, has been
added to the provisions to take the larger of the Fpga for Site
Classes C and D to conservatively account for the ampli cation
when the site is known to consist of soil that is not in Site
Class E or F.

The equation used to derive the Fpga Values is similar to Egs.
(C11.4-1) and (C11.4-2) for F, and F; it is as follows:

- Y
FPGA_ exp 0.604 In 760
01 expf 0.00701 min v5; 760 360 g
' expf 0.00701 x 400g
n PeA 01 (C11.8-1)

0.1

In Eq. (C11.8-1), V; is in units of m/s and PGA is in units of g.
Velocities measured in ft/s can be converted to m/s by multiply-
ing by 0.3048. To obtain the Fpga for Vs <180 m/s
(Vg <590 ft/s), the 1/2 standard-deviation correction described
for Site Class E in Section C11.4.4 would need to be applied to the
natural logarithm of Fpga. The standard deviation is 0.70.

PGA Provisions. Item 2 of Section 11.8.3 states that peak
ground acceleration shall be determined based on either a site-
speci ¢ study, taking into account soil ampli cation effects, or
using Eq. (11.8-1), for which MCEg peak ground acceleration is
obtained from national maps of PGA for bedrock Site Class B
multiplied by a site coef cient (Fpga) to obtain peak ground
acceleration for other site classes (PGAy,). This methodology for
determining peak ground acceleration for liquefaction evalua-
tions improved the methodology in ASCE 7-05 by using mapped
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do not possess as much toughness, lower values of R are
speci ed.

The values for R, ,, and Cy at the composite systems in
Table 12.2-1 are similar to those for comparable systems of
structural steel and reinforced concrete. Use of the tabulated
values is allowed only when the design and detailing require-
ments in Section 14.3 are followed.

In a dual system, a three-dimensional space frame made up of
columns and beams provides primary support for gravity loads.
Primary lateral resistance is supplied by shear walls or braced
frames, and secondary lateral resistance is provided by a moment
frame complying with the requirements of Chapter 14.

Where a beam—column frame or slab—column frame lacks
special detailing, it cannot act as an effective backup to a shear
wall subsystem, so there are no dual systems with ordinary
moment frames. Instead, Table 12.2-1 permits the use of a shear
wall-frame interactive system with ordinary reinforced concrete
moment frames and ordinary reinforced concrete shear walls.
Use of this de ned system, which requires compliance with
Section 12.2.5.8, offers a signi cant advantage over a simple
combination of the two constituent ordinary reinforced concrete
systems. Where those systems are simply combined,
Section 12.2.3.3 would require use of seismic design parameters
for an ordinary reinforced concrete moment frame.

In a cantilevered column system, stability of mass at the top is
provided by one or more columns with base xity acting as a
single-degree-of-freedom system.

Cantilever column systems are essentially a special class of
moment-resisting frame, except that they do not possess the
redundancy and overstrength that most moment-resisting frames
derive from sequential formation of yield or plastic hinges.
Where a typical moment-resisting frame must form multiple
plastic hinges in members to develop a yield mechanism, a
cantilever column system develops hinges only at the base of
the columns to form a mechanism. As a result, their overstrength
is limited to that provided by material overstrength and by design
conservatism.

It is permitted to construct cantilever column structures using
any of the systems that can be used to develop moment frames,
including ordinary and special steel; ordinary, intermediate, and
special concrete; and timber frames. The system limitations for
cantilever column systems re ect the type of moment frame
detailing provided but with a limit on structural height, h,, of
35 ft (10.7 m).

The value of R for cantilever column systems is derived from
moment-resisting frame values where R is divided by  but is
not taken as less than 1 or greater than 2 1/2. This range accounts
for the lack of sequential yielding in such systems. Cy is taken as
equal to R, recognizing that damping is quite low in these
systems and inelastic displacement of these systems is not less
than the elastic displacement.

C12.2.1.1 Alternative Structural Systems. Historically, this
standard has permitted the use of alternative seismic force-
resisting systems subject to satisfactory demonstration that the
proposed systems’ lateral force resistance and energy dissipation
capacity is equivalent to structural systems listed in Table 12.2-1,
for equivalent values of the response modi cation coef cient, R,
overstrength factor, , and de ection ampli cation coef cient,
C4. These design factors were established based on limited
analytical and laboratory data and the engineering judgment
of the developers of the standard.

Under funding from the Federal Emergency Management
Agency, the Applied Technology Council developed a rational
methodology for validation of design criteria for seismic

force-resisting systems under its ATC-63 project. Published as
FEMA P-695 (2009b), this methodology recognizes that the
fundamental goal of seismic design rules contained in the
standard is to limit collapse probability to acceptable levels. The
FEMA P-695 methodology uses nonlinear response history
analysis to predict an adjusted collapse margin ratio (ACMR)
for a suite of archetypical structures designed in accordance with
a proposed set of system-speci ¢ design criteria and subjected to
a standard series of ground motion accelerograms. The suite of
archetypical structures is intended to represent the typical types
and sizes of structures that are likely to incorporate the system.
The ACMR relates to the conditional probability of collapse
given MCEg, shaking and considers uncertainties associated with
the record-to-record variability of ground motions, the quality of
the design procedure, the comprehensiveness and quality of the
laboratory data upon which the analytical modeling is based; and
uncertainties associated with the analytical modeling. Subse-
guent studies have been used to benchmark this methodology
against selected systems contained in Table 12.2-1 and have
demonstrated that the methodology provides rational results
consistent with past engineering judgment for many systems.
The FEMA P-695 methodology is therefore deemed to constitute
the preferred procedure for demonstrating adequate collapse
resistance for new structural systems not currently contained in
Table 12.2-1.

Under the FEMA P-695 methodology, the archetypes used to
evaluate seismic force-resisting systems are designed using the
criteria for Risk Category Il structures and are evaluated to
demonstrate that the conditional probability of collapse of such
structures conforms to the 10% probability of collapse goal stated
in this section and also described in Section C1.3.1 of the
commentary to this standard. It is assumed that application of
the seismic importance factors and more restrictive drift limits
associated with the design requirements for structures assigned to
Risk Categories Il and 1V will provide such structures with the
improved resistance to collapse described in Section C1.3.1 for
those Risk Categories.

In addition to providing a basis for establishment of design
criteria for structural systems that can be used for design of a
wide range of structures, the FEMA P-695 methodology also
contains a building-speci ¢ methodology intended for applica-
tion to individual structures. The rigor associated with applica-
tion of the FEMA P-695 methodology may not be appropriate to
the design of individual structures that conform with limited and
clearly de ned exceptions to the criteria contained in the standard
for ade ned structural system. Nothing contained in this section
is intended to require the use of FEMA P-695 or similar
methodologies for such cases.

C12.2.1.2 Elements of Seismic Force-Resisting Systems. This
standard and its referenced standards specify design and detailing
criteria for members and their connections (elements) of seismic
force-resisting systems de ned in Table 12.2-1. Substitute elements
replace portions of the de ned seismic force-resisting systems.
Examples include proprietary products made up of special steel
moment-resisting connections or proprietary shear walls for
use in light-frame construction. Requirements for quali cation
of substitute elements of seismic force-resisting systems are
intended to ensure equivalent seismic performance of the element
and the system as a whole. The evaluation of suitability for
substitution is based on comparison of key performance
parameters of the code-de ned (conforming) element and the
substitute element.

FEMA P-795, Quanti cation of Building Seismic Performance
Factors: Component Equivalency Methodology (2011) is an
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acceptable methodology to demonstrate equivalence of substitute
elements and their connections and provides methods for com-
ponent testing, calculation of parameter statistics from test
data, and acceptance criteria for evaluating equivalency. Key
performance parameters include strength ratio, stiffness ratio,
deformation capacity, and cyclic strength and stiffness
characteristics.

Section 12.2.1.2, item f, requires independent design review as
a condition of approval of the use of substitute elements. It is not
the intent that design review be provided for every project that
incorporates a substitute component, but rather that such review
would be performed one time, as part of the general quali cation
of such substitute components. When used on individual pro-
jects, evidence of such review could include an evaluation
service report or review letter indicating the conditions under
which use of the substitute component is acceptable.

C12.2.2 Combinations of Framing Systems in Different
Directions. Different seismic force-resisting systems can be
used along each of the two orthogonal axes of the structure,
as long as the respective values of R, , and C4 are used.
Depending on the combination selected, it is possible that one of
the two systems may limit the extent of the overall system with
regard to structural system limitations or structural height, h,,; the
more restrictive of these would govern.

C12.2.3 Combinations of Framing Systems in the Same
Direction. The intent of the provision requiring use of the
most stringent seismic design parameters (R, o, and Cy) is to
prevent mixed seismic force-resisting systems that could
concentrate inelastic behavior in the lower stories.

C1223.1 R, C,, and , Values for Vertical Combinations.
This section expands upon Section 12.2.3 by specifying the
requirements speci ¢ to the cases where (a) the value of R for
the lower seismic force-resisting system is lower than that for the
upper system, and (b) the value of R for the upper seismic force-
resisting system is lower than that for the lower system.

The two cases are intended to account for all possibilities of
vertical combinations of seismic force-resisting systems in the
same direction. For a structure with a vertical combination of
three or more seismic force-resisting systems in the same direc-
tion, Section 12.2.3.1 must be applied to the adjoining pairs of
systems until the vertical combinations meet the requirements
therein.

There are also exceptions to these requirements for conditions
that do not affect the dynamic characteristics of the structure or
that do not result in concentration of inelastic demand in critical
areas.

C12.2.3.2 Two-Stage Analysis Procedure. A two-stage
equivalent lateral force procedure is permitted where the
lower portion of the structure has a minimum of 10 times the
stiffness of the upper portion of the structure. In addition, the
period of the entire structure is not permitted to be greater than
1.1 times the period of the upper portion considered as a separate
structure supported at the transition from the upper to the lower
portion. An example would be a concrete podium under a wood-
or steel-framed upper portion of a structure. The upper portion
may be analyzed for seismic forces and drifts using the values of
R, o, and Cy for the upper portion as a separate structure. The
seismic forces (e.g., shear and overturning) at the base of the
upper portion are applied to the top of the lower portion and
scaled up by the ratio of R 0 0 R g The lower
portion, which now includes the seismic forces from the upper
portion, may then be analyzed using the values of R, ¢, and Cy4
for the lower portion of the structure.
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Cl12233 R, C, and o Values for Horizontal
Combinations. For almost all conditions, the least value of R
of different seismic force-resisting systems in the same direction
must be used in design. This requirement re ects the expectation
that the entire system will undergo the same deformation with
its behavior controlled by the least ductile system. However,
for light-frame construction or exible diaphragms meeting the
listed conditions, the value of R for each independent line of
resistance can be used. This exceptional condition is consistent
with light-frame construction that uses the ground for parking
with residential use above.

C12.2.4 Combination Framing Detailing Requirements. This
requirement is provided so that the seismic force-resisting system
with the highest value of R has the necessary ductile detailing
throughout. The intent is that details common to both systems be
designed to remain functional throughout the response to
earthquake load effects to preserve the integrity of the seismic
force-resisting system.

C12.2.5 System-Speci ¢ Requirements

C12.2.5.1 Dual System. The moment frame of a dual system
must be capable of resisting at least 25% of the design seismic
forces; this percentage is based on judgment. The purpose of the
25% frame is to provide a secondary seismic force-resisting
system with higher degrees of redundancy and ductility to
improve the ability of the building to support the service loads
(or at least the effect of gravity loads) after strong earthquake
shaking. The primary system (walls or bracing) acting together
with the moment frame must be capable of resisting all of the
design seismic forces. The following analyses are required for
dual systems:

1. The moment frame and shear walls or braced frames must
resist the design seismic forces, considering fully the force
and deformation interaction of the walls or braced frames
and the moment frames as a single system. This analysis
must be made in accordance with the principles of struc-
tural mechanics that consider the relative rigidities of the
elements and torsion in the system. Deformations imposed
upon members of the moment frame by their interaction
with the shear walls or braced frames must be considered in
this analysis.

2. The moment frame must be designed with suf cient
strength to resist at least 25% of the design seismic forces.

C12.2.5.2 Cantilever Column Systems. Cantilever column
systems are singled out for special consideration because of
their unique characteristics. These structures often have
limited redundancy and overstrength and concentrate inelastic
behavior at their bases. As a result, they have substantially less
energy dissipation capacity than other systems. A number of
apartment buildings incorporating this system experienced
severe damage and, in some cases, collapsed in the 1994
Northridge (California) earthquake. Because the ductility of
columns that have large axial stress is limited, cantilever
column systems may not be used where individual column
axial demands from seismic load effects exceed 15% of their
available axial strength, including slenderness effects.

Elements providing restraint at the base of cantilever columns
must be designed for seismic load effects, including overstrength,
so that the strength of the cantilever columns is developed.

C12.2.5.3 Inverted Pendulum-Type Structures. Inverted
pendulum-type structures do not have a unique entry in
Table 12.2-1 because they can be formed from many structural
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systems. Inverted pendulum-type structures have more than half
of their mass concentrated near the top (producing one degree of
freedom in horizontal translation) and rotational compatibility of
the mass with the column (producing vertical accelerations acting
in opposite directions). Dynamic response ampli es this rotation;
hence, the bending moment induced at the top of the column can
exceed that computed using the procedures of Section 12.8. The
requirement to design for a top moment that is one-half of the base
moment calculated in accordance with Section 12.8 is based on
analyses of inverted pendulums covering a wide range of practical
conditions.

C12.2.5.4 Increased Structural Height Limit for Steel
Eccentrically Braced Frames, Steel Special Concentrically
Braced Frames, Steel Buckling-Restrained Braced Frames,
Steel Special Plate Shear Walls, and Special Reinforced
Concrete Shear Walls. The rst criterion for an increased
limit on structural height, h,, precludes extreme torsional
irregularity because premature failure of one of the shear
walls or braced frames could lead to excessive inelastic
torsional response. The second criterion, which is similar to
the redundancy requirements, is to limit the structural height
of systems that are too strongly dependent on any single line of
shear walls or braced frames. The inherent torsion resulting from
the distance between the center of mass and the center of rigidity
must be included, but accidental torsional effects are neglected
for ease of implementation.

C12.2.5.5 Special Moment Frames in Structures Assigned to
Seismic Design Categories D through F. Special moment
frames, either alone or as part of a dual system, are required
to be used in Seismic Design Categories D through F where the
structural height, h,, exceeds 160 ft (48.8 m) (or 240 ft [73.2 m])
for buildings that meet the provisions of Section 12.2.5.4) as
indicated in Table 12.2-1. In shorter buildings where special
moment frames are not required to be used, the special moment
frames may be discontinued and supported on less ductile
systems as long as the requirements of Section 12.2.3 for
framing system combinations are followed.

For the situation where special moment frames are required,
they should be continuous to the foundation. In cases where the
foundation is located below the building’s base, provisions for
discontinuing the moment frames can be made as long as the
seismic forces are properly accounted for and transferred to the
supporting structure.

C12.2.5.6 Steel Ordinary Moment Frames. Steel ordinary
moment frames (OMFs) are less ductile than steel special
moment frames; consequently, their use is prohibited in
structures assigned to Seismic Design Categories D, E, and F
(Table 12.2-1). Structures with steel OMFs, however, have
exhibited acceptable behavior in past earthquakes where the
structures were suf ciently limited in their structural height,
number of stories, and seismic mass. The provisions in the
standard re ect these observations. The exception is discussed
separately below. Table C12.2-1 summarizes the provisions.

C12.2.5.6.1 Seismic Design Category D or E. Single-story steel
OMFs are permitted, provided that (a) the structural height, hy,, is
a maximum of 65 ft (20 m), (b) the dead load supported by and
tributary to the roof is a maximum of 20 Ib ft? (0.96 kN m?),
and (c) the dead load of the exterior walls more than 35 ft
(10.6 m) above the seismic base tributary to the moment frames is
a maximum of 20 Ib ft> (0.96 KN m?).

In structures of light-frame construction, multistory steel
OMFs are permitted, provided that (a) the structural height,
hyn, is a maximum of 35 ft (10.6 m), (b) the dead load of the

roof and each oor above the seismic base supported by and
tributary to the moment frames are each a maximum of 35 Ib ft2
(1.68 kN m?), and (c) the dead load of the exterior walls
tributary to the moment frames is a maximum of 20 Ib ft2
(0.96 KN m?).

EXCEPTION: Industrial structures, such as aircraft mainte-
nance hangars and assembly buildings, with steel OMFs have
performed well in past earthquakes with strong ground motions
(EQE Inc. 1983, 1985, 1986a, 1986b, 1986¢, and 1987); the
exception permits single-story steel OMFs to be unlimited in
height provided that (a) the structure is limited to the enclosure of
equipment or machinery; (b) its occupants are limited to main-
taining and monitoring the equipment, machinery, and their
associated processes; (c) the sum of the dead load and equipment
loads supported by and tributary to the roof is a maximum of
20 Ib ft? (0.96 kN m?); and (d) the dead load of the exterior
wall system, including exterior columns more than 35 ft (10.6 m)
above the seismic base is a maximum of 20 Ib ft2 (0.96 KN m?).
Though the latter two load limits (Items C and D) are similar to
those described in this section, there are meaningful differences.

The exception further recognizes that these facilities often
require large equipment or machinery, and associated systems,
not supported by or considered tributary to the roof, that support
the intended operational functions of the structure, such as top
running bridge cranes, jib cranes, and liquid storage containment
and distribution systems. To limit the seismic interaction between
the seismic force-resisting systems and these components, the
exception requires the weight of equipment or machinery that is
not self-supporting (i.e., not freestanding) for all loads (e.g., dead,
live, or seismic) to be included when determining compliance
with the roof or exterior wall load limits. This equivalent
equipment load shall be in addition to the loads listed above.

To determine the equivalent equipment load, the exception
requires the weight to be considered fully (100%) tributary to an
area not exceeding 600 ft? (55.8 m?). This limiting area can be
taken either to an adjacent exterior wall for cases where the
weight is supported by an exterior column (which may also span
tothe rstinterior column) or to the adjacent roof for cases where
the weight is supported entirely by an interior column or col-
umns, but not both; nor can a fraction of the weight be allocated
to each zone. Equipment loads within overlapping tributary areas
should be combined in the same limiting area. Other provisions
in the standard, as well as in past editions, require satisfying wall
load limits tributary to the moment frame, but this requirement is
not included in the exception in that it is based on a component-
level approach that does not consider the interaction between
systems in the structure. As such, the limiting area is considered
to be a reasonable approximation of the tributary area of a
moment frame segment for the purpose of this conversion.
Although this weight allocation procedure may not represent an
accurate physical distribution, it is considered to be a reasonable
method for verifying compliance with the speci ed load limits to
limit seismic interactions. The engineer must still be attentive to
actual mass distributions when computing seismic loads. Further
information is discussed in Section C11.1.3.

C12.2.5.6.2 Seismic Design Category F. Single-story steel
OMFs are permitted, provided that they meet conditions (a) and
(b) described in Section C12.2.5.6.1 for single-story frames and
(c) the dead load of the exterior walls tributary to the moment
frames is a maximum of 20 Ib ft? (0.96 kN m?2).

C12.25.7 Steel Intermediate Moment Frames. Steel inter-
mediate  moment frames (IMFs) are more ductile than
steel ordinary moment frames (OMFs) but less ductile than steel
special moment frames; consequently, restrictions are placed
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controls the minimum base shear is to be consistent with the
requirements for designs based on the ELF procedure.

C12.9.1.5 Horizontal Shear Distribution. Torsion effects in
accordance with Section 12.8.4 must be included in the modal
response spectrum analysis (MRSA) as speci ed in Section 12.9
by requiring use of the procedures in Section 12.8 for the
determination of the seismic base shear, V. There are two
basic approaches for consideration of accidental torsion.

The rst approach follows the static procedure discussed in
Section C12.8.4.2, where the total seismic lateral forces obtained
from MRSA—using the computed locations of the centers of
mass and rigidity—are statically applied at an arti cial point
offset from the center of mass to compute the accidental torsional
moments. Most computer programs can automate this procedure
for three-dimensional analysis. Alternatively, the torsional
moments can be statically applied as separate load cases and
added to the results obtained from MRSA.

Because this approach is a static approximation, ampli cation
of the accidental torsion in accordance with Section 12.8.4.3 is
required. MRSA results in a single, positive response, thus
inhibiting direct assessment of torsional response. One method
to circumvent this problem is to determine the maximum and
average displacements for each mode participating in the direc-
tion being considered and then apply modal combination rules
(primarily the CQC method) to obtain the total displacements
used to check torsional irregularity and compute the ampli ca-
tion factor, A,. The analyst should be attentive about how
accidental torsion is included for individual modal responses.

The second approach, which applies primarily to three-
dimensional analysis, is to modify the dynamic characteristics of
the structure so that dynamic ampli cation of the accidental torsion
is directly considered. This modi cation can be done, for example,
by either reassigning the lumped mass for each oor and roof (rigid
diaphragm) to alternate points offset from the initially calculated
center of mass and modifying the mass moment of inertia, or
physically relocating the initially calculated center of mass on each

oor and roof by modifying the horizontal mass distribution (typi-
cally presumed to be uniformly distributed). This approach increases
the computational demand signi cantly because all possible con-

gurations would have to be analyzed, primarily two additional
analyses for each principal axis of the structure. The advantage of
this approach is that the dynamic effects of direct loading and
accidental torsion are assessed automatically. Practical disadvan-
tages are the increased bookkeeping required to track multiple
analyses and the cumbersome calculations of the mass properties.

Where this “dynamic” approach is used, ampli cation of the
accidental torsion in accordance with Section 12.8.4.3 is not
required because repositioning the center of mass increases the
coupling between the torsional and lateral modal responses,
directly capturing the ampli cation of the accidental torsion.

Most computer programs that include accidental torsion in a
MRSA do so statically ( rst approach discussed above) and do
not physically shift the center of mass. The designer should be
aware of the methodology used for consideration of accidental
torsion in the selected computer program.

C12.9.1.6 P-Delta Effects. The requirements of Section 12.8.7,
including the stability coef cient limit, ., apply to modal
response spectrum analysis.

C12.9.1.7 Soil-Structure Interaction Reduction. The standard
permits including soil-structure interaction (SSI) effects in a modal
response spectrum analysis in accordance with Chapter 19. The
increased use of modal analysis for design stems from computer

analysis programs automatically performing such an analysis.
However, common commercial programs do not give analysts the
ability to customize modal response parameters. This problem
hinders the ability to include SSI effects in an automated modal
analysis.

C12.9.1.8 Structural Modeling. Using modern software, it
often is more dif cult to decompose a structure into planar
models than it is to develop a full three-dimensional model.
As a result, three-dimensional models are now commonplace.
Increased computational ef ciency also allows ef cient
modeling of diaphragm exibility. As a result, when modal
response spectrum analysis is used, a three-dimensional model
is required for all structures, including those with diaphragms
that can be designated as exible.

C12.9.2 Linear Response History Analysis

C12.9.2.1 General Requirements. The linear response history
(LRH) analysis method provided in this section is intended as an
alternate to the modal response spectrum (MRS) analysis
method. The principal motivation for providing the LRH
analysis method is that signs (positive—negative bending
moments, tension—compression brace forces) are preserved,
whereas they are lost in forming the SRSS and CQC
combination in MRS analysis.

It is important to note that, like the ELF procedure and the
MRS analysis method, the LRH analysis method is used as a
basis for structural design, and not to predict how the structure
will respond to a given ground motion. Thus, in the method
provided in this section, spectrum-matched ground motions are
used in lieu of amplitude-scaled motions. The analysis may be
performed using modal superposition, or by analysis of the fully
coupled equations of motion (often referred to as direct integra-
tion response history analysis).

As discussed in Section 12.9.2.3, the LRH analysis method
requires the use of three sets of ground motions, with two
orthogonal components in each set. These motions are then
modi ed such that the response spectra of the modi ed motions
closely match the shape of the target response spectrum. Thus,
the maximum computed response in each mode is virtually
identical to the value obtained from the target response spectrum.
The only difference between the MRS analysis method and the
LRH analysis method (as developed in this section using the
spectrum-matched ground motions) is that in the MRS analysis
method the system response is computed by statistical combina-
tion (SRSS or CQC) of the modal responses and in the LRH
analysis method, the system response is obtained by direct
addition of modal responses or by simultaneous solution of the
full set of equations of motion.

C12.9.2.2 General Modeling Requirements. Three-
dimensional (3D) modeling is required for conformance with the
inherent and accidental torsion requirements of Section 12.9.2.2.2.

C12.9.2.2.1 P-Delta Effects. A static analysis is required to
determine the stability coef cients using Eq. (12.8-17). Typical-
ly, the mathematical model used to compute the quantity in
Eq. (12.8-16) does not directly include P-delta effects. However,
Section 12.8.7 provides a methodology for checking compliance
with the ., limit where P-delta effects are directly included in
the model. For dynamic analysis, an ex post facto modi cation of
results from an analysis that does not include P-delta effects to
one that does (approximately) include such effects is not rational.

Given that virtually all software that performs linear response
history analysis has the capability to directly include P-delta
effects, it is required that P-delta effects be included in all
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analyses, even when the maximum stability ratio at any level is
less than 0.1. The inclusion of such effects causes a lengthening
of the period of vibration of the structure, and this period should
be used for establishing the range of periods for spectrum
matching (Section 12.9.2.3.1) and for selecting the number of
modes to include in the response (Section 12.9.2.2.4).

While the P-delta effect is essentially a nonlinear phenomenon
(stiffness depends on displacements and displacements depend
on stiffness), such effects are often “linearized” by forming a
constant geometric stiffness matrix that is created from member
forces generated from an initial gravity load analysis (Wilson and
Habibullah 1987; Wilson 2004). This approach works for both
the modal superposition method and the direct analysis method.
It is noted, however, that there are some approximations in this
method, principally the way the global torsional component of
P-delta effects is handled. The method is of suf cient accuracy in
analysis for which materials remain elastic. Where direct inte-
gration is used, a more accurate response can be computed by
iteratively updating the geometric stiffness at each time step or by
iteratively satisfying equilibrium about the deformed con gura-
tion. In either case, the analysis is in fact “nonlinear,” but it is
considered as a linear analysis in Section 12.9.2 because material
properties remain linear.

For 3D models, it is important to use a realistic spatial
distribution of gravity loads because such a distribution is
necessary to capture torsional P-delta effects.

C12.9.2.2.2 Accidental Torsion. The required 5% offset of the
center of mass need not be applied in both orthogonal directions
at the same time. Direct modeling of accidental torsion by
offsetting the center of mass is required to retain the signs
(positive-negative bending moments, tension—compression
forces in braces). In addition to the four mathematical models
with mass offsets, a fth model without accidental torsion
(including only inherent torsion) must also be prepared. The
model without accidental torsion is needed as the basis for
scaling results as required in Section 12.9.2.5. Though not a
requirement of the LRH analysis method, the analyst may also
compare the modal characteristics (periods, mode shapes) to the
systems with and without accidental mass eccentricity to gauge
the sensitivity of the structure to accidental torsional response.

C12.9.2.2.3 Foundation Modeling. Foundation exibility may
be included in the analysis. Where such modeling is used, the
requirements of Section 12.13.3 should be satis ed. Additional
guidance on modeling foundation effects may be found in
Nonlinear Structural Analysis for Seismic Design: A Guide for
Practicing Engineers (NIST 2010).

C12.9.2.2.4 Number of Modes to Include in Modal Response
History Analysis. Where modal response history analysis is used,
it is common to analyze only a subset of the modes. In the past,
the number of modes to analyze has been determined such that a
minimum of 90% of the effective mass in each direction is
captured in the response. An alternate procedure that produces
participation of 100% of the effective mass is to represent all
modes with periods less than 0.05 s in a single rigid body mode
having a period of 0.05 s. In direct analysis, the question of the
number of modes to include does not arise because the system
response is computed without modal decomposition.

An example of a situation where it would be dif cult to obtain
90% of the mass in a reasonable number of modes is reported in
Chapter 4 of FEMA P-751 (2013), which presents the dynamic
analysis of a 12-story building over a 1-story basement. When the
basement walls and grade-level diaphragm were excluded from
the model, 12 modes were suf cient to capture 90% of the
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effective mass. When the basement was modeled as a stiff rst
story, it took more than 120 modes to capture 90% of the total
mass (including the basement and the ground-level diaphragm).
It is noted in the Chapter 4 discussion that when the full structure
was modeled and only 12 modes were used, the member forces
and system deformations obtained were virtually identical to
those obtained when 12 modes were used for the xed-base
system (modeled without the podium).

If modal response history analysis is used and it is desired to
use a mathematical model that includes a stiff podium, it might be
bene cial to use Ritz vectors in lieu of eigenvectors (Wilson
2004). Another approach is the use of the “static correction
method,” in which the responses of the higher modes are
determined by a static analysis instead of a dynamic analysis
(Chopra 2007). The requirement in Section 12.9.2.2.4 of includ-
ing all modes with periods of less than 0.05 s as a rigid body
mode is in fact an implementation of the static correction method.

C12.9.2.2.5 Damping. Where modal superposition analysis is
used, 5% damping should be speci ed for each mode because it
is equal to the damping used in the development of
the response spectrum speci ed in Section 11.4.6 and in
Section 21.1.3. Where direct analysis is used, it is possible but
not common to form a damping matrix that provides uniform
damping across all modes (Wilson and Penzien 1972). It is more
common to use a mass and stiffness proportional damping matrix
(i.e., Rayleigh damping), but when this is done, the damping ratio
may be speci ed at only two periods. Damping ratios at other
periods depend on the mass and stiffness proportionality con-
stants. At periods associated with higher modes, the damping
ratios may become excessive, effectively damping out important
modes of response. To control this effect, Section 12.9.2.2.5
requires the damping in all included modes (with periods as low
as Tower) be less than or equal to 5% critical.

C12.9.2.3 Ground Motion Selection and Modi cation.
Response spectrum matching (also called spectral matching) is
the nonuniform scaling of an actual or arti cial ground motion
such that its pseudoacceleration response spectrum closely
matches a target spectrum. In most cases, the target spectrum
is the same spectrum used for scaling actual recorded ground
motions (i.e., the ASCE 7 design spectrum). Spectral matching
can be contrasted with amplitude scaling, in which a uniform
scale factor is applied to the ground motion. The principal
advantage of spectral matching is that fewer ground motions,
compared to amplitude scaling, can be used to arrive at an
acceptable estimate of the mean response as recommended in
NIST GCR 11-918-15 (NIST 2011). Fig. C12.9-1(a) shows the
response spectra of two ground motions that have been spectral
matched, and Fig. C12.9-1(b) shows the response spectra of the
original ground motions. In both cases, the ground motions are
normalized to match the target response spectrum at a period of
1.10 s. Clearly, the two amplitude-scaled records will result in
signi cantly different responses, whereas analysis using the
spectrum-matched records will be similar. As described later,
however, there is enough variation in the response using
spectrum-matched records to require the use of more than one
record in the response history analysis.

A variety of methods is available for spectrum matching, and the
reader is referred to Hancock et al. (2006) for details. Additional
information on use of spectrum-matched ground motions in re-
sponse history analysis is provided by Grant and Diaferia (2012).

C12.9.2.3.1 Procedure for Spectrum Matching. Experience with

spectrum matching has indicated that it is easier to get a good match
when the matching period extends beyond the period range of
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FIGURE C12.9-1. Spectral Matching vs. Amplitude-Scaled Response Spectra

interest. It is for this reason that spectrum matching is required over
the range 0.8T e 10 1.2T . For the purposes of this section, a
good match is de ned when the ordinates of the average (arithmetic
mean) of the computed acceleration spectrum from the matched
records in each direction does not fall above or below the target
spectrum by more than 10% over the period range of interest.

C12.9.2.4 Application of Ground Acceleration Histories.
One of the advantages of linear response history analysis is
that analyses for gravity loads and for ground shaking may be
computed separately and then combined in accordance with
Section 12.4.2. Where linear response history analysis is
performed in accordance with Section 12.9.2, it is required
that each direction of response for each ground motion be
computed independently. This requirement is based on the
need to apply different scaling factors in the two orthogonal
directions. Analyses with and without accidental torsion are
required to be run for each ground motion. Thus, the total
number of response histories that need to be computed is 18.
(For each ground motion, one analysis is needed in each direction
without mass eccentricity, and two analyses are needed in each
direction to account for accidental torsion. These six cases times
three ground motions give 18 required analyses.)

C12.9.2.5 Modi cation of Response for Design. The dynamic
responses computed using spectrum-matched motions are elastic
responses and must be modi ed for inelastic behavior.

For force-based quantities, the design base shear computed
from the dynamic analysis must not be less than the base shear
computed using the equivalent lateral force procedure. The
factors y and y, computed in Section 12.9.2.5.2, serve that
purpose. Next, the force responses must be multiplied by I, and
divided by R. This modi cation, together with the application of
the ELF scale factors, is accomplished in Section 12.9.2.5.3.

For displacement base quantities, it is not required to normal-
ize to ELF, and computed response history quantities need be
multiplied only by the appropriate C4 R in the direction of
interest. This step is accomplished in Section 12.9.2.5.4.

Whereas accidental torsion is not required for determining the
maximum elastic base shear, which is used only for determining
the required base shear scaling, it is required for all analyses that
are used to determine design displacements and member forces.

C12.9.2.6 Enveloping of Force Response Quantities. Forces
used in design are the envelope of forces computed from all
analyses. Thus, for a brace, the maximum tension and the
maximum compression forces are obtained. For a beam-
column, envelope values of axial force and envelope values of
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bending moment are obtained, but these actions do not likely
occur at the same time, and using these values in checking
member capacity is not rational. The preferred approach is to
record the histories of axial forces and bending moments, and to
plot their traces together with the interaction diagram of the
member. If all points of the force trace fall inside the interaction
diagram, for all ground motions analyzed, the design is suf cient.
An alternate is to record member demand to capacity ratio
histories (also called usage ratio histories), and to base the
design check on the envelope of these values.

C12.10 DIAPHRAGMS, CHORDS, AND COLLECTORS

This section permits choice of diaphragm design in accordance
with either Sections 12.10.1 and 12.10.2 provisions or the new
provisions of Section 12.10.3. Section 12.10.3 is mandatory for
precast concrete diaphragms in buildings assigned to SDC C, D,
E, or F and is optional for precast concrete diaphragms in SDC B
buildings, cast-in-place concrete diaphragms, and wood dia-
phragms. The required mandatory use of Section 12.10.3 for
precast diaphragm systems in SDC C through F buildings is
based on recent research that indicates that improved earthquake
performance can thus be attained. Many conventional diaphragm
systems designed in accordance with Sections 12.10.1 and
12.10.2 have performed adequately. Continued use of Sections
12.10.1 and 12.10.2 is considered reasonable for diaphragm
systems other than those for which Section 12.10.3 is mandated.

C12.10.1 Diaphragm Design. Diaphragms are generally treated
as horizontal deep beams or trusses that distribute lateral forces to
the vertical elements of the seismic force-resisting system. As deep
beams, diaphragms must be designed to resist the resultant shear and
bending stresses. Diaphragms are commonly compared to girders,
with the roof or oor deck analogous to the girder web in resisting
shear, and the boundary elements (chords) analogous to the anges
of the girder in resisting exural tension and compression. As in
girder design, the chord members ( anges) must be suf ciently
connected to the body of the diaphragm (web) to prevent separation
and to force the diaphragm to work as a single unit.

Diaphragms may be considered exible, semirigid, or rigid.
The exibility or rigidity of the diaphragm determines how
lateral forces are distributed to the vertical elements of the
seismic force-resisting system (see Section C12.3.1). Once the
distribution of lateral forces is determined, shear and moment
diagrams are used to compute the diaphragm shear and chord
forces. Where diaphragms are not exible, inherent and acciden-
tal torsion must be considered in accordance with Section 12.8.4.
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Diaphragm openings may require additional localized rein-
forcement (subchords and collectors) to resist the subdiaphragm
chord forces above and below the opening and to collect shear
forces where the diaphragm depth is reduced (Fig. C12.10-1).
Collectors on each side of the opening drag shear into the
subdiaphragms above and below the opening. The subchord and
collector reinforcement must extend far enough into the adjacent
diaphragm to develop the axial force through shear transfer. The
required development length is determined by dividing the axial
force in the subchord by the shear capacity (in force/unit length)
of the main diaphragm.

Chord reinforcement at reentrant corners must extend far
enough into the main diaphragm to develop the chord force
through shear transfer (Fig. C12.10-2). Continuity of the chord
members also must be considered where the depth of the dia-
phragm is not constant.

In wood and metal deck diaphragm design, framing members
are often used as continuity elements, serving as subchords and
collector elements at discontinuities. These continuity members
also are often used to transfer wall out-of-plane forces to the main
diaphragm, where the diaphragm itself does not have the capacity
to resist the anchorage force directly. For additional discussion,
see Sections C12.11.2.2.3 and C12.11.2.2.4.

C12.10.1.1 Diaphragm Design Forces. Diaphragms must be
designed to resist inertial forces, as speci ed in Eqg. (12.10-1),
and to transfer design seismic forces caused by horizontal offsets
or changes in stiffness of the vertical resisting elements. Inertial
forces are those seismic forces that originate at the speci ed
diaphragm level, whereas the transfer forces originate above the
speci ed diaphragm level. The redundancy factor, , used for
design of the seismic force-resisting elements also applies to
diaphragm transfer forces, thus completing the load path.

C12.10.2.1 Collector Elements Requiring Load Combinations
Including Overstrength for Seismic Design Categories C
through F. The overstrength requirement of this section is
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intended to keep inelastic behavior in the ductile elements of
the seismic force-resisting system (consistent with the response
modi cation coef cient, R) rather than in collector elements.

C12.10.3 Alternative Design Provisions for Diaphragms,
Including Chords and Collectors. The provisions of
Section 12.10.3 are being mandated for precast concrete
diaphragms in buildings assigned to SDC C, D, E, or F and are
being offered as an alternative to those of Sections 12.10.1 and
12.10.2 for other precast concrete diaphragms, cast-in-place
concrete diaphragms, and wood-sheathed diaphragms supported
by wood framing. Diaphragms designed by Sections 12.10.1 and
12.10.2 have generally performed adequately in past earthquakes.
The level of diaphragm design force from Sections 12.10.1 and
12.10.2 may not ensure, however, that diaphragms have suf cient
strength and ductility to mobilize the inelastic behavior of vertical
elements of the seismic force-resisting system. Analytical and
experimental results show that actual diaphragm forces over
much of the height of a structure during the design-level
earthquake may be signi cantly greater than those from Sections
12.10.1and 12.10.2, particularly when diaphragm response is near-
elastic. There are material-speci c¢ factors that are related to
overstrength and deformation capacity that may account for the
adequate diaphragm performance in past earthquakes. The
provisions of Section 12.10.3 consider both the signi cantly
greater forces observed in near-elastic diaphragms and the antici-
pated overstrength and deformation capacity of diaphragms,
resulting in an improved distribution of diaphragm strength over
the height of buildings and among buildings with different types of
seismic force-resisting systems.

Based on experimental and analytical data and observations of
building performance in past earthquakes, changes are warranted
to the procedures of Sections 12.10.1 and 12.10.2 for some types
of diaphragms and for some locations within structures. Exam-
ples include the large diaphragms in some parking garages.

Section 12.10.3, Item 1, footnote b to Table 12.2-1 permits
reduction in the value of  for structures with exible dia-
phragms. The lowered | results in lower diaphragm forces,
which is not consistent with experimental and analytical obser-
vations. Justi cation for footnote b is not apparent; therefore, to
avoid the inconsistency, the reduction is eliminated when using
the Section 12.10.3 design provisions.

Section 12.10.3, item 2: The ASCE 7-10 Section 12.3.34
provision requiring a 25% increase in design forces for certain
diaphragm elements in buildings with several listed irregularities is
eliminated when using the Section 12.10.3 design provisions
because the diaphragm design force level in this section is based
on realistic assessment of anticipated diaphragm behavior. Under
the Sections 12.10.1 and 12.10.2 design provisions, the 25%
increase is invariably superseded by the requirement to amplify
seismic design forces for certain diaphragm elements by ;, the
only exception is wood diaphragms, which are exempt from the
multiplier.

Section 12.10.3, items 3 and 4: Section 12.10.3.2 provides
realistic seismic design forces for diaphragms. Section 12.10.3.4
requires that diaphragm collectors be designed for 1.5 times the
force level used for diaphragm in-plane shear and exure. Based on
these forces, the use of a  factor greater than one for collector
design is not necessary and would overly penalize designs. The unit
value of the redundancy factor is retained for diaphragms designed
by the force level given in Sections 12.10.1 and 12.10.2. This value
is re ected in the deletion of item 7 and the addition of diaphragms
to item 5. For transfer diaphragms, see Section 12.10.3.3.
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C12.10.3.1 Design. This provision is a rewrite of ASCE 7-10,
Sections 12.10.1 and 12.10.2. The phrase “diaphragms including
chords, collectors, and their connections to the vertical elements”
is used consistently throughout the added or modi ed provisions,
to emphasize that its provisions apply to all portions of a
diaphragm. It is also emphasized that the diaphragm is to be
designed for mations in two orthogonal directions.

C12.10.3.2 Seismic Design Forces for Diaphragms, Including
Chords and Collectors. Eq. (12.10-4) makes the diaphragm
seismic design force equal to the weight tributary to the
diaphragm, wp,, times a diaphragm design acceleration
coef cient, Cy, divided by a diaphragm design force reduction
factor, R, which is material-dependent and whose background is
given in Section C12.10.3.5. The background to the diaphragm
design acceleration coef cient, C,, is given below.

The diaphragm design acceleration coef cient at any height of
the building can be determined from linear interpolation, as
indicated in Fig. 12.10-2.

The diaphragm design acceleration coef cient at the building
base, Cy, equals the peak ground acceleration consistent with the
design response spectrum in ASCE 7-10, Section 11.4.5, times
the Importance Factor I,. Note that the term 0.4Spg can be
calculated from Eq. (11.4-5) by making T =0.

The diaphragm design acceleration coef cient at 80% of the
structural height, C;, given by Egs. (12.10-8) and (12.10-9),
re ects the observation that at about this height, oor accelerations
are largely, but not solely, contributed by the rst mode of response.
In an attempt to provide a simple design equation, coef cient Cy;
was formulated as a function of the design base shear coef cient,
C,, of ASCE 7-10, which may be determined from equivalent static
analysis or modal response spectrum analysis of the structure. Note
that C includes a reduction by the response modi cation factor, R,
of the seismic force-resisting system. It is magni ed back up by the
overstrength factor, , of the seismic force-resisting system
because overstrength will generate higher rst-mode forces in the
diaphragm. In many lateral systems, at 80% of the building height,
the contribution of the second mode is negligible during linear
response, and during nonlinear response it is typically small, though
nonnegligible. In recognition of this observation, the diaphragm
seismic design coef cient at this height has been made a function of
the rst mode of response only, and the contribution of this mode
has been factored by 0.9 |,; as a weighed value between contribu-
tions at the rst-mode effective height (approximately 2/3 of the
building height) and the building height.

Systems that make use of high R-factors, such as buckling,
restrained braced frames (BRBFs) and moment-resisting frames
(MRFs), show that in the lower oors the higher modes add to the
accelerations, whereas the contribution of the rst mode is
minimal. For this reason, the coef cient C, needs to have a
lower bound. A limit of Cpo has been chosen; it makes the lower

oor acceleration coef cients independent of R. Wall systems are
unlikely to be affected by this lower limit on Cy;.

At the structural height, hy,, the diaphragm design acceleration
coef cient, Cp,, given by Eq. (12.10-7), re ects the in uence of
the rstmode, ampli ed by system overstrength, and of the higher
modes without ampli cation on the oor acceleration at this
height. The individual terms are combined using the square root
of the sum of the squares. The overstrength ampli cation of the

rst mode recognizes that the occurrence of an inelastic mecha-
nism in the rst mode is an anticipated event under the design
earthquake, whereas inelastic mechanisms caused by higher mode
behavior are not anticipated. The higher mode seismic response
coef cient, Cs,, is computed as the smallest of the values given by
Egs. (12.10-10), (12.10-11), and (12.10-12a) or (12.10-12b).
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FIGURE C12.10-3 Comparison of Factors ; and ,, Obtained
from Analytical Models and Actual Structures with Those
Predicted by Egs. (12.10-13) and (12.10-14)

These four equations consider that the periods of the higher
modes contributing to the oor acceleration can lie on the
ascending, constant, or rst descending branch of the design
response spectrum shown in ASCE 7-10, Fig. 11.4-1. Users are
warned against extracting higher modes from their modal analysis
of buildings and using them in lieu of the procedure presented in
Section 12.10.3.2.1 because the higher mode contribution to oor
accelerations can come from a number of modes, particularly
when there is lateral-torsional coupling of the modes.

Note that Eq. (12.10-7) makes use of the modal contribution
factor de ned here as the mode shape ordinate at the building
height times the modal participation factor and is uniquely
de ned for each mode of response (Chopra 1995). A building
database was compiled to obtain approximate equations for the

rst mode and higher mode contribution factors. The rst and
second translational modes, as understood in the context of two-
dimensional modal analysis, were extracted from the mode
shapes obtained from three-dimensional modal analysis by
considering modal ordinates at the center of mass. These build-
ings had diverse lateral systems, and the number of stories ranged
from 3 to 23. Egs. (12.10-13) and (12.10-14) were empirically
calibrated from simple two-dimensional models of realistic
frame-type and wall-type buildings and then compared
with data extracted from the database (Fig. C12.10-3). In
Eg. (12.10-7), Cy, is required to be no less than Cy;, based on
judgment, in order to eliminate instances where the design
acceleration at roof level might be lower than that at 0.8h,,. This
cap will particularly affect low-z; systems such as BRBFs.
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FIGURE C12.10-7 Diaphragm Design Acceleration Coef cient C
for Buildings with Nonuniform Mass Distribution

height, h,,, is the height of the building measured from the base to
level n,. In buildings with tapered mass distribution or setbacks, the
diaphragm design acceleration coef cient, C,,, is calculated by
interpolation and extrapolation, as shown in Fig. C12.10-7, with n
replaced by n, in Egs. (12.10-10) through (12.10-14).

C12.10.3.3 Transfer Forces in Diaphragms. All diaphragms
are subject to inertial forces caused by the weight tributary to the
diaphragm. Where the relative lateral stiffnesses of vertical seismic
force-resisting elements vary from story to story, or the vertical
seismic force-resisting elements have out-of-plane offsets, lateral
forces in the vertical elements need to be transferred through the
diaphragms as part of the load path between vertical elements

above and below the diaphragm. These transfer forces are in
addition to the inertial forces and can at times be quite large.

For structures that have a horizontal structural irregularity of
Type 4 in Table 12.3-1, the magnitude of the transfer forces is
largely dependent upon the overstrength in the offset vertical
elements of the seismic force-resisting system. Therefore, the
transfer force caused by the offset is required to be ampli ed by
the overstrength factor, g, of the seismic force-resisting system.
The ampli ed transfer force is to be added to the inertial force
for the design of this portion of the diaphragm.

Transfer forces can develop in many other diaphragms, even
within regular buildings; the design of diaphragms with such
transfer forces can be for the sum of the transfer forces, unam-
pli ed, and the inertial forces.

C12.10.3.4 Collectors—Seismic Design Categories C
through F. For structures in Seismic Design Categories C
through F, ASCE 7-10, Section 12.10.2.1 speci es the use of
forces including the overstrength factor, ,, for design of
diaphragm collectors and their connections to vertical
elements of the seismic force-resisting system. The intent of
this requirement is to increase collector forces in order to help
ensure that collectors will not be the weak links in the seismic
force-resisting system.

In this section the collector force is instead differentiated by
using a multiplier of 1.5. This is a smaller multiplier than has been
used in the past, but it is justi ed because the diaphragm forces are
more accurately determined by Eq. (12.10-4). For collector ele-
ments of diaphragms that carry transfer forces caused by out-of-
plane offsets of the vertical elements of the seismic force-resisting
system, only the inertia force is ampli ed by 1.5; the transfer forces,
already ampli ed by , are not further ampli ed by 1.5.

Some seismic force-resisting systems, such as braced frames
and moment frames, have a fairly well de ned lateral strength
corresponding to a well-de ned yield mechanism. When collec-
tors deliver seismic forces to such systems, it is not sensible to
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have to design the collectors for forces higher than those
corresponding to the lateral strength of the supporting elements
in the story below. This is why the cap on collector design forces
is included. The lateral strength of a braced frame or moment
frame may be calculated using the same methods as are used for
determining whether a weak-story irregularity is present
(Table 12.3-2). It should be noted that only the moment frames
or braced frames below the collector are to be considered in
calculating the upper-bound collector design force. The shear
strength of the gravity columns and the lateral strength of the
frames above are not included.

The design forces in diaphragms that deliver forces to collec-
tors can also be limited by the maximum forces that can be
generated in those collectors by the moment frames or braced
frames below.

C12.10.3.5 Diaphragm Design Force Reduction
Factor. Despite the fact that analytical and shake table
studies indicate higher diaphragm accelerations than currently
used in diaphragm design, many commonly used diaphragm
systems, including diaphragms designed under a number of U.S.
building codes and editions, have a history of excellent
earthquake performance. With limited exceptions, diaphragms
have not been reported to have performed below the life-safety
intent of building code seismic design provisions in past
earthquakes. Based on this history, it is felt that, for many
diaphragm systems, no broad revision is required to the
balance between demand and capacity used for design of
diaphragms under current ASCE 7 provisions. In view of this
observation, it was recognized that the analytical studies and
diaphragm testing from which the higher accelerations and
design forces were being estimated used diaphragms that were
elastic or near-elastic in their response. Commonly used
diaphragm systems are recognized to have a wide range of
overstrength and inelastic displacement capacity (ductility). It
was recognized that the effect of the varying diaphragm systems
on seismic demand required evaluation and incorporation into the
proposed diaphragm design forces. Eq. (12.10-4) incorporates
the diaphragm overstrength and inelastic displacement capacity
through the use of the diaphragm force reduction factor, Rs. This
factor is most directly based on the global ductility capacity of the
diaphragm system; however, the derivation of the global ductility
capacity inherently also captures the effect of diaphragm
overstrength.
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(2) Hp.gem = Hp.caps R = f(Hp.gem)
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For diaphragm systems with inelastic deformation capacity
suf cient to permit inelastic response under the design earth-
quake, the diaphragm design force reduction factor, R, is
typically greater than 1.0, so that the design force demand,
Fox, is reduced relative to the force demand for a diaphragm
that remains linear elastic under the design earthquake. For
diaphragm systems that do not have suf cient inelastic deforma-
tion capacity, Ry should be less than 1.0, or even 0.7, so that
linear-elastic force-deformation response can be expected under
the risk-targeted maximum considered earthquake (MCER).

Diaphragms with Ry values greater than 1.0 shall have the
following characteristics: (1) a well-de ned, speci ed yield
mechanism, (2) global ductility capacity for the speci ed yield
mechanism, which exceeds anticipated ductility demand for the
risk-targeted maximum considered earthquake, and (3) suf cient
local ductility capacity to provide for the intended global ductility
capacity, considering that the speci ed yield mechanism may
require concentrated local inelastic deformations to occur. The
following discussion addresses these characteristics and the
development of R,-factors in detail.

A diaphragm system with an Ry value greater than 1.0 should
have a speci ed, well-de ned yield mechanism, for which both
the global strength and the global deformation capacity can be
estimated. For some diaphragm systems, a shear-yield mecha-
nism may be appropriate, whereas for other diaphragm systems, a

exural-yield mechanism may be appropriate.

Fig. C12.10-8(a) shows schematically the force-deformation
(Fgia dia) response of a diaphragm with signi cant inelastic
deformation capacity. The gure illustrates the response of a
diaphragm system, such as a wood diaphragm or a steel deck
diaphragm, which is not expected to exhibit a distinct yield point,
so that an effective yield point (Fy.e and v.e) needs to be
de ned. For wood diaphragms and steel deck diaphragms, the

gure illustrates one way to de ne the effective yield point. The
stiffness of a test specimen is de ned by the secant stiffness
through a point corresponding to 40% of the peak strength
(Fpeak)- The effective yield point (Fy.e and  y.er) for a dia-
phragm is de ned by the secant stiffness through 0.4F ¢, and the
nominal diaphragm strength reduced by a strength reduction
factor ( F,), as shown in the gure. The F;, dia FESPONSE iS
then idealized with a bilinear model, using the effective yield
point (Fy. and  y.¢rr) and Fpeqe and the corresponding defor-
mation peac s shown in the gure.
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FIGURE C12.10-8. Diaphragm Inelastic Response Models for (a) a Diaphragm System That Is Not Expected to Exhibit a Distinct Yield Point
and (b) a Diaphragm System That Does Exhibit a Distinct Yield Point
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Section 12.10. This was due in part to historical experience of good
diaphragm performance across a range of wood diaphragm types,
even though test data showed varying levels of ductility and
deformation capacity. Tests of nailed wood diaphragms showed
signi cant but varying levels of overstrength. It is recognized that
even further variation of overstrength will result from

 Presence of oor coverings or toppings and their attachment
or bond to diaphragm sheathing,

* Presence of wall to oor framing nailing through diaphragm
sheathing, and

« Presence of adhesives in combination with required sheath-
ing nailing (commonly used for purposes of mitigating oor
vibration, increasing oor stiffness for gravity loading, and
reducing the potential for squeaking).

These sources of overstrength are not considered to be detri-
mental to overall diaphragm performance.

C12.11 STRUCTURAL WALLS AND THEIR
ANCHORAGE

As discussed in Section C1.4, structural integrity is important
not only in earthquake-resistant design but also in resisting
high winds, oods, explosion, progressive failure, and even
such ordinary hazards as foundation settlement. The detailed
requirements of this section address wall-to-diaphragm
integrity.

C12.11.1 Design for Out-of-Plane Forces. Because they are
often subjected to local deformations caused by material shrinkage,
temperature changes, and foundation movements, wall connections
require some degree of ductility to accommodate slight movements
while providing the required strength.

Although nonstructural walls are not subject to this require-
ment, they must be designed in accordance with Chapter 13.

C12.11.2 Anchorage of Structural Walls and Transfer of
Design Forces into Diaphragms or Other Supporting
Structural Elements. There are numerous instances in U.S.
earthquakes of tall, single-story, and heavy walls becoming
detached from supporting roofs, resulting in collapse of walls
and supported bays of roof framing (Hamburger and McCormick
2004). The response involves dynamic ampli cation of ground
motion by response of the vertical system and further dynamic
ampli cation from exible diaphragms. The design forces for
Seismic Design Category D and higher have been developed
over the years in response to studies of speci c failures. It is
generally accepted that the rigid diaphragm value is reasonable
for structures subjected to high ground motions. For a simple
idealization of the dynamic response, these values imply that the
combined effects of inelastic action in the main framing system
supporting the wall, the wall (acting out of plane), and the anchor
itself correspond to a reduction factor of 4.5 from elastic response
to an MCEg motion, and therefore the value of the response
modi cation coef cient, R, associated with nonlinear action in
the wall or the anchor itself is 3.0. Such reduction is generally not
achievable in the anchorage itself; thus, it must come from
yielding elsewhere in the structure, for example, the vertical
elements of the seismic force-resisting system, the diaphragm, or
walls acting out of plane. The minimum forces are based on the
concept that less yielding occurs with smaller ground motions
and less yielding is achievable for systems with smaller values of
R, which are permitted in structures assigned to Seismic Design
Categories B and C. The minimum value of R in structures
assigned to Seismic Design Category D, except cantilever
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column systems and light-frame walls sheathed with materials
other than wood structural panels, is 3.25, whereas the minimum
values of R for Categories B and C are 1.5 and 2.0, respectively.
Where the roof framing is not perpendicular to anchored walls,
provision needs to be made to transfer both the tension and sliding
components of the anchorage force into the roof diaphragm.
Where a wall cantilevers above its highest attachment to, or near,
a higher level of the structure, the reduction factor based on the
height within the structure, 1 2z h 3, may result in a lower
anchorage force than appropriate. In such an instance, using a
value of 1.0 for the reduction factor may be more appropriate.

C12.11.2.1 Wall Anchorage Forces. Diaphragm exibility
can amplify out-of-plane accelerations so that the wall
anchorage forces in this condition are twice those de ned in
Section 12.11.1.

C12.11.2.2 Additional Requirements for Anchorage of
Concrete or Masonry Structural Walls to Diaphragms in
Structures Assigned to Seismic Design Categories C through F

C12.11.2.2.1 Transfer of Anchorage Forces into Diaphragm.
This requirement, which aims to prevent the diaphragm from
tearing apart during strong shaking by requiring transfer of
anchorage forces across the complete depth of the diaphragm,
was prompted by failures of connections between tilt-up concrete
walls and wood panelized roof systems in the 1971 San Fernando
earthquake.

Depending on diaphragm shape and member spacing, numer-
ous suitable combinations of subdiaphragms, continuous tie
elements, and smaller sub-subdiaphragms connecting to larger
subdiaphragms and continuous ties are possible. The con gura-
tions of each subdiaphragm (or sub-subdiaphragm) provided
must comply with the simple 2.5-to-1 length-to-width ratio, and
the continuous tie must have adequate member and connection
strength to carry the accumulated wall anchorage forces. The 2.5-
to-1 aspect ratio is applicable to subdiaphragms of all materials,
but only when they serve as part of the continuous tie system.

C12.11.2.2.2 Steel Elements of Structural Wall Anchorage Sys-
tem. A multiplier of 1.4 has been speci ed for strength design of
steel elements to obtain a fracture strength of almost 2 times the
speci ed design force (where  is 0.75 for tensile rupture).

C12.11.2.2.3 Wood Diaphragms. Material standards for wood
structural panel diaphragms permit the sheathing to resist shear
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forces only; use of diaphragm sheathing to resist direct tension or
compression forces is not permitted. Therefore, seismic out-
of-plane anchorage forces from structural walls must be transferred
into framing members (such as beams, purlins, or subpurlins) using
suitable straps or anchors. For wood diaphragms, it is common to
use local framing and sheathing elements as subdiaphragms to
transfer the anchorage forces into more concentrated lines of drag
or continuity framing that carry the forces across the diaphragm and
hold the building together. Fig. C12.11-1 shows a schematic plan
of typical roof framing using subdiaphragms.

Fasteners that attach wood ledgers to structural walls are
intended to resist shear forces from diaphragm sheathing attached
to the ledger that act longitudinally along the length of the ledger
but not shear forces that act transversely to the ledger, which tend
to induce splitting in the ledger caused by cross-grain bending.
Separate straps or anchors generally are provided to transfer out-
of-plane wall forces into perpendicular framing members.

Requirements of Section 12.11.2.2.3 are consistent with re-
quirements of AWC SDPWS, SDPWS-15 (2014) Section 4.1.5.1
but also apply to wood use in diaphragms that may fall outside
the scope of AWC SDPWS. Examples include use of wood
structural panels attached to steel bar joists or metal deck attached
to wood nailers.

C12.11.2.2.4 Metal Deck Diaphragms. In addition to transfer-
ring shear forces, metal deck diaphragms often can resist direct
axial forces in at least one direction. However, corrugated metal
decks cannot transfer axial forces in the direction perpendicular
to the corrugations and are prone to buckling if the unbraced
length of the deck as a compression element is large. To manage
diaphragm forces perpendicular to the deck corrugations, it is
common for metal decks to be supported at 8- to 10-ft (2.4- to
3.0-m) intervals by joists that are connected to walls in a manner
suitable to resist the full wall anchorage design force and to carry
that force across the diaphragm. In the direction parallel to the
deck corrugations, subdiaphragm systems are considered near the
walls; if the compression forces in the deck become large relative
to the joist spacing, small compression reinforcing elements are
provided to transfer the forces into the subdiaphragms.

C12.11.2.2.5 Embedded Straps. Steel straps may be used in
systems where heavy structural walls are connected to wood or
steel diaphragms as the wall-to-diaphragm connection system. In
systems where steel straps are embedded in concrete or masonry
walls, the straps are required to be bent around reinforcing bars in
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the walls, which improve their ductile performance in resisting
earthquake load effects (e.g., the straps pull the bars out of the wall
before the straps fail by pulling out without pulling the reinforcing
bars out). Consideration should be given to the probability that light
steel straps have been used in past earthquakes and have developed
cracks or fractures at the wall-to-diaphragm framing interface
because of gaps in the framing adjacent to the walls.

C12.11.2.2.6 Eccentrically Loaded Anchorage System. Wall
anchors often are loaded eccentrically, either because the anchor-
age mechanism allows eccentricity or because of anchor bolt or
strap misalignment. This eccentricity reduces the anchorage
connection capacity and hence must be considered explicitly in
design of the anchorage. Fig. C12.11-2 shows a one-sided roof-
to-wall anchor that is subjected to severe eccentricity because of a
misplaced anchor rod. If the detail were designed as a concentric
two-sided connection, this condition would be easier to correct.

C12.11.2.2.7 Walls with Pilasters. The anchorage force at pila-
sters must be calculated considering two-way bending in wall
panels. It is customary to anchor the walls to the diaphragms
assuming one-way bending and simple supports at the top and
bottom of the wall. However, where pilasters are present in the
walls, their stiffening effect must be taken into account. The panels
between pilasters are typically supported along all panel edges.
Where this support occurs, the reaction at the top of the pilaster
is the result of two-way action of the panel and is applied directly to
the anchorage supporting the top of the pilaster. The anchor load at
the pilaster generally is larger than the typical uniformly distributed
anchor load between pilasters. Fig. C12.11-3 shows the tributary
area typically used to determine the anchorage force for a pilaster.

Anchor points adjacent to the pilaster must be designed for the
full tributary loading, conservatively ignoring the effect of the
adjacent pilaster.
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C12.12 DRIFT AND DEFORMATION

As used in the standard, de ection is the absolute lateral dis-
placement of any point in a structure relative to its base, and
design story drift, , is the difference in de ection along the
height of a story (i.e., the de ection of a oor relative to that of
the oor below). The drift, , is calculated according to the
procedures of Section 12.8.6. (Sections 12.9.2 and 16.1 give
procedures for calculating displacements for modal response
spectrum and linear response history analysis procedures, re-
spectively; the de nition of in Section 11.3 should be used).

Calculated story drifts generally include torsional contribu-
tions to de ection (i.e., additional de ection at locations of the
center of rigidity at other than the center of mass caused by
diaphragm rotation in the horizontal plane). The provisions allow
these contributions to be neglected where they are not signi cant,
such as in cases where the calculated drifts are much less than the
allowable story drifts, ,, no torsional irregularities exist, and
more precise calculations are not required for structural separa-
tions (see Sections C12.12.3 and C12.12.4).

The de ections and design story drifts are calculated using the
design earthquake ground motion, which is two-thirds of the risk-
targeted maximum considered earthquake (MCEg) ground motion.
The resulting drifts are therefore likely to be underestimated.

The design base shear, V, used to calculate s reduced by the
response modi cation coef cient, R. Multiplying displacements by
the de ection ampli cation factor, Cg, is intended to correct for this
reduction and approximate inelastic drifts corresponding to the
design response spectrum unreduced by R. However, it is recog-
nized that use of values of C4 less than R underestimates de ections
(Uang and Maarouf 1994). Also Sections C12.8.6.2 and C12.9.1.4
deal with the appropriate base shear for computing displacements.

For these reasons, the displacements calculated may not
correspond well to MCEg ground motions. However, they are
appropriate for use in evaluating the structure’s compliance with
the story drift limits put forth in Table 12.12-1 of the standard.

There are many reasons to limit drift; the most signi cant are
to address the structural performance of member inelastic strain
and system stability and to limit damage to nonstructural com-
ponents, which can be life-threatening. Drifts provide a direct but
imprecise measure of member strain and structural stability.
Under small lateral deformations, secondary stresses caused by
the P-delta effect are normally within tolerable limits (see
Section C12.8.7). The drift limits provide indirect control of
structural performance.

Buildings subjected to earthquakes need drift control to limit
damage to partitions, shaft and stair enclosures, glass, and other
fragile nonstructural components. The drift limits have been
established without regard to economic considerations such as
a comparison of present worth of future repairs with additional
structural costs to limit drift. These are matters for building
owners and designers to address.

The allowable story drifts, ,, of Table 12.12-1 re ect the
consensus opinion of the ASCE 7 Committee taking into account
the life-safety and damage control objectives described in the
aforementioned commentary. Because the displacements in-
duced in a structure include inelastic effects, structural damage
as the result of a design-level earthquake is likely. This notion
may be seen from the values of , stated in Table 12.12-1. For
other structures assigned to Risk Category | or Il, the value of ,
is 0.02h,, which is about 10 times the drift ordinarily allowed
under wind loads. If deformations well in excess of , were to
occur repeatedly, structural elements of the seismic force-resist-
ing system could lose so much stiffness or strength that they
would compromise the safety and stability of the structure.
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To provide better performance for structures assigned to Risk
Category Il or 1V, their allowable story drifts, ,, generally are
more stringent than for those assigned to Risk Category | or II.
However, those limits are still greater than the damage thresholds
for most nonstructural components. Therefore, though the per-
formance of structures assigned to Risk Category Il or IV should
be improved, there may be considerable damage from a design-
level earthquake.

The allowable story drifts, 5, for structures a maximum of
four stories above the base are relaxed somewhat, provided that
the interior walls, partitions, ceilings, and exterior wall systems
have been designed to accommodate story drifts. The type of
structure envisioned by footnote d in Table 12.12-1 would be
similar to a prefabricated steel structure with metal skin.

The values of  set forth in Table 12.12-1 apply to each story.
For some structures, satisfying strength requirements may pro-
duce a system with adequate drift control. However, the design of
moment-resisting frames and of tall, narrow shear walls or braced
frames often is governed by drift considerations. Where design
spectral response accelerations are large, seismic drift considera-
tions are expected to control the design of midrise buildings.

C12.12.3 Structural Separation. This section addresses the
potential for impact from adjacent structures during an
earthquake. Such conditions may arise because of construction on
or near a property line or because of the introduction of separations
within a structure (typically called “seismic joints™) for the purpose
of permitting their independent response to earthquake ground
motion. Such joints may effectively eliminate irregularities and
large force transfers between portions of the building with
different dynamic properties.

The standard requires the distance to be “suf cient to avoid
damaging contact under total de ection.” It is recommended that
the distance be computed using the square root of the sum of the
squares of the lateral de ections. Such a combination method
treats the deformations as linearly independent variables. The
de ections used are the expected displacements (e.qg., the antici-
pated maximum inelastic de ections including the effects of
torsion and diaphragm deformation). Just as these displacements
increase with height, so does the required separation. If the
effects of impact can be shown not to be detrimental, the required
separation distances can be reduced.

For rigid shear wall structures with rigid diaphragms whose
lateral de ections cannot be reasonably estimated, the NEHRP
provisions (FEMA 2009a) suggest that older code requirements for
structural separations of at least 1 in. (25 mm) plus 1/2 in. (13 mm)
for each 10 ft (3 m) of height above 20 ft (6 m) be followed.

C12.12.4 Members Spanning between Structures. Where a
portion of the structure is seismically separated from its support, the
design of the support requires attention to ensure that support is
maintained as the two portions move independently during
earthquake ground motions. To prevent loss of gravity support
for members that bridge between the two portions, the relative
displacement must not be underestimated. Displacements
computed for verifying compliance with drift limits [Eq. (12.8-
15)] and structural separations [Eq. (12.12-1)] may be insuf cient
for this purpose.

The provision gives four requirements to ensure that displace-
ment is not underestimated:

1. The de ections calculated using Eg. (12.8-15) are multi-
plied by 1.5R Cg4 to correct for likely underestimation of
displacement by the equation. The factor of 1.5 corrects for
the 2/3 factor that is used in the calculation of seismic base
shear, V, by reducing the base shear from the value based
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on the MCER, ground motion (Section 11.4.4). Multiplying
by R C, corrects for the fact that values of C4 less than R
underestimate de ections (Uang and Maarouf 1994).

2. The de ections are calculated for torsional effects, includ-
ing ampli cation factors. Diaphragm rotation can add
signi cantly to the center-of-mass displacements calculat-
ed using Eq. (12.8-15).

3. Displacements caused by diaphragm deformations are
required to be calculated, as in some types of construction
where the deformation during earthquake ground motions
of the diaphragm can be considerable.

4. The absolute sum of displacements of the two portions is
used instead of a modal combination, such as with
Eqg. (12.12-2), which would represent a probable value.

It is recognized that displacements so calculated are likely to
be conservative. However, the consequences of loss of gravity
support are likely to be severe, and some conservatism is deemed
appropriate.

C12.12.5 Deformation Compatibility for Seismic Design
Categories D through F. In regions of high seismicity, many
designers apply ductile detailing requirements to elements that are
intended to resist seismic forces but neglect such practices for
nonstructural components, or for structural components that are
designed to resist only gravity forces but must undergo the same
lateral deformations as the designated seismic force-resisting
system. Even where elements of the structure are not intended
to resist seismic forces and are not detailed for such resistance, they
can participate in the response and may suffer severe damage as a
result. This provision requires the designer to provide a level of
ductile detailing or proportioning to all elements of the structure
appropriate to the calculated deformation demands at the design
story drift, . This provision may be accomplished by applying
details in gravity members similar to those used in members of the
seismic force-resisting system or by providing suf cient strength in
those members, or by providing suf cient stiffness in the overall
structure to preclude ductility demands in those members.

In the 1994 Northridge earthquake, such participation was a
cause of several failures. A preliminary reconnaissance report of
that earthquake (EERI 1994) states the following:

Of much signi cance is the observation that six of the
seven partial collapses (in modern precast concrete
parking structures) seem to have been precipitated by
damage to the gravity load system. Possibly, the
combination of large lateral deformation and vertical
load caused crushing in poorly con ned columns that
were not detailed to be part of the lateral load resisting
system. Punching shear failures were observed in some
structures at slab-to-column connections, such as at the
Four Seasons building in Sherman Oaks. The primary
lateral load resisting system was a perimeter ductile frame
that performed quite well. However, the interior slab—
column system was incapable of undergoing the same
lateral de ections and experienced punching failures.

This section addresses such concerns. Rather than relying on
designers to assume appropriate levels of stiffness, this section
explicitly requires that the stiffening effects of adjoining rigid
structural and nonstructural elements be considered and that a
rational value of member and restraint stiffness be used for the
design of structural components that are not part of the seismic
force-resisting system.

This section also includes a requirement to address shears that
can be induced in structural components that are not part of the

seismic force-resisting system because sudden shear failures
have been catastrophic in past earthquakes.

The exception is intended to encourage the use of intermediate
or special detailing in beams and columns that are not part of the
seismic force-resisting system. In return for better detailing, such
beams and columns are permitted to be designed to resist
moments and shears from unampli ed de ections. This design
approach re ects observations and experimental evidence that
well-detailed structural components can accommodate large
drifts by responding inelastically without losing signi cant
vertical load-carrying capacity.

C12.13 FOUNDATION DESIGN

C12.13.1 Design Basis. In traditional geotechnical engineering
practice, foundation design is based on allowable stresses, with
allowable foundation load capacities, Qs, for dead plus live
loads based on limiting static settlements, which provides a large
factor of safety against exceeding ultimate capacities. In this
practice, allowable soil stresses for dead plus live loads often are
increased arbitrarily by one-third for load combinations that
include wind or seismic forces. That approach is overly
conservative and not entirely consistent with the design basis
prescribed in Section 12.1.5, since it is not based on explicit
consideration of the expected strength and dynamic properties of
the site soils. Strength design of foundations in accordance with
Section 12.13.5 facilitates more direct satisfaction of the design
basis.

Section 12.13.1.1 provides horizontal load effect, E,,, values
that are used in Section 12.4.2 to determine foundation load
combinations that include seismic effects. Vertical seismic load
effects are still determined in accordance with Section 12.4.2.2.

Foundation horizontal seismic load effect values speci ed in
Section 12.13.1.1 are intended to be used with horizontal seismic
forces, Qg, de ned in Section 12.4.2.1.

C12.13.3 Foundation Load-Deformation Characteristics.
For linear static and dynamic analysis methods, where foundation

exibility is included in the analysis, the load-deformation behavior
of the supporting soil should be represented by an equivalent elastic
stiffness using soil properties that are compatible with the soil strain
levels associated with the design earthquake motion. The strain-
compatible shear modulus, G, and the associated strain-compatible
shear wave velocity, v, needed for the evaluation of equivalent
elastic stiffness are speci ed in Chapter 19 of the standard or can be
based on a site-speci ¢ study. Although inclusion of soil exibility
tends to lengthen the fundamental period of the structure, it should
not change the maximum period limitations applied when
calculating the required base shear of a structure.

A mathematical model incorporating a combined superstructure
and foundation system is necessary to assess the effect of foundation
and soil deformations on the superstructure elements. Typically,
frequency-independent linear springs are included in the mathemat-
ical model to represent the load-deformation characteristics of the
soil, and the foundation components are either explicitly modeled
(e.g., mat foundation supporting a con guration of structural walls)
orare assumed to be rigid (e.g., spread footing supporting a column).
Inspeci c cases, a spring may be used to model both the soil and the
foundation component (e.g., grade beams or individual piles).

For dynamic analysis, the standard requires a parametric
evaluation with upper and lower bound soil parameters to
account for the uncertainty in as-modeled soil stiffness and in
situ soil variability and to evaluate the sensitivity of these
variations on the superstructure. Sources of uncertainty include
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variability in the rate of loading, including the cyclic nature of
building response, level of strain associated with loading at the
design earthquake (or stronger), idealization of potentially non-
linear soil properties as elastic, and variability in the estimated
soil properties. To a lesser extent, this variation accounts for
variability in the performance of the foundation components,
primarily when a rigid foundation is assumed or distribution of
cracking of concrete elements is not explicitly modeled.

Commonly used analysis procedures tend to segregate the
“structural” components of the foundation (e.g., footing, grade
beam, pile, and pile cap) from the supporting (e.g., soil) com-
ponents. The “structural” components are typically analyzed
using standard strength design load combinations and method-
ologies, whereas the adjacent soil components are analyzed using
allowable stress design (ASD) practices, in which earthquake
forces (that have been reduced by R) are considered using ASD
load combinations, to make comparisons of design forces versus
allowable capacities. These “allowable” soil capacities are typi-
cally based on expected strength divided by a factor of safety, for
a given level of potential deformations.

When design of the superstructure and foundation components
is performed using strength-level load combinations, this tradi-
tional practice of using allowable stress design to verify soil
compliance can become problematic for assessing the behavior
of foundation components. The 2009 NEHRP provisions (FEMA
2009a) contain two resource papers (RP 4 and RP 8) that provide
guidance on the application of ultimate strength design proce-
dures in the geotechnical design of foundations and the devel-
opment of foundation load-deformation characterizations for
both linear and nonlinear analysis methods. Additional guidance
on these topics is contained in ASCE 41 (2014b).

C12.13.4 Reduction of Foundation Overturning. Since the
vertical distribution of horizontal seismic forces prescribed for
use with the equivalent lateral force procedure is intended to
envelope story shears, the resulting base overturning forces can
be exaggerated in some cases. (See Section C12.13.3.) Such
overturning will be over-estimated where multiple vibration modes
are excited, so a 25 percent reduction in overturning effects is
permitted for veri cation of soil stability. This reduction is not
permitted for inverted pendulum or cantilevered column type
structures, which typically have a single mode of response.
Since the modal response spectrum analysis procedure more
accurately re ects the actual distribution of base shear and over-
turning moment, the permitted reduction is reduced to 10 percent.

C12.13.5 Strength Design for Foundation Geotechnical
Capacity. This section provides guidance for determination of
nominal strengths, resistance factors, and acceptance criteria
when the strength design load combinations of Section 12.4.2
are used, instead of allowable stress load combinations, to check
stresses at the soil-foundation interface.

C12.13.5.1.1 Soil Strength Parameters. If soils are saturated or
anticipated to become so, undrained soil properties might be used
for transient seismic loading, even though drained strengths may
have been used for static or more sustained loading. For
competent soils that are not expected to degrade in strength
during seismic loading (e.g., due to partial or total liquefaction of
cohesionless soils or strength reduction of sensitive clays), use of
static soil strengths is recommended for determining the nominal
foundation geotechnical capacity, Q,s, of foundations. Use of
static strengths is somewhat conservative for such soils because
rate-of-loading effects tend to increase soil strengths for transient
loading. Such rate effects are neglected because they may not
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result in signi cant strength increase for some soil types and are
dif cult to estimate con dently without special dynamic testing
programs. The assessment of the potential for soil liquefaction or
other mechanisms for reducing soil strengths is critical, because
these effects may reduce soil strengths greatly below static
strengths for susceptible soils.

The best estimated nominal strength of footings, Q,, should be
determined using accepted foundation engineering practice. In the
absence of moment loading, the ultimate vertical load capacity of a
rectangular footing of width B and length L may be written as
Qns =0. BL , where g, = ultimate soil bearing pressure.

For rigid footings subject to moment and vertical load, contact
stresses become concentrated at footing edges, particularly as
footing uplift occurs. Although the nonlinear behavior of soils
causes the actual soil pressure beneath a footing to become
nonlinear, resulting in an ultimate foundation strength that is
slightly greater than the strength that is determined by assuming a
simpli ed trapezoidal or triangular soil pressure distribution with
a maximum soil pressure equal to the ultimate soil pressure, g,
the difference between the nominal ultimate foundation strength
and the effective ultimate strength calculated using these simpli-

ed assumptions is not signi cant.

Lateral resistance may be determined from test data, or by a
combination of lateral bearing, lateral friction, and cohesion values.
The lateral bearing values may represent values determined from
the passive strength values of soil or rock, or they may represent a
reduced “allowable” value determined to meet a de ned deforma-
tion limit. Lateral friction values may represent side-friction values
caused by uplift or movement of a foundation against soils, such as
for pile uplift or a side friction caused by lateral foundation
movement, or they may represent the lateral friction resistance
that may be present beneath a foundation caused by the gravity
weight of loads that is bearing upon the supporting material.

The lateral foundation geotechnical capacity of a footing may
be assumed to be equal to the sum of the best estimated soil
passive resistance against the vertical face of the footing plus the
best estimated soil friction force on the footing base. The
determination of passive resistance should consider the potential
contribution of friction on the vertical face.

For piles, the best estimated vertical strength (for both axial
compression and axial tensile loading) should be determined
using accepted foundation engineering practice. The moment
capacity of a pile group should be determined assuming a rigid
pile cap, leading to an initial triangular distribution of axial pile
loading from applied overturning moments. However, the full
expected axial capacity of piles may be mobilized when com-
puting moment capacity, in a manner analogous to that described
for a footing. The strength provided in pile caps and intermediate
connections should be capable of transmitting the best estimated
pile forces to the supported structure. When evaluating axial
tensile strength, consideration should be given to the capability of
pile cap and splice connections to resist the factored tensile loads.

The lateral foundation geotechnical capacity of a pile group
may be assumed to be equal to the best estimated passive
resistance acting against the face of the pile cap plus the
additional resistance provided by piles.

When the nominal foundation geotechnical capacity, Qps, is
determined by in situ testing of prototype foundations, the test
program, including the appropriate number and location of test
specimens, should be provided to the authority having jurisdic-
tion by a registered design professional, based on the scope and
variability of geotechnical conditions present at the site.

C12.13.5.2 Resistance Factors. Resistance factors, , are
provided to reduce nominal foundation geotechnical capacities,

STANDARD ASCE/SEI 7-16



Qs to design foundation geotechnical capacities, Qps, to verify
foundation acceptance criteria. The values of  recommended
here have been based on the values presented in the AASHTO
LRFD Bridge Design Speci cations (2010). The AASHTO
values have been further simpli ed by using the lesser values
when multiple values are presented. These resistance factors
account not only for unavoidable variations in design,
fabrication, and erection, but also for the variability that often
is found in site conditions and test methods (AASHTO 2010).

C12.13.5.3 Acceptance  Criteria. The design  foundation
geotechnical capacity, Q,s, is used to assess acceptability for
the linear analysis procedures. The mobilization of ultimate capacity
in nonlinear analysis procedures does not necessarily lead to
unacceptable performance because structural deformations caused
by foundation displacements may be tolerable. For the nonlinear
analysis procedures, Section 12.13.3 also requires evaluation of
structural behavior using parametric variation of foundation strength
to identify potential changes in structural ductility demands.

C12.13.6 Allowable Stress Design for Foundation
Geotechnical Capacity. In traditional geotechnical
engineering practice, foundation design is based on allowable
stresses, with allowable foundation load capacities, Q,s, for dead
plus live loads based on limiting static settlements, which
provides a large factor of safety against exceeding ultimate
capacities. In this practice, allowable soil stresses for dead
plus live loads often are increased arbitrarily by one-third for
load combinations that include wind or seismic forces. That
approach may be both more conservative and less consistent than
the strength design basis prescribed in Section 12.1.5, since it is
not based on explicit consideration of the expected strength and
dynamic properties of the site soils.

C12.13.7 Requirements for Structures Assigned to Seismic
Design Category C

C12.13.7.1 Pole-Type Structures. The high contact pressures
that develop between an embedded pole and soil as a result of
lateral loads make pole-type structures sensitive to earthquake
motions. Pole-bending strength and stiffness, the soil lateral
bearing capacity, and the permissible deformation at grade
level are key considerations in the design. For further
discussion of pole—soil interaction, see Section C12.13.8.7.

C12.13.7.2 Foundation Ties. One important aspect of
adequate seismic performance is that the foundation system
acts as an integral unit, not permitting one column or wall to
move appreciably to another. To attain this performance, the
standard requires that pile caps be tied together. This requirement
is especially important where the use of deep foundations is
driven by the existence of soft surface soils.

Multistory buildings often have major columns that run the full
height of the building adjacent to smaller columns that support
only one level; the calculated tie force should be based on the
heavier column load.

The standard permits alternate methods of tying foundations
together when appropriate. Relying on lateral soil pressure on
pile caps to provide the required restraint is not a recommended
method because ground motions are highly dynamic and may
occasionally vary between structure support points during a
design-level seismic event.

C12.13.7.3 Pile Anchorage Requirements. The pile anchorage
requirements are intended to prevent brittle failures of the
connection to the pile cap under moderate ground motions.
Moderate ground motions can result in pile tension forces or

bending moments that could compromise shallow anchorage
embedment. Loss of pile anchorage could result in increased
structural displacements from rocking, overturning instability,
and loss of shearing resistance at the ground surface. A concrete
bond to a bare steel pile section usually is unreliable, but connection
by means of deformed bars properly developed from the pile cap
into concrete con ned by a circular pile section is permitted.

C12.13.8 Requirements for Structures Assigned to Seismic
Design Categories D through F

C12.13.8.1 Pole-Type Structures. See Section C12.13.7.1.

C12.13.8.2 Foundation Ties. See Section C12.13.7.2. For
Seismic Design Categories D through F, the requirement is
extended to spread footings on soft soils (Site Class E or F).

C12.13.8.3 General Pile Design Requirement. Design of piles
is based on the same response modi cation coef cient, R, used in
design of the superstructure; because inelastic behavior results, piles
should be designed with ductility similar to that of the
superstructure. When strong ground motions occur, inertial pile—
soil interaction may produce plastic hinging in piles near the bottom
of the pile cap, and kinematic soil—pile interaction results in bending
moments and shearing forces throughout the length of the pile,
being higher at interfaces between stiff and soft soil strata. These
effects are particularly severe in soft soils and lique able soils, so
Section 14.2.3.2.1 requires special detailing in areas of concern.

The shears and curvatures in piles caused by inertial and
kinematic interaction may exceed the bending capacity of con-
ventionally designed piles, resulting in severe damage. Analysis
techniques to evaluate pile bending are discussed by Margason
and Holloway (1977) and Mylonakis (2001), and these effects on
concrete piles are further discussed by Sheppard (1983). For
homogeneous, elastic media and assuming that the pile follows
the soil, the free- eld curvature (soil strains without a pile present)
can be estimated by dividing the peak ground acceleration by the
square of the shear wave velocity of the soil. Considerable
judgment is necessary in using this simple relationship for a
layered, inelastic pro le with pile—soil interaction effects. Norris
(1994) discusses methods to assess pile—soil interaction.

Where determining the extent of special detailing, the designer
must consider variation in soil conditions and driven pile lengths,
so that adequate ductility is provided at potentially high curvature
interfaces. Con nement of concrete piles to provide ductility and
maintain functionality of the con ned core pile during and after
the earthquake may be obtained by use of heavy spiral reinforce-
ment or exterior steel liners.

C12.13.8.4 Batter Piles. Partially embedded batter piles have
a history of poor performance in strong ground shaking, as
shown by Gerwick and Fotinos (1992). Failure of battered piles
has been attributed to design that neglects loading on the piles
from ground deformation or assumes that lateral loads are
resisted by axial response of piles without regard to moments
induced in the pile at the pile cap (Lam and Bertero 1990).
Because batter piles are considered to have limited ductility,
they must be designed using the load combinations including
overstrength. Moment-resisting connections between pile and
pile cap must resolve the eccentricities inherent in batter pile
con gurations. This concept is illustrated clearly by EQE
Engineering (1991).

C12.13.8.5 Pile Anchorage Requirements. Piles should be
anchored to the pile cap to permit energy-dissipating
mechanisms, such as pile slip at the pile-soil interface, while
maintaining a competent connection. This section of the standard
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sets forth a capacity design approach to achieve that objective.
Anchorages occurring at pile cap corners and edges should be
reinforced to preclude local failure of plain concrete sections
caused by pile shears, axial loads, and moments.

C12.13.8.6 Splices of Pile Segments. A capacity design
approach, similar to that for pile anchorage, is applied to pile
splices.

C12.13.8.7 Pile-Soil Interaction. Short piles and long slender
piles embedded in the earth behave differently when subjected to
lateral forces and displacements. The response of a long slender
pile depends on its interaction with the soil considering the
nonlinear response of the soil. Numerous design aid curves and
computer programs are available for this type of analysis, which is
necessary to obtain realistic pile moments, forces, and de ections
and is common in practice (Ensoft 2004b). More sophisticated
models, which also consider inelastic behavior of the pile itself, can
be analyzed using general-purpose nonlinear analysis computer
programs or closely approximated using the pile—soil limit state
methodology and procedure given by Song et al. (2005).

Each short pile (with length-to-diameter ratios no more than 6)
can be treated as a rigid body, simplifying the analysis. A method
assuming a rigid body and linear soil response for lateral bearing
is given in the current building codes. A more accurate and
comprehensive approach using this method is given in a study by
Czerniak (1957).

C12.13.8.8 Pile Group Effects. The effects of groups of piles,
where closely spaced, must be taken into account for vertical and
horizontal response. As groups of closely spaced piles move
laterally, failure zones for individual piles overlap and horizontal
strength and stiffness response of the pile—soil system is reduced.
Reduction factors or “p-multipliers” are used to account for these
groups of closely spaced piles. For a pile center-to-center spacing
of three pile diameters, reduction factors of 0.6 for the leading
pile row and 0.4 for the trailing pile rows are recommended
by Rollins et al. (1999). Computer programs are available to
analyze group effects assuming nonlinear soil and elastic piles
(Ensoft 2004a).

C12.13.9 Requirements for Foundations on Lique able
Sites. This new section provides requirements for foundations
of structures that are located on sites that have been determined
to have the potential to liquefy when subjected to Geomean
Maximum Considered Earthquake ground motions. This section
complements the requirements of Section 11.8, which provides
requirements for geotechnical investigations in areas with signi  cant
seismic ground motion hazard with speci ¢ requirements for
additional geotechnical information and recommendations for
sites that have the potential to liquefy when subjected to the
Geomean Maximum Considered Earthquake ground motion.

Before the 2010 edition of ASCE 7 (which was based on the
2009 NEHRP Recommended Seismic Provisions for New
Buildings and Other Structures, FEMA 2009a), the governing
building code requirements for foundations where potentially
lique able soil conditions were present was Chapter 18 of the
International Building Code (ICC 2009). Chapter 18 of the IBC
(ICC 2009) speci ed the use of the design earthquake (DE)
ground motions for all structural and geotechnical evaluations for
buildings. Chapter 18 of IBC (ICC 2012) references ASCE 7-10
(2010) and deletes reference to the DE. Chapter 11 of ASCE 7-10
(2010) has new requirements that specify that Maximum Con-
sidered Earthquake (MCE) rather than the DE ground motions
should be used for geotechnical (liquefaction-related) evaluations
that are speci ed in IBC (ICC 2009).
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The reason that the change to MCE ground motions for
liquefaction evaluations was made in ASCE 7-10 (2010) was
to make the ground motions used in the evaluations consistent
with the ground motions used as the basis for the design of
structures. Starting with the 2000 edition of the IBC (ICC 2000),
the ground motion maps provided in the code for seismic design
were MCE mapped values and not DE values. Although design
values for structures in the IBC are based on DE ground motions,
which are two-thirds of the MCE, studies (FEMA 2009b) have
indicated that structures designed for DE motions had a low
probability of collapse at MCE level motions. However, these
studies presumed nonlique able soil conditions. It should also be
noted that most essential structures, such as hospitals, are
required to be explicitly designed for MCE motions. Whereas
ASCE 7-10 has speci ¢ requirements for MCE-level liquefaction
evaluations, it has no speci ¢ requirements for foundation design
when these conditions exist. This lack of clear direction was the
primary reason for the development of this new section.

The requirements of this section, along with the seismic
requirements of this standard, are intended to result in structure
foundation systems that satisfy the performance goals stated in
Section 1.1 of the 2009 NEHRP Recommended Seismic Provi-
sions for New Buildings and Other Structures for structure sites
that have been determined to be lique able per Section 11.8.
They require mitigation of signi cant liquefaction-induced risks,
either through ground improvement or structural measures,
aimed at preventing liquefaction-induced building collapse and
permitting the structure and its nonstructural system to satisfy
the Section 1.1 performance goals. With the exception of Risk
Category IV Essential Facilities, the provisions do not seek to
control non-life-threatening damage to buildings that may occur
as a result of liquefaction-induced settlement. For Risk Category
IV Essential Facilities, the provisions seek to limit damage
attributable to liquefaction to levels that would permit post-
earthquake use. For example, settlement is controlled to levels
that would be expected to allow for continued operation of
doors.

There is nothing in these provisions that is intended to
preclude the Authority Having Jurisdiction from enacting more
stringent planning regulations for building on sites susceptible to
potential geologic hazards, in recognition of losses that may
occur in the event of an earthquake that triggers liquefaction.

In the rst paragraph of Section 12.13.9, it is stated that the
foundation must also be designed to resist the effects of design
earthquake seismic load effects assuming that liquefaction does
not occur. This additional requirement is imposed since maxi-
mum seismic loads on a foundation during an earthquake can
occur before liquefaction. This additional requirement provides
assurance that the foundation will be adequate regardless of when
liquefaction occurs during the seismic event.

Observed Liquefaction-Related Structural Damage in Past
Earthquakes

Damage to structures from liquefaction-related settlement,
punching failure of footings, and lateral spreading has been
common in past earthquakes. Whereas total postliquefaction
settlement values have varied from several inches to several feet
(depending on the relative density and thickness of saturated sand
deposits), differential settlements depend on the uniformity of
site conditions and the depth of lique ed strata. For example, in
the 1995 Kobe, Japan, earthquake, total settlements of 1.5 to
2.5 ft (0.46 to 0.76 m) were observed but with relatively small
differential settlements.

In the 1989 Loma Prieta, California, earthquake, settlements of
as much as 2 ft (0.61 m) and lateral spreading that ranged
between 0.25 and 5 ft (0.08 and 1.5 m) were observed on the
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Moss Landing spit. The Monterey Bay Aquarium Research
Institute’s (MBARI’s) technology building was supported on
shallow foundation with ties and located some 30 ft (9.14 m)
away from the edge of the Moss Landing South Harbor. Whereas
0.25 ft (0.76 m) of lateral spreading was measured at the MBARI
building, it suffered only minor cracks. On the other hand, the
Moss Landing Marine Lab (MLML) building was located on a
different part of the spit where between 4 and 5 ft (1.22 and
1.52 m) of lateral spreading was measured. The MLML building,
which was supported on shallow foundations without ties,
collapsed as the building footings were pulled apart. The MBARI
research pier, located at the harbor, across the street from the
Technology Building, suffered no damage except for minor
spalling at the underside of the concrete deck, where the 16-in.
(406.4-mm) diameter cylindrical driven piles for the pier inter-
faced with the overlying concrete deck.

The 1999 Kocaeli, Turkey, earthquake provided numerous
examples of the relationship between liquefaction-induced soil
deformations and building and foundation damage in the city of
Adapazari. Examples include a ve-story reinforced concrete
frame building on a mat foundation that settled about 0.5 ft
(0.15 m) at one corner and 5 ft (1.5 m) at the opposite corner with
related tilting associated with rigid body motion. Essentially no
foundation or structural damage was observed. In contrast,
several buildings on mat foundations underwent bearing capacity
failures and overturned. The foundation soil strength loss, evi-
denced by bulging around the building perimeter, initiated the
failures, as opposed to differential settlement caused by post-
liquefaction volume change in the former case history. In addi-
tion, lateral movements of building foundations were also ob-
served. Movements were essentially rigid body for buildings on
stiff mat foundations, and they led to no signi cant building
damage. For example, a ve-story building experienced about
15 ft (0.46 m) of settlement and 3 ft (0.91 m) of lateral
displacement.

In the 2011 and 2012 Christchurch, New Zealand, earth-
quakes, signi cant differential settlement occurred for several
buildings on spread footings. Values of differential settlement of
1to 1.5 ft (0.31 to 0.46 m) were measured for three- to ve-story
buildings, resulting in building tilt of 2 to 3 deg. Structural
damage was less for cases where relatively strong reinforced
concrete ties between footings were used to minimize differential
settlement. Footing punching failures also occurred leading to
signi cant damage. For taller buildings on relatively rigid raft
foundations, differential ground settlement resulted in building
tilt, but less structural damage. In contrast, structures on pile
foundations performed relatively well.

C12.13.9.1 Foundation Design. Foundations are not allowed
to lose the strength capacity to support vertical reactions after
liquefaction. This requirement is intended to prevent bearing
capacity failure of shallow foundations and axial load failure of
deep foundations. Settlement in the event of such failures cannot
be accurately estimated and has potentially catastrophic
consequences. Such failures can be prevented by using ground
improvement or adequately designed deep foundations.
Ligquefaction-induced differential settlement can result from var-
iations in the thickness, relative density, or nes content of poten-
tially lique able layers that occur across the footprint of the structure.
When planning a eld exploration program for a potentially lique -
able site, where it is anticipated that shallow foundations may be
used, the geotechnical engineer must have information on the
proposed layout of the building(s) on the site. This information is
essential to properly locating and spacing exploratory holes to obtain
an appropriate estimate of anticipated differential settlement. One

FIGURE C12.13-1 Example Showing Differential Settlement Terms
v and L

acceptable method for dealing with unacceptable liquefaction-
induced settlements is by performing ground improvement. There
are many acceptable methods for ground improvement.

C12.13.9.2 Shallow Foundations. Shallow foundations are
permitted where individual footings are tied together so that
they have the same horizontal displacements, and differential
settlements are limited or where the expected differential
settlements can be accommodated by the structure and the
foundation system. The lateral spreading limits provided in
Table 12.13-2 are based on engineering judgment and are the
judged upper limits of lateral spreading displacements that can be
tolerated while still achieving the desired performance for each
Risk Category, presuming that the foundation is well tied
together. Differential settlement is de ned as , L, where
and L are illustrated for an example structure in Fig. C12.13-1.
The differential settlement limits speci ed in Table 12.13-3 are
intended to provide collapse resistance for Risk Category Il and
I structures.

The limit for one-story Risk Category Il structures with
concrete or masonry structural walls is consistent with the drift
limit in ASCE 41 (2014b) for concrete shear walls to maintain
collapse prevention. The limit for taller structures is more
restrictive because of the effects that the tilt would have on the

oors of upper levels. This more restrictive limit is consistent
with the “moderate to severe damage” for multistory masonry
structures, as indicated in Boscardin and Cording (1989).

The limits for structures without concrete or masonry structural
walls are less restrictive and are consistent with the drift limits in
ASCE 41 (2014b) for high-ductility concrete frames to maintain
collapse prevention. Frames of lower ductility are not permitted in
Seismic Design Categories C and above, which are the only
categories where liquefaction hazards need to be assessed.

The limits for Risk Category 1l structures are two-thirds of
those speci ed for Risk Category II.

The limits for Risk Category IV are intended to maintain
differential settlements less than the distortion that will cause doors
to jam in the design earthquake. The numerical value is based on the
median value of drift (0.0023) at the onset of the damage state for
jammed doors developed for the ATC-58 project (ATC 2012),
multiplied by 1.5 to account for the dispersion and scaled to account
for the higher level of shaking in the MCE relative to the DE.

Shallow foundations are required to be interconnected by ties,
regardless of the effects of liquefaction. The additional detailing
requirements in this section are intended to provide moderate
ductility in the behavior of the ties because the adjacent founda-
tions may settle differentially. The tie force required to
accommodate lateral ground displacement is intended to be a
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FIGURE C12.13-2 Determination of Ultimate Pile Capacity in
Lique able Soils

conservative assessment to overcome the maximum frictional
resistance that could occur between footings along each column
or wall line. The tie force assumes that the lateral spreading
displacement occurs abruptly midway along the column or wall
line. The coef cient of friction between the footings and under-
lying soils may be taken conservatively as 0.50. This requirement
is intended to maintain continuity throughout the substructure in
the event of lateral ground displacement affecting a portion of the
structure. The required tie force should be added to the force
determined from the lateral loads for the design earthquake in
accordance with Sections 12.8, 12.9, 12.14, or Chapter 16.

C12.13.9.3 Deep Foundations. Pile foundations are intended to
remain elastic under axial loadings, including those from gravity,
seismic, and downdrag loads. Since geotechnical design is most
frequently performed using allowable stress design (ASD)
methods, and liquefaction-induced downdrag is assessed at an
ultimate level, the requirements state that the downdrag is
considered as a reduction in the ultimate capacity. Since
structural design is most frequently performed using load and
resistance factor design (LRFD) methods, and the downdrag is
considered as a load for the pile structure to resist, the requirements
clarify that the downdrag is considered as a seismic axial load, to
which a factor of 1.0 would be applied for design.

The ultimate geotechnical capacity of the pile should be
determined using only the contribution from the soil below the
lique able layer. The net ultimate capacity is the ultimate
capacity reduced by the downdrag load (Fig. C12.13-2).

Lateral resistance of the foundation system includes resistance
of the piles as well as passive pressure acting on walls, pile caps,
and grade beams. Analysis of the lateral resistance provided by
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these disparate elements is usually accomplished separately. In
order for these analyses to be applicable, the displacements used
must be compatible. Lateral pile analyses commonly use nonlin-
ear soil properties. Geotechnical recommendations for passive
pressure should include the displacement at which the pressure is
applicable, or they should provide a nonlinear mobilization curve.
Liquefaction occurring in near-surface layers may substantially
reduce the ability to transfer lateral inertial forces from founda-
tions to the subgrade, potentially resulting in damaging lateral
deformations to piles. Ground improvement of surface soils may
be considered for pile-supported structures to provide additional
passive resistance to be mobilized on the sides of embedded pile
caps and grade beams, as well as to increase the lateral resistance
of piles. Otherwise, the check for transfer of lateral inertial forces
is the same as for structures on nonlique able sites.

IBC (ICC 2012), Section 1810.2.1, requires that deep founda-
tion elements in uid (lique ed) soil be considered unsupported
for lateral resistance until a point 5 ft (1.5 m) into stiff soil or 10 ft
(3.1 m) into soft soil unless otherwise approved by the authority
having jurisdiction on the basis of a geotechnical investigation by
a registered design professional. Where liquefaction is predicted
to occur, the geotechnical engineer should provide the dimen-
sions (depth and length) of the unsupported length of the pile or
should indicate if the lique ed soil will provide adequate resis-
tance such that the length is considered laterally supported in this
soil. The geotechnical engineer should develop these dimensions
by performing an analysis of the nonlinear resistance of the soil
to lateral displacement of the pile (i.e., p-y analysis).

Concrete pile detailing includes transverse reinforcing require-
ments for columns in ACI 318-14 (2014). This is intended to
provide ductility within the pile similar to that required for
columns.

Where permanent ground displacement is indicated, piles are
not required to remain elastic when subjected to this displace-
ment. The provisions are intended to provide ductility and
maintain vertical capacity, including exure-critical behavior of
concrete piles.

The required tie force speci ed in Section 12.13.9.3.5 should
be added to the force determined from the lateral loads for the
design earthquake in accordance with Sections 12.8, 12.9, 12.14,
or Chapter 16.

C12.14 SIMPLIFIED ALTERNATIVE STRUCTURAL
DESIGN CRITERIA FOR SIMPLE BEARING
WALL OR BUILDING FRAME SYSTEMS

C12.14.1 General. In recent years, engineers and building
of cials have become concerned that the seismic design
requirements in codes and standards, though intended to make
structures perform more reliably, have become so complex and
dif cult to understand and implement that they may be
counterproductive. Because the response of buildings to
earthquake ground shaking is complex (especially for irregular
structural systems), realistically accounting for these effects can
lead to complex requirements. There is a concern that the typical
designers of small, simple buildings, which may represent more
than 90% of construction in the United States, have dif culty
understanding and applying the general seismic requirements of
the standard.

The simpli ed procedure presented in this section of the
standard applies to low-rise, stiff buildings. The procedure,
which was re ned and tested over a ve-year period, was
developed to be used for a de ned set of buildings deemed to
be suf ciently regular in structural con guration to allow a
reduction of prescriptive requirements. For some design
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elements, such as foundations and anchorage of nonstructural
components, other sections of the standard must be followed, as
referenced within Section 12.14.

C12.14.1.1 Simpli ed Design Procedure. Reasons for the
limitations of the simpli ed design procedure of Section 12.14
are as follows:

1. The procedure was developed to address adequate seismic
performance for standard occupancies. Because it was not
developed for higher levels of performance associated
with structures assigned to Risk Categories Il and 1V, no
Importance Factor (1) is used.

2. Site Class E and F soils require specialized procedures
that are beyond the scope of the procedure.

3. The procedure was developed for stiff, low-rise buildings,
where higher mode effects are negligible.

4. Only stiff systems where drift is not a controlling design
criterion may use the procedure. Because of this limitation,
drifts are not computed. The response modi cation coef -
cient, R, and the associated system limitations are consistent
with those found in the general Chapter 12 requirements.

5. To achieve a balanced design and a reasonable level of
redundancy, two lines of resistance are required in each of
the two major axis directions. Because of this stipulation,
no redundancy factor () is applied.

6. When combined with the requirements in items 7 and 8,
this requirement reduces the potential for dominant tor-
sional response.

7. Although concrete diaphragms may be designed for even
larger overhangs, the torsional response of the system
would be inconsistent with the behavior assumed in
development of Section 12.14. Large overhangs for exi-
ble diaphragm buildings can also produce a response that
is inconsistent with the assumptions associated with the
procedure.

8. Linear analysis shows a signi cant difference in re-
sponse between exible and rigid diaphragm behavior.
However, nonlinear response history analysis of systems
with the level of ductility present in the systems per-
mitted in Table 12.14-1 for the higher Seismic Design
Categories has shown that a system that satis es these
layout and proportioning requirements provides essen-
tially the same probability of collapse as a system with
the same layout but proportioned based on rigid dia-
phragm behavior (BSSC 2015). This procedure avoids
the need to check for torsional irregularity, and

calculation of accidental torsional moments is not re-
quired. Fig. C12.14-1 shows a plan with closely spaced
walls in which the method permitted in subparagraph
(c) should be implemented. In that circumstance, the

exible diaphragm analysis would rst be performed as
if there were one wall at the location of the centroid of
walls 4 and 5, then the force computed for that group
would be distributed to walls 4 and 5 based on an
assessment of their relative stiffnesses.

9. Anessentially orthogonal orientation of lines of resistance
effectively uncouples response along the two major axis
directions, so orthogonal effects may be neglected.

10. Where the simpli ed design procedure is chosen, it must
be used for the entire design in both major axis directions.

11. Because in-plane and out-of-plane offsets generally create
large demands on diaphragms, collectors, and discontin-
uous elements, which are not addressed by the procedure,
these irregularities are prohibited.

12. Buildings that exhibit weak-story behavior violate the
assumptions used to develop the procedure.

C12.14.3 Seismic Load Effects and Combinations. The
equations for seismic load effects in the simpli ed design
procedure are consistent with those for the general procedure,
with one notable exception: The overstrength factor
(corresponding to ( in the general procedure) is set at 2.5
for all systems, as indicated in Section 12.14.3.2.1. Given the
limited systems that can use the simpli ed design procedure,
specifying unique overstrength factors was deemed unnecessary.

C12.14.7 Design and Detailing Requirements. The design
and detailing requirements outlined in this section are similar
to those for the general procedure. The few differences include
the following:

1. Forces used to connect smaller portions of a structure to the
remainder of the structures are taken as 0.20 times the
short-period design spectral response acceleration, Spg,
rather than the general procedure value of 0.133
(Section 12.14.7.1).

2. Anchorage forces for concrete or masonry structural walls
for structures with diaphragms that are not exible are
computed using the requirements for nonstructural walls
(Section 12.14.7.5).

C12.14.8 Simpli ed Lateral Force Analysis Procedure

C12.14.8.1 Seismic Base Shear. The seismic base shear in the
simpli ed design procedure, as given by Eq. (12.14-11), is a
function of the short-period design spectral response acceleration,
Sps- The value for F in the base shear equation addresses changes
in dynamic response for buildings that are two or three stories
above grade plane (see Section 11.2 for de nitions of “grade
plane” and “story above grade plane”). As in the general
procedure (Section 12.8.1.3), Sps may be computed for short,
regular structures with Sg taken as no greater than 1.5.

C12.14.8.2 Vertical Distribution. The seismic forces for
multistory buildings are distributed vertically in proportion to
the weight of the respective oor. Given the slightly ampli ed
base shear for multistory buildings, this assumption, along with
the limit of three stories above grade plane for use of the
procedure, produces results consistent with the more
traditional triangular distribution without introducing that
more sophisticated approach.
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C12.14.8.5 Drift Limits and Building Separation. For the
simpli ed design procedure, which is restricted to stiff shear
wall and braced frame buildings, drift need not be calculated.
Where drifts are required (such as for structural separations and
cladding design) a conservative drift value of 1% is speci ed.
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and electrical components. These documents provide design
guidance for normal and upset (abnormal) operating condi-
tions and for various environmental conditions. Some of these
documents include earthquake design requirements in the context
of the overall mechanical or electrical design. It is the intent of
the standard that seismic requirements in referenced documents
be used. The developers of these documents are familiar with the
expected performance and failure modes of the components;
however, the documents may be based on design considerations
not immediately obvious to a structural design professional. For
example, in the design of industrial piping, stresses caused by
seismic inertia forces typically are not added to those caused by
thermal expansion.

Where reference documents have been adopted speci cally by
this standard as meeting the force and displacement requirements
of this chapter with or without modi cation, they are considered
to be a part of the standard.

There is a potential for misunderstanding and misapplication
of reference documents for the design of mechanical and electri-
cal systems. A registered design professional familiar with both
the standard and the reference documents used should be in-
volved in the review and acceptance of the seismic design.

Even when reference documents for nonstructural components
lack speci c earthquake design requirements, mechanical and
electrical equipment constructed in accordance with industry-
standard reference documents have performed well historically
when properly anchored. Nevertheless, manufacturers of me-
chanical and electrical equipment are expected to consider
seismic loads in the design of the equipment itself, even when
such consideration is not explicitly required by this chapter.

Although some reference documents provide requirements for
seismic capacity appropriate to the component being designed,
the seismic demands used in design may not be less than those
speci ed in the standard.

Speci c¢ guidance for selected mechanical and electrical com-
ponents and conditions is provided in Section 13.6.

Unless exempted in Section 13.1.4, components should be
anchored to the structure and, to promote coordination, required
supports and attachments should be detailed in the construction
documents. Reference documents may contain explicit instruc-
tion for anchorage of nonstructural components. The anchorage
requirements of Section 13.4 must be satis ed in all cases,
however, to ensure a consistent level of robustness in the
attachments to the structure.

C13.1.8 Reference Documents Using Allowable Stress
Design. Many nonstructural components are designed using
speci cally developed reference documents that are based on
allowable stress loads and load combinations and generally
permit increases in allowable stresses for seismic loading.
Although Section 2.4.1 of the standard does not permit in-
creases in allowable stresses, Section 13.1.8 explicitly de nes
the conditions for stress increases in the design of nonstructural
components where reference documents provide a basis for
earthquake-resistant design.

C13.2 GENERAL DESIGN REQUIREMENTS

C13.2.1 Applicable  Requirements for  Architectural,
Mechanical, and Electrical Components, Supports, and
Attachments. Compliance with the requirements of Chapter 13
may be accomplished by project-speci ¢ design or by a
manufacturer’s certi cation of seismic quali cation of a system
or component. When compliance is by manufacturer’s certi cation,
the items must be installed in accordance with the manufacturer’s

requirements. Evidence of compliance may be provided in the form
of a signed statement from a representative of the manufacturer or
from the registered design professional indicating that the com-
ponent or system is seismically quali ed. One or more of the
following options for evidence of compliance may be applicable:

1. An analysis (e.g., of a distributed system such as piping)
that includes derivation of the forces used for the design of
the system, the derivation of displacements and reactions,
and the design of the supports and anchorages;

2. A test report, including the testing con guration and
boundary conditions used (where testing is intended to
address a class of components, the range of items covered
by the testing performed should also include the justi ca-
tion of similarities of the items that make this certi cation
valid); and/or

3. An experience data report.

Components addressed by the standard include individual
simple units and assemblies of simple units for which reference
documents establish seismic analysis or quali cation require-
ments. Also addressed by the standard are complex architectural,
mechanical, and electrical systems for which reference docu-
ments either do not exist or exist for only elements of the system.
In the design and analysis of both simple components and
complex systems, the concepts of exibility and ruggedness
often can assist the designer in determining the necessity for
analysis and, when analysis is necessary, the extent and methods
by which seismic adequacy may be determined. These concepts
are discussed in Section C13.6.1.

C13.2.2 Special Certi cation Requirements for Designated
Seismic Systems. This section addresses the quali cation of
active designated seismic equipment, its supports, and attach-
ments with the goals of improving survivability and achieving
a high level of con dence that a facility will be functional after a
design earthquake. Where components are interconnected, the
quali cation should provide the permissible forces (e.g., nozzle
loads) and, as applicable, anticipated displacements of the
component at the connection points to facilitate assessment for
consequential damage, in accordance with Section 13.2.3. Active
equipment has parts that rotate, move mechanically, or are
energized during operation. Active designated seismic equip-
ment constitutes a limited subset of designated seismic systems.
Failure of active designated seismic equipment itself may pose a
signi cant hazard. For active designated seismic equipment,
failure of structural integrity and loss of function are to be avoided.

Examples of active designated seismic equipment include
mechanical (components of HVACR systems and piping sys-
tems) or electrical (power supply distribution) equipment, medi-
cal equipment, re pump equipment, and uninterruptible power
supplies for hospitals. It is generally understood that re protec-
tion sprinkler piping systems designed and installed per NFPA 13
are deemed to comply with the special certi cation requirements
of Section 13.2.2. See Section 13.6.7.2.

There are practical limits on the size of a component that can
be quali ed via shake table testing. Components too large to be
quali ed by shake table testing need to be quali ed by a
combination of structural analysis and quali cation testing or
empirical evaluation through a subsystem approach. Subsystems
of large, complex components (e.g., large chillers, skid-mounted
equipment assemblies, and boilers) can be quali ed individually,
and the overall structural frame of the component can be
evaluated by structural analysis.

Evaluating postearthquake operational performance for active
equipment by analysis generally involves sophisticated modeling
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with experimental validation and may not be reliable. Therefore,
the use of analysis alone for active or energized components is
not permitted unless a comparison can be made to components
that have been otherwise deemed as rugged. As an example, a
transformer is energized but contains components that can be
shown to remain linearly elastic and are inherently rugged.
However, switch equipment that contains fragile components is
similarly energized but not inherently rugged, and it therefore
cannot be certi ed solely by analysis. For complex components,
testing or experience may therefore be the only practical way to
ensure that the equipment will be operable after a design
earthquake. Past earthquake experience has shown that much
active equipment is inherently rugged. Therefore, evaluation of
experience data, together with analysis of anchorage, is adequate
to demonstrate compliance of active equipment such as pumps,
compressors, and electric motors. In other cases, such as for
motor control centers and switching equipment, shake table
testing may be required.

With some exceptions (e.g., elevator motors), experience
indicates that active mechanical and electrical components that
contains electric motors of greater than 10 hp (7.4 kW) or that
have a thermal exchange capacity greater than 200 MBH are
unlikely to merit the exemption from shake table testing on the
basis of inherent ruggedness. Components with lesser motor
horsepower and thermal exchange capacity are generally consid-
ered to be small active components and are deemed rugged.
Exceptions to this rule may be appropriate for speci c cases, such
as elevator motors that have higher horsepower but have been
shown by experience to be rugged. Analysis is still required to
ensure the structural integrity of the nonactive components. For
example, a 15-ton condenser would require analysis of the load
path between the condenser fan and the coil to the building
structure attachment.

Where certi cation is accomplished by analysis, the type and
sophistication of the required analysis varies by speci ¢ equip-
ment type and construction. Static analysis using the total force
speci ed in Section 13.3 considering applicable load combina-
tions may be appropriate for single components where the
structural frame is the only item to be certi ed and where internal
dynamic effects are shown to be negligible. For single compo-
nents where dynamic effects may be signi cant, or for assem-
blages of components, dynamic analysis is strongly suggested.
Either modal analysis or response history procedures may be
used, but care should be exercised when using modal analysis to
ensure that the signi cant interactions between individual com-
ponents are properly captured. In all analyses, it is essential that the
stiffness, mass, and applied load be distributed in accordance with
the component properties, and in suf cient detail (number of
degrees of freedom) to allow for the desired forces, deformations,
and accelerations to be accurately determined. Input motions for
dynamic procedures should re ect the expected motion at the
attachment points of the component. Nonlinear behavior of the
component is typically not advisable in the certi cation analysis
in the absence of well-documented test results for speci ¢ com-
ponents. Generally, the input motion is (a) a generic - oor response
spectrum such as that provided in the ICC-ES AC 156, (b) location-
and structure-speci ¢ oor spectra generated using the procedures
of Section 13.3.1, or (c) acceleration time histories developed
using dynamic analysis procedures similar to those speci ed in
Chapter 16 or Section 12.9. Horizontal and vertical inputs are
usually applied simultaneously when performing these types of
dynamic analyses. As with all structural analysis, judgment is
required to ensure that the results are applicable and representative
of the behavior anticipated for the input motions.
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C13.2.3 Consequential Damage. Although the components
identi ed in Tables 13.5-1 and 13.6-1 are listed separately,
signi cant interrelationships exist and must be considered.
Consequential damage occurs because of interaction between
components and systems. Even “braced” components displace,
and the displacement between lateral supports can be signi cant
in the case of distributed systems such as piping systems, cable
and conduit systems, and other linear systems. It is the intent of
the standard that the seismic displacements considered include
both relative displacement between multiple points of support
(addressed in Section 13.3.2) and, for mechanical and electrical
components, displacement within the component assemblies.
Impact of components must be avoided, unless the compo-
nents are fabricated of ductile materials that have been shown
to be capable of accommodating the expected impact loads.
With protective coverings, ductile mechanical and electrical
components and many more fragile components are expected
to survive all but the most severe impact loads. Flexibility and
ductility of the connections between distribution systems and the
equipment to which they attach is essential to the seismic
performance of the system.

The determination of the displacements that generate these
interactions is not addressed explicitly in Section 13.3.2.1. That
section concerns relative displacement of support points. Conse-
guential damage may occur because of displacement of compo-
nents and systems between support points. For example, in older
suspended ceiling installations, excessive lateral displacement of
a ceiling system may fracture sprinkler heads that project through
the ceiling. A similar situation may arise if sprinkler heads
projecting from a small-diameter branch line pass through a
rigid ceiling system. Although the branch line may be properly
restrained, it may still displace suf ciently between lateral
support points to affect other components or systems. Similar
interactions occur where a relatively exible distributed system
connects to a braced or rigid component.

The potential for impact between components that are in
contact with or close to other structural or nonstructural compo-
nents must be considered. However, where considering these
potential interactions, the designer must determine if the potential
interaction is both credible and signi cant. For example, the fall
of a ceiling panel located above a motor control center is a
credible interaction because the falling panel in older suspended
ceiling installations can reach and impact the motor control
center. An interaction is signi cant if it can result in damage
to the target. Impact of a ceiling panel on a motor control center
may not be signi cant because of the light weight of the ceiling
panel. Special design consideration is appropriate where the
failure of a nonstructural element could adversely in uence the
performance of an adjacent critical nonstructural component,
such as an emergency generator.

C13.2.4 Flexibility. In many cases, exibility is more important
than strength in the performance of distributed systems, such as
piping and ductwork. A good understanding of the displacement
demand on the system, as well as its displacement capacity, is
required. Components or their supports and attachments must be

exible enough to accommodate the full range of expected
differential movements; some localized inelasticity is permitted
in accommodating the movements. Relative movements in all
directions must be considered. For example, even a braced branch
line of a piping system may displace, so it needs to be connected to
other braced or rigid components in a manner that accommodates
the displacements without failure (Fig. C13.2-1). A further
example is provided by cladding units (such as precast concrete
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wall units). Often very rigid in plane, cladding units require
connections capable of accommodating story drift if attached at
more than one level. (See Fig. C13.3-4 for an illustration.)

If component analysis assumes rigid anchors or supports, the
predicted loads and local stresses can be unrealistically large, so
it may be necessary to consider anchor and/or support stiffness.

C13.2.5 Testing Alternative for Seismic  Capacity
Determination. Testing is a well-established alternative method
of seismic quali cation for small- to medium-size equipment.
Several national reference documents have testing requirements
adaptable for seismic quali cation. One such reference document
(ICC-ES AC 156) is a shake table testing protocol that has been
adopted by the International Code Council Evaluation Service. It
was developed speci cally to be consistent with acceleration
demands (that is, force requirements) of the standard.

The development or selection of testing and quali cation
protocols should at a minimum include the following:

1. Description of how the protocol meets the intent for the
project-speci ¢ requirements and relevant interpretations
of the standard;

2. De nition of a test input motion with a response spectrum
that meets or exceeds the design earthquake spectrum for
the site;

3. Accounting for dynamic ampli cation caused by above-

grade equipment installations (consideration of the actual

dynamic characteristics of the primary support structure is
permitted, but not required);

De nition of how shake table input demands were derived;

De nition and establishment of a veri able pass/fail ac-

ceptance criterion for the seismic quali cation based on

the equipment Importance Factor and consistent with the
building code and project-speci ¢ design intent; and

6. Development of criteria that can be used to rationalize test
unit con guration requirements for highly variable equip-
ment product lines.

S

To aid the design professional in assessing the adequacy of the
manufacturer’s certi cate of compliance, it is recommended that
certi cates of compliance include the following:

1. Product family or group covered;

2. Building code(s) and standard(s) for which compliance was
evaluated;

3. Testing standard used;

4. Performance objective and corresponding Importance
Factor (I,=1.0 or I,=1.5);

5. Seismic demand for which the component is certi ed,
including code and/or standard design parameters used to
calculate seismic demand (such as values used for a,, Ry,
and site class); and

6. Installation restrictions, if any (grade, oor, or roof level).

Without a test protocol recognized by the building code,
quali cation testing is inconsistent and dif cult to verify. The
use of ICC-ES AC 156 simpli es the task of compliance veri -
cation because it was developed to address directly the testing
alternative for nonstructural components, as speci ed in the
standard. It also sets forth minimum test plan and report
deliverables.

Use of other standards or ad hoc protocols to verify compli-
ance of nonstructural components with the requirement of the
standard should be considered carefully and used only where
project-speci ¢ requirements cannot be met otherwise.

Where other quali cation test standards are used, in whole or
in part, it is necessary to verify compliance with this standard. For
example, IEEE 693 (2005) indicates that it is to be used for the
sole purpose of qualifying electrical equipment (speci cally
listed in the standard) for use in utility substations. Where
equipment testing has been conducted to other standards (for
instance, testing done in compliance with IEEE 693), a straight-
forward approach would be to permit evaluation, by the manu-
facturer, of the test plan and data to validate compliance with the
requirements of ICC-ES AC 156 because it was developed
speci cally to comply with the seismic demands of this standard.

The quali cation of mechanical and electrical components
for seismic loads alone may not be suf cient to achieve
high-performance objectives. Establishing a high con dence
that performance goals will be met requires consideration of the
performance of structures, systems (e.g., uid, mechanical,
electrical, and instrumentation), and their interactions (e.g., inter-
action of seismic and other loads), as well as compliance with
installation requirements.

C13.2.6 Experience Data Alternative for Seismic Capacity
Determination. An established method of seismic quali cation
for certain types of nonstructural components is the assessment
of data for the performance of similar components in past earth-
quakes. The seismic capacity of the component in question is
extrapolated based on estimates of the demands (e.g., force or
displacement) to which the components in the database were
subjected. Procedures for such quali cation have been developed
for use in nuclear facility applications by the Seismic
Quali cation Utility Group (SQUG) of the Electric Power
Research Institute.

The SQUG rules for implementing the use of experience data
are described in a proprietary Generic Implementation Procedure
database. It is a collection of ndings from detailed engineering
studies by experts for equipment from a variety of utility and
industrial facilities.

Valid use of experience data requires satisfaction of rules that
address physical characteristics; manufacturer’s classi cation
and standards; and ndings from testing, analysis, and expert
consensus opinion.

Four criteria are used to establish seismic quali cation by
experience, as follows:

1. Seismic capacity versus demand (a comparison with a
bounding spectrum);

2. Earthquake experience database cautions and inclusion
rules;
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3. Evaluation of anchorage; and
4. Evaluation of seismic interaction.

Experience data should be used with care because the design
and manufacture of components may have changed considerably
in the intervening years. The use of this procedure is also limited
by the relative rarity of strong-motion instrument records asso-
ciated with corresponding equipment experience data.

C13.2.7 Construction Documents. Where the standard
requires seismic design of components or their supports and
attachments, appropriate construction documents de ning the
required construction and installation must be prepared. These
documents facilitate the special inspection and testing needed to
provide a reasonable level of quality assurance. Of particular
concern are large nonstructural components (such as rooftop
chillers) whose manufacture and installation involve multiple
trades and suppliers and which impose signi cant loads on
the supporting structure. In these cases, it is important that the
construction documents used by the various trades and suppliers
be prepared by a registered design professional to satisfy the
seismic design requirements.

The information required to prepare construction documents
for component installation includes the dimensions of the
component, the locations of attachment points, the operating
weight, and the location of the center of mass. For instance, if an
anchorage angle is attached to the side of a metal chassis, the
gauge and material of the chassis must be known so that the
number and size of required fasteners can be determined. Or
when a piece of equipment has a base plate that is anchored to a
concrete slab with expansion anchors, the drawings must show
the base plate’s material and thickness, the diameter of the bolt
holes in the plate, and the size and depth of embedment of the
anchor bolts. If the plate is elevated above the slab for leveling,
the construction documents must also show the maximum gap
permitted between the plate and the slab.

C13.3 SEISMIC DEMANDS ON NONSTRUCTURAL
COMPONENTS

The seismic demands on nonstructural components, as de ned in
this section, are acceleration demands and relative displacement
demands. Acceleration demands are represented by equivalent
static forces. Relative displacement demands are provided di-
rectly and are based on either the actual displacements computed
for the structure or the maximum allowable drifts that are
permitted for the structure.

C13.3.1 Seismic Design Force. The seismic design force for a
component depends on the weight of the component, the
component Importance Factor, the component response modi -
cation factor, the component ampli cation factor, and the
component acceleration at a point of attachment to the
structure. The forces prescribed in this section of the standard
re ect the dynamic and structural characteristics of nonstructural
components. As a result of these characteristics, forces used for
veri cation of component integrity and design of connections to
the supporting structure typically are larger than those used for
design of the overall seismic force-resisting system.

Certain nonstructural components lack the desirable attributes
of structures (such as ductility, toughness, and redundancy) that
permit the use of greatly reduced lateral design forces. Thus
values for the response modi cation factor, R, in Tables 13.5-1
and 13.6-1 generally are smaller than R values for structures.
These R, values, used to represent the energy absorption capa-
bility of a component and its attachments, depend on both
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FIGURE C13.3-1 NCEER Formulation for a, as Function of
Structural and Component Periods

overstrength and deformability. At present, these potentially
separate considerations are combined in a single factor. The
tabulated values are based on the collective judgment of the
responsible committee.

Beginning with the 2005 edition of ASCE 7, signi cant
adjustments have been made to tabulated R, values for certain
mechanical and electrical systems. For example, the value of R,
for welded steel piping systems is increased from 3.5t0 9. The &,
value increased from 1.0 to 2.5, so although it might appear that
forces on such piping systems have been reduced greatly, the net
change is negligible because Ry=a, changes from 3.5 to 3.6. The
minimum seismic design force of Eq. (13.3-3), which governs in
many cases, is unchanged.

The component ampli cation factor (a,) represents the dy-
namic ampli cation of component responses as a function of the
fundamental periods of the structure (T) and component (T).
When components are designed or selected, the structural fun-
damental period is not always de ned or readily available. The
component fundamental period (T,) is usually only accurately
obtained by shake table or pull-back tests and is not available for
the majority of components. Tabulated a, values are based on
component behavior that is assumed to be either rigid or exible.
Where the fundamental period of the component is less than
0.06 s, dynamic ampli cation is not expected and the component
is considered rigid. The tabulation of assumed a, values is not
meant to preclude more precise determination of the component
ampli cation factor where the fundamental periods of both
structure and component are available. The National Center
for Earthquake Engineering Research formulation shown in
Fig. C13.3-1 may be used to compute & as a function of T,=T.

Dynamic ampli cation occurs where the period of a nonstruc-
tural component closely matches that of any mode of the
supporting structure, although this effect may not be signi cant
depending on the ground motion. For most buildings, the primary
mode of vibration in each direction has the most in uence on the
dynamic ampli cation for nonstructural components. For long-
period structures (such as tall buildings), where the period of
vibration of the fundamental mode is greater than 3.5 times T,
higher modes of vibration may have periods that more closely
match the period of nonstructural components. For this case, it is
recommended that ampli cation be considered using such higher
mode periods in lieu of the higher fundamental period. This
approach may be generalized by computing oor response
spectra for various levels that re ect the dynamic characteristics
of the supporting structure to determine how ampli cation varies
as a function of component period. Calculation of oor response
spectra is described in Section 13.3.1.1. This procedure can be
complex, but a simpli ed procedure is presented in Section
13.3.1.2. Consideration of nonlinear behavior of the structure
greatly complicates the analysis.
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In ASCE 7-10, values for  were added to Tables 13.5-1
and 13.6-1. 4 is included in the load combinations for the
anchorage of nonstructural components to concrete or masonry in
cases where the anchorage is deemed nonductile. ACI 318-14,
Section 17.2.3.4.3 (d) requires the inclusion of  for anchors
that do not otherwise satisfy ductility requirements. This factor
closely resembles the 1.3 factor and R;, penalty in ASCE 7-05 for
nonductile anchorages. The upper value for  was originally
selected based on similar provisions in prior editions of the IBC
and ACI codes. Research at San Diego State University indicates
that this value need not exceed 2.

Eqg. (13.3-1) represents a trapezoidal distribution of oor
accelerations within a structure, varying linearly from the accel-
eration at the ground (taken as 0.4Sps) to the acceleration at the
roof (taken as 1.2Spg). The ground acceleration (0.4Sps) is
intended to be the same acceleration used as design input for
the structure itself, including site effects. The roof acceleration is
established as three times the input ground acceleration based on
examination of recorded in-structure acceleration data for short
and moderate-height structures in response to large California
earthquakes. Work by Dowell and Johnson (2013) suggests that,
for taller structures, the ampli cation with height may vary sig-
ni cantly because of higher mode effects. Where more informa-
tion is available, Eq. (13.3-4) permits an alternate determination of
the component design forces based on the dynamic properties of
the structure. When using a modal analysis procedure, as described
in Section 12.9.1, the maximum oor accelerations are used.

Eq. (13.3-3) establishes a minimum seismic design force, F,
which is consistent with current practice. Eq. (13.3-2) provides a
simple maximum value of F, that prevents multiplication of the
individual factors from producing a design force that would be
unreasonably high, considering the expected nonlinear response
of support and component. Fig. C13.3-2 illustrates the distribu-
tion of the speci ed lateral design forces.

For elements with points of attachment at more than one
height, it is recommended that design be based on the average
of values of F,, determined individually at each point of attach-
ment (but with the entire component weight, W,) using
Egs. (13.3-1) through (13.3-3).

Alternatively, for each point of attachment, a force F, may be
determined using Egs. (13.3-1) through (13.3-3), with the portion of
the component weight, W, tributary to the point of attachment. For
design of the component, the attachment force F, must be distrib-
uted relative to the component’s mass distribution over the area
used to establish the tributary weight. To illustrate these options,
consider a solid exterior nonstructural wall panel, supported top and
bottom, for a one-story building with a rigid diaphragm. The values
of F, computed, respectively, for the top and bottom attachments
using Egs. (13.3-1) through (13.3-3) are 0.48Spsl,W, and
0.30Spsl,Wp. In the recommended method, a uniform load is
applied to the entire panel based on 0.39Spg1,W . In the alternative
method, a trapezoidal load varying from 0.48Spg1,W,, at the top to
0.30Sps!, W, at the bottom is applied. Each anchorage force is then
determined considering static equilibrium of the complete compo-
nent subject to all the distributed loads.

Cantilever parapets that are part of a continuous element
should be checked separately for parapet forces. The seismic
force on any component must be applied at the center of gravity
of the component and must be assumed to act in any horizontal
direction. Vertical forces on nonstructural components equal to

0.2SpsW, are speci ed in Section 13.3.1 and are intended to be
applied to all nonstructural components and not just cantilevered
elements. Nonstructural concrete or masonry walls laterally
supported by exible diaphragms must be anchored out of plane
in accordance with Section 12.11.2.

L

I:F min (Eq. 13.3-3)

¥

FIGURE C13.3-2 Lateral Force Magnitude over Height

C13.3.1.4 Dynamic Analysis

C13.3.1.4.1 Floor Response Spectra. The response of nonstruc-
tural components to earthquake shaking is in uenced by the
dynamic interaction of the nonstructural component with the
response of the structure. Dynamic ampli cation occurs where
the period of a nonstructural component closely matches that of
any mode of the supporting structure, although this effect may
not be signi cant depending on the ground motion. For most
buildings, the primary mode of vibration in each direction will
have the most in uence on the dynamic ampli cation for non-
structural components. For long-period structures (such as tall
buildings) higher modes of vibration may have periods that more
closely match the period of nonstructural components. For this
case, it is recommended that ampli cation be considered using
such higher mode periods in lieu of the higher fundamental
period. The approach may be generalized by computing oor
response spectra for various levels that re ect the dynamic
characteristics of the supporting structure to determine how
ampli cation will vary as a function of component period. In
order to properly consider this dynamic ampli cation, the vibra-
tional characteristics of the building and the component must be
known. The characteristics of the building are typically deter-
mined from a structural model of the building. The vibrational
characteristics of the nonstructural components can be deter-
mined either by calculation or by testing. It should be noted that
many types of nonstructural components, such as mechanical and
electrical equipment, have multiple modes of vibration. The oor
response spectra approach may not be applicable to nonstructural
components that cannot be characterized as having a predomi-
nant mode of vibration.

C13.3.1.4.2 Alternate Floor Response Spectra. Calculation of

0or response spectra can be complex since it requires a response
history analysis. An alternative method of calculating a oor
response history has been presented in Kehoe and Hachem
(2003). The procedure described is based on a method of
calculating oor response spectra initially developed for the
U.S. Army Tri-Service manual (1986). The referenced paper
compares the alternate oor response spectra to  oor response
spectra generated for three example buildings using ground
motion records from several California earthquakes.
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FIGURE C13.3-3 Approximate Floor Response Spectrum
Source: Kehoe and Hachem (2003); reproduced with permission from
the Applied Technology Council.

This method considers the dynamic ampli cation contribution
to the nonstructural component response based on the rst three
modes of vibration of the structure in calculating a oor response
spectrum. It is important to note that the use of this procedure
requires that the dynamic properties of both the building and the
nonstructural components be known. A dynamic ampli cation
factor is applied to each of the modal oor acceleration values for
each of the rst three modes of vibration, which is calculated
based on linear dynamic response spectrum analysis procedures
as described in Section 12.9. The dynamic ampli cation factor is
approximated as a function of the ratio of the component period
to the period of vibration of a mode of vibration of the building.
The magnitude of ampli cation can vary depending on the
ground motion and the building’s dynamic characteristics. A
peak ampli cation of 5 has been assumed for the cases where the
ratio of component period to building period is between 0.8 and
1.2 using 5% damping for the nonstructural component based on
review of results from previous studies (Kehoe and Hachem
2003). Where the ratio of component period to building period is
less than 0.5 or more than 2.0, there is no dynamic ampli cation
(Bachman et al. 1993).

The method allows calculation of oor response spectra in
each direction at each oor level of the building using the mode
shapes and the modal participation factors to amplify the ground
motion to each oor level. The method considers linear building
response. An example of a oor response spectrum is shown in
Fig. C13.3-3. As shown in this gure, the oor response spec-
trum is taken as the maximum acceleration at each component
period from each of the rst three modes of the building in each
orthogonal direction. The oor response spectrum can be used as
a basis for determining the design horizontal force for the
nonstructural component by multiplying the acceleration by the
component weight and the Importance Factor and dividing
by the response factor, R,.

C13.3.2 Seismic Relative Displacements. The equations of
this section are for use in design of cladding, stairways,
windows, piping systems, sprinkler components, and other
components connected to one structure at multiple levels or to
multiple structures. Two equations are given for each situation.
Egs. (13.3-7) and (13.3-9) produce structural displacements as
determined by elastic analysis, unreduced by the structural
response modi cation factor (R). Because the actual displace-
ments may not be known when a component is designed or
procured, Egs. (13.3-8) and (13.3-10) provide upper-bound
displacements based on structural drift limits. Use of upper-
bound equations may facilitate timely design and procurement of
components, but may also result in costly added conservatism.
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The value of seismic relative displacements is taken as the
calculated displacement, D, times the Importance Factor, I,
because the elastic displacement calculated in accordance with
Eq. (12.8-15) to establish , (and thus D) is adjusted for I in
keeping with the philosophy of displacement demand for the
structure. For component design, the unreduced elastic displace-
ment is appropriate.

The standard does not provide explicit acceptance criteria for
the effects of seismic relative displacements, except for glazing.
Damage to nonstructural components caused by relative dis-
placement is acceptable, provided that the performance goals
de ned elsewhere in the chapter are achieved.

The design of some nonstructural components that span
vertically in the structure can be complicated when supports for
the element do not occur at horizontal diaphragms. The language
in Section 13.3.2 was previously amended to clarify that story
drift must be accommodated in the elements that actually distort.
For example, a glazing system supported by precast concrete
spandrels must be designed to accommodate the full story drift,
even though the height of the glazing system is only a fraction of
the oor-to- oor height. This condition arises because the precast
spandrels behave as rigid bodies relative to the glazing system
and therefore all the drift must be accommodated by anchorage of
the glazing unit, the joint between the precast spandrel and the
glazing unit, or some combination of the two.

C13.3.2.1 Displacements within Structures. Seismic relative
displacements can subject components or systems to
unacceptable stresses. The potential for interaction resulting
from component displacements (in particular for distributed
systems) and the resulting impact effects should also be
considered (see Section 13.2.3).

These interrelationships may govern the clearance require-
ments between components or between components and the
surrounding structure. Where suf cient clearance cannot be
provided, consideration should be given to the ductility and
strength of the components and associated supports and attach-
ments to accommodate the potential impact.

Where nonstructural components are supported between, rath-
er than at, structural levels, as frequently occurs for glazing
systems, partitions, stairs, veneers, and mechanical and electrical
distributed systems, the height over which the displacement
demand, D, must be accommodated may be less than the story
height, hg,, and should be considered carefully. For example,
consider the glazing system supported by rigid precast concrete
spandrels shown in Fig. C13.3-4. The glazing system may be
subjected to full story drift, Dy, although its height (h, hy) is
only a fraction of the story height. The design drift must be
accommodated by anchorage of the glazing unit, the joint
between the precast spandrel and the glazing unit, or some
combination of the two. Similar displacement demands arise
where pipes, ducts, or conduits that are braced to the oor or roof
above are connected to the top of a tall, rigid, oor-mounted
component.

For ductile components, such as steel piping fabricated with
welded connections, the relative seismic displacements between
support points can be more signi cant than inertial forces.
Ductile piping can accommaodate relative displacements by local
yielding with strain accumulations well below failure levels.
However, for components fabricated using less ductile materials,
where local yielding must be avoided to prevent unacceptable
failure consequences, relative displacements must be accommo-
dated by exible connections.
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CHAPTER C14
MATERIAL-SPECIFIC SEISMIC DESIGN AND DETAILING REQUIREMENTS

Because seismic loading is expected to cause nonlinear behavior
in structures, seismic design criteria require not only provisions
to govern loading but also provisions to de ne the required
con gurations, connections, and detailing to produce material
and system behavior consistent with the design assumptions.
Thus, although ASCE/SEI 7-10 is primarily a loading standard,
compliance with Chapter 14, which covers material-speci ¢
seismic design and detailing, is required. In general, Chapter 14
adopts material design and detailing standards developed by
material standards organizations. These material standards orga-
nizations maintain complete commentaries covering their stan-
dards, and such material is not duplicated here.

C14.0 SCOPE

The scoping statement in this section clari es that foundation
elements are subject to all of the structural design requirements of
the standard.

C14.1 STEEL

C14.1.1 Reference Documents. This section lists a series of
structural standards published by the American Institute of Steel
Construction (AISC), the American Iron and Steel Institute
(AISI), the American Society of Civil Engineers (ASCE/SEI),
the Steel Deck Institute (SDI), and the Steel Joist Institute (SJI),
which are to be applied in the seismic design of steel members
and connections in conjunction with the requirements of ASCE/
SEI 7. The AISC references are available free of charge in
electronic format at www.aisc.org; the AISI references are
available on www.steel.org; the SDI references are available
as a free download at www.sdi.org; and the SJI references are
available as a free download at www.steeljoist.org.

C14.1.2 Structural Steel

C14.1.2.1 General. This section adopts AISC 360 (2016) by
direct reference. The speci cation applies to the design of the
structural steel system or systems with structural steel acting
compositely with reinforced concrete. In particular, the document
sets forth criteria for the design, fabrication, and erection of structural
steel buildings and other structures, where other structures are de ned
as structures designed, fabricated, and erected in a manner similar to
buildings, with buildinglike vertical and lateral load-resisting
elements. The document includes extensive commentary.

C14.1.2.2 Seismic
Structures

Requirements for Structural Steel

C14.1.2.2.1 Seismic Design Categories B and C. For the lower
Seismic Design Categories (SDCs) B and C, a range of options
are available in the design of a structural steel lateral

force-resisting system. The rst option is to design the structure
to meet the design and detailing requirements in AISC 341
(2016) for structures assigned to higher SDCs, with the corre-
sponding seismic design parameters (R, g, and C,). The second
option, presented in the exception, is to use an R factor of 3
(resulting in an increased base shear), an g of 3, and a C4 value
of 3 but without the speci ¢ seismic design and detailing required
in AISC 341 (2016). The basic concept underlying this option is
that design for a higher base shear force results in essentially
elastic response that compensates for the limited ductility of the
members and connections. The resulting performance is consid-
ered comparable to that of more ductile systems.

C14.1.2.2.2 Seismic Design Categories D through F. For the
higher SDCs, the engineer must follow the seismic design
provisions of AISC 341 (2016) using the seismic design para-
meters speci ed for the chosen structural system, except as
permitted in Table 15.4-1. For systems other than those identi ed
in Table 15.4-1, it is not considered appropriate to design
structures without speci ¢ design and detailing for seismic
response in these high SDCs.

C14.1.3 Cold-Formed Steel

C14.1.3.1 General. This section adopts two standards by direct
reference: ANSI/AISI S100, North American Speci cation for
the Design of Cold-Formed Steel Structural Members (2016),
and ASCE/SEI 8, Speci cation for the Design of Cold Formed
Stainless Steel Structural Members (2002).

Both of the adopted reference documents have speci c limits
of applicability. ANSI/AISI S100 (2016) (Section Al.1) applies
to the design of structural members that are cold-formed to shape
from carbon or low-alloy steel sheet, strip, plate, or bar not more
than 1 in. (25 mm) thick. ASCE/SEI 8 (2002) (Section 1.1.1)
governs the design of structural members that are cold-formed to
shape from annealed and cold-rolled sheet, strip, plate, or at bar
stainless steels. Both documents focus on load-carrying members
in buildings; however, allowances are made for applications in
nonbuilding structures, if dynamic effects are considered
appropriately.

Within each document, there are requirements related to
general provisions for the applicable types of steel; design of
elements, members, structural assemblies, connections, and
joints; and mandatory testing. In addition, ANSI/AISI S100
contains a chapter on the design of cold-formed steel structural
members and connections undergoing cyclic loading. Both
standards contain extensive commentaries.

C14.1.3.2 Seismic Requirements for Cold-Formed Steel
Structures. This section adopts three standards by direct
reference—AISI S100 (2016), ASCE/SEI 8 (2002), and AlISI
S400 (2015). Cold-formed steel and stainless steel members that
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are part of a seismic force-resisting system listed in Table 12.2-1
must be detailed in accordance with the appropriate base
standard: AISI S100 or ASCE 8.

The section also adopts a reference to AISI S400, which
includes additional design provisions for a speci ¢ cold-formed
steel seismic force-resisting system entitled “cold-formed steel—
special bolted moment frame” or CFS-SBMF. Sato and Uang
(2007) have shown that this system experiences inelastic defor-
mation at the bolted connections because of slip and bearing
during signi cant seismic events. To develop the designated
mechanism, requirements based on capacity design principles are
provided for the design of the beams, columns, and associated
connections. The document has speci ¢ requirements for the
application of quality assurance and quality control procedures.

C14.1.4 Cold-Formed Steel Light-Frame Construction

C14.1.4.1 General. This subsection of cold-formed steel relates
to light-frame construction, which is de ned as a method of
construction where the structural assemblies are formed primarily
by a system of repetitive wood or cold-formed steel framing
members or subassemblies of these members (Section 11.2 of
this standard). It adopts Section 14 of AISI S100 (2016), which
directs the user to an additional suite of AISI standards, including
ANSI/AISI S240 and ANSI/AISI S400.

In addition, all of these documents include commentaries to
aid users in the correct application of their requirements.

C14.1.4.2 Seismic Requirements for Cold-Formed Steel
Light-Frame Construction. Cold-formed steel structural
members and connections in seismic force-resisting systems
and diaphragms must be designed in accordance with the
additional provisions of ANSI/AISI S400 in seismic design
categories (SDC) D, E, or F, or wherever the seismic
response modi cation coef cient, R, used to determine the
seismic design forces is taken other than 3. In particular, this
requirement includes all entries from Table 12.2-1 of this
standard for “light-frame (cold-formed steel) walls sheathed
with wood structural panels ::: or steel sheets,” “light-frame
walls with shear panels of all other materials” (e.g., gypsum
board and berboard panels), and “light-frame wall systems
using at strap bracing.”

C14.1.4.3 Prescriptive Cold-Formed Steel Light-Frame
Construction. This section adopts ANSI/AISI S230, Standard
for Cold-Formed Steel Framing—Prescriptive Method for One
and Two Family Dwellings, which applies to the construction of
detached one- and two-family dwellings, townhouses, and other
attached single-family dwellings not more than two stories in
height using repetitive in-line framing practices (Section Al). This
document includes a commentary to aid the user in the correct
application of its requirements.

C14.1.5 Cold-Formed Steel Deck Diaphragms. This section
adopts the applicable standards for the general design of cold-
formed steel deck diaphragms and steel roof, noncomposite oor,
and composite oor deck. The SDI standards also reference
ANSI/AISI S100 for materials and determination of cold-
formed steel cross section strength and specify additional
requirements speci ¢ to steel deck design and installation.
Additionally, design of cold-formed steel deck diaphragms is
to be based on ANSI/AISI S310. All fastener design values
(welds, screws, power-actuated fasteners, and button punches)
for attaching deck sheet to deck sheet or for attaching the deck to
the building framing members must be per ANSI/AISI S310 or
speci c testing prescribed in ANSI/AISI 310. All cold-formed
steel deck diaphragm and fastener design properties not
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speci cally included in ANSI/AISI S310 must be approved for
use by the authorities in whose jurisdiction the construction project
occurs. Deck diaphragm in-plane design forces (seismic, wind, or
gravity) must be determined per ASCE 7, Section 12.10.1. Cold-
formed steel deck manufacturer test reports prepared in accordance
with this provision can be used where adopted and approved by
the authority having jurisdiction for the building project. The
Diaphragm Design Manual produced by the Steel Deck Institute
(2015) is also a reference for design values.

Cold-formed steel deck is assumed to have a corrugated pro le
consisting of alternating up and down utes that are manufactured
in various widths and heights. Use of at sheet metal as the overall

oor or roof diaphragm is permissible where designed by engi-
neering principles, but it is beyond the scope of this section. Flat or
bent sheet metal may be used as closure pieces for small gaps or
penetrations or for shear transfer over short distances in the deck
diaphragm where diaphragm design forces are considered.

Cold-formed steel deck diaphragm analysis must include
design of chord members at the perimeter of the diaphragm and
around interior openings in the diaphragm. Chord members may
be steel beams attached to the underside of the steel deck
designed for a combination of axial loads and bending moments
caused by acting gravity and lateral loads.

Where diaphragm design loads exceed the bare steel deck
diaphragm design capacity, then either horizontal steel trusses or
a structurally designed concrete topping slab placed over the deck
must be provided to distribute lateral forces. Where horizontal
steel trusses are used, the cold-formed steel deck must be designed
to transfer diaphragm forces to the steel trusses. Where a structural
concrete topping over the deck is used as the diaphragm, the
diaphragm chord members at the perimeter of the diaphragm and
edges of interior openings must be either (a) designed exural
reinforcing steel placed in the structural concrete topping or
(b) steel beams located under the deck with connectors (that
provide a positive connection) as required to transfer design shear
forces between the concrete topping and steel beams.

C14.1.7 Steel Cables. These provisions reference ASCE 19,
Structural Applications of Steel Cables for Buildings, for the
determination of the design strength of steel cables.

C14.1.8 Additional Detailing Requirements for Steel Piles in
Seismic Design Categories D through F. Steel piles used in
higher SDCs are expected to yield just under the pile cap or
foundation because of combined bending and axial load. Design
and detailing requirements of AISC 341 for H-piles are intended
to produce stable plastic hinge formation in the piles. Because
piles can be subjected to tension caused by overturning moment,
mechanical means to transfer such tension must be designed for
the required tension force, but not less than 10% of the pile
compression capacity.

C14.2 CONCRETE

The section adopts by reference ACI 318 for structural concrete
design and construction. In addition, modi cations to ACI 318-
14 are made that are needed to coordinate the provisions of that
material design standard with the provisions of ASCE 7. Work is
ongoing to better coordinate the provisions of the two documents
(ACI 318 and ASCE 7) such that the provisions in Section 14.2
will be progressively reduced in future editions of ASCE 7.

C14.2.2.1 De nitions. Two de nitions included here describe
wall types for which de nitions currently do not exist in ACI
318. These de nitions are essential to the proper interpretation of
the R and C factors for each wall type speci ed in Table 12.2-1.
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A de nition for connector has been added, which does not
currently exist in ACI 318-14. Section 12.11 provides an alter-
native to the current diaphragm design procedure of Sec-
tion 12.10. The alternative procedure is made mandatory for
precast concrete diaphragms in structures assigned to SDC C, D,
E, or F. The de nition of connector is essential because the three
design options (BDO, EDO, and RDO) are closely related to the
connector classi cation, and the diaphragm design force reduc-
tion factor, R, depends on the design option.

The de nition for connection in ACI 318-14 has also been
supplemented, as it applies to this protocol.

C14.2.2.2 AClI 318, Section  10.7.6. ACl  318-14,
Section 10.7.6.1.6, prescribes details of transverse reinforcement
around anchor bolts in the top of a column or pedestal. This
modi cation prescribes additional details for transverse
reinforcement around such anchor bolts in structures assigned to
SDCs C through F.

C14.2.2.3 Scope. This provision describes how the ACI 318-14
provisions should be interpreted for consistency with the ASCE 7
provisions.

C14.2.2.4 Intermediate Precast Structural Walls. Section 18.5
of ACI 318-14 imposes requirements on precast walls for moderate
seismic risk applications. Ductile behavior is to be ensured by
yielding of the steel elements or reinforcement between panels or
between panels and foundations. This provision requires the designer
to determine the deformation in the connection corresponding to the
earthquake design displacement and then to check from experimental
data that the connection type used can accommodate that
deformation without signi cant strength degradation.

Several steel element connections have been tested under simu-
lated seismic loading, and the adequacy of their load-deformation
characteristics and strain capacity have been demonstrated (Schultz
and Magana 1996). One such connection was used in the ve-story
building test that was part of the Precast Seismic Structural Systems
(PRESSS) Phase 3 research. The connection was used to provide
damping and energy dissipation, and it demonstrated a very large
strain capacity (Nakaki et al. 2001). Since then, several other steel
element connections have been developed that can achieve similar
results (Banks and Stanton 2005 and Nakaki et al. 2005). In view of
these results, it is appropriate to allow yielding in steel elements that
have been shown experimentally to have adequate strain capacity to
maintain at least 80% of their yield force through the full design
displacement of the structure.

C14.2.2.6 Foundations. The intention is that there should be
no con icts between the provisions of ACI 318-14,
Section 18.13, and ASCE 7, Sections 12.1.5, 12.13, and 14.2.
However, the additional detailing requirements for concrete piles
of Section 14.2.3 can result in con icts with ACI 318-14
provisions if the pile is not fully embedded in the soil.

C14.2.2.7 Detailed Plain Concrete Shear Walls. Design
requirements for plain masonry walls have existed for many
years, and the corresponding type of concrete construction is the
plain concrete wall. To allow the use of such walls as the lateral
force-resisting system in SDCs A and B, this provision requires
such walls to contain at least the minimal reinforcement speci ed
in ACI 318-14, Section 14.6.2.2.

C14.2.3 Additional Detailing Requirements for Concrete
Piles. Chapter 20 of PCI (2004) provides detailed information
on the structural design of piles and on pile-to-cap connections
for precast prestressed concrete piles. ACI 318-14 does not
contain provisions governing the design and installation of

portions of concrete piles, drilled piers, and caissons
embedded in ground except for SDC D, E, and F structures.

C14.2.3.1.2 Reinforcement for Uncased Concrete Piles
(SDC C). The transverse reinforcing requirements in the
potential plastic hinge zones of uncased concrete piles in SDC
C are a selective composite of two ACI 318-14 requirements. In
the potential plastic hinge region of an intermediate moment-
resisting concrete frame column, the transverse reinforcement
spacing is restricted to the least of (1) eight times the diameter of
the smallest longitudinal bar, (2) 24 times the diameter of the tie
bar, (3) one-half the smallest cross-sectional dimension of the
column, and (4) 12 in. (304.8 mm). Outside of the potential
plastic hinge region of a special moment-resisting frame column,
the transverse reinforcement spacing is restricted to the smaller of
six times the diameter of the longitudinal column bars and 6 in.
(152.4 mm).

C14.2.3.1.5 Reinforcement for Precast Nonprestressed Piles
(SDC C). Transverse reinforcement requirements inside and
outside of the plastic hinge zone of precast nonprestressed piles
are clari ed. The transverse reinforcement requirement in the
potential plastic hinge zone is a composite of two ACI 318-14
requirements (see Section C14.2.3.1.2). Outside of the potential
plastic hinge region, the transverse reinforcement spacing is restrict-
ed to 16 times the longitudinal bar diameter. This restriction should
permit the longitudinal bars to reach compression yield before
buckling. The maximum 8-in. (203.2-mm) tie spacing comes from
current building code provisions for precast concrete piles.

C14.2.3.1.6 Reinforcement for Precast Prestressed Piles
(SDC C). The transverse and longitudinal reinforcing require-
ments given in ACI 318-14, Chapter 21, were never intended for
slender precast prestressed concrete elements and result in
unbuildable piles. These requirements are based on PCI
Committee on Prestressed Concrete Piling (1993).

Eq. (14.2-1), originally from ACI 318-14, has always been
intended to be a lower bound spiral reinforcement ratio for larger
diameter columns. It is independent of the member section
properties and can therefore be applied to large- or small-
diameter piles. For cast-in-place concrete piles and precast
prestressed concrete piles, the spiral reinforcing ratios resulting
from this formula are considered to be suf cient to provide
moderate ductility capacities (Fanous et al. 2007).

Full con nement per Eq. (14.2-1) is required for the upper 20 ft
(6.1 m) of the pile length where curvatures are large. The amount is
relaxed by 50% outside of that length in view of lower curvatures
and in consideration of con nement provided by the soil.

C14.2.3.2.3 Reinforcement for Uncased Concrete Piles (SDC D
through F). The reinforcement requirements for uncased con-
crete piles are taken from current building code requirements and
are intended to provide ductility in the potential plastic hinge
zones (Fanous et al. 2007).

C14.2.3.2.5 Reinforcement for Precast Nonprestressed Piles
(SDC D through F). The transverse reinforcement requirements
for precast nonprestressed concrete piles are taken from the IBC
(ICC 2012) requirements and should be adequate to
provide ductility in the potential plastic hinge zones (Fanous
et al. 2007).

C14.2.3.2.6 Reinforcement for Precast Prestressed Piles (SDC
D through F). The reduced amounts of transverse reinforcement
speci ed in this provision compared with those required for
special moment frame columns in ACI 318-14 are justi ed by the
results of the study by Fanous et al. (2007). The last paragraph
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detailing are determined based on the lower R value of the
supported nonbuilding structure or supporting structure.

Although not speci cally mentioned in Section 15.3.2, another
approach is permitted. A nonlinear response history analysis of
the combined system can be performed in accordance with
Section 16.2, and the results can be used for the design of
both the supported and supporting nonbuilding structures. This
option should be considered where standard static and dynamic
elastic analysis approaches may be inadequate to evaluate the
earthquake response (such as for suspended boilers). This option
should be used with extreme caution because modeling and
interpretation of results require considerable judgment. Because
of this sensitivity, Section 16.2 requires independent design
review.

C15.4 STRUCTURAL DESIGN REQUIREMENTS

This section speci es the basic coef cients and minimum design
forces to be used to determine seismic design loads for nonbuild-
ing structures. It also speci es height limits and restrictions. As
with building structures, it presumes that the rst step in
establishing the design forces is to determine the design base
shear for the structure.

There are two types of nonbuilding structures: those with
structural systems similar to buildings and those with structural
systems not similar to buildings. Speci ¢ requirements for these
two cases appear in Sections 15.5 and 15.6.

Table 15.4-1 contains the response modi cation coef cient (R)
for nonbuilding structures similar to buildings. Table 15.4-2
contains the response modi cation coef cient for nonbuilding
structures not similar to buildings. Every response modi cation
coef cient has associated design and detailing requirements to
ensure the required ductility associated with that response
modi cation coef cient value (e.g., AISC 341). Some structures,
such as pipe racks, do not resemble a traditional building in that
they do not house people or have such things as walls and
bathrooms. These structures have lateral force-resisting systems
composed of braced frames and moment frames similar to a
traditional building. Therefore, pipe racks are considered non-
building structures similar to buildings. The response modi ca-
tion coef cient for a pipe rack should be taken from Table 15.4-1
for the appropriate lateral force-resisting system used, and the
braced frames and/or moment frames used must meet all of the
design and detailing requirements associated with the R value
selected (see Section 15.5.2, Pipe Racks).

Most major power distribution facility (power island) structures,
such as HRSG support structures, steam turbine pedestals, coal
boiler support structures, pipe racks, air inlet structures, and duct
support structures, also resist lateral forces predominantly by use
of buildinglike framing systems such as moment frames, braced
frames, or cantilever column systems. Therefore, their response
modi cation coef cient should be selected from Table 15.4-1, and
they must meet all the design and detailing requirements associat-
ed with the response modi cation coef cient selected.

Many nonbuilding structures, such as at-bottom tanks, silos,
and stacks, do not use braced frames or moment frames similar to
those found in buildings to resist seismic loads. Therefore, they
have their own unique response modi cation coef cient, which
can be found in Table 15.4-2.

For nonbuilding structures with lateral systems composed
predominantly of buildinglike framing systems, such as moment
frames, braced frames, or cantilever column systems, it would be
inappropriate to extrapolate the descriptions in Table 15.4-2,
resulting in inappropriately high response modi cation coef -
cients and the elimination of detailing requirements.

636

Once a response modi cation coef cient is selected from the
tables, Section 15.4.1 provides additional guidance.

C15.4.1 Design Basis. Separate tables provided in this section
identify the basic coef cients, associated detailing requirements,
and height limits and restrictions for the two types of nonbuilding
structures.

For nonbuilding structures similar to buildings, the design
seismic loads are determined using the same procedures used for
buildings as speci ed in Chapter 12, with two exceptions:
fundamental periods are determined in accordance with Section
15.4.4, and Table 15.4-1 provides additional options for struc-
tural systems. Although only Section 12.8 (the equivalent lateral
force procedure) is speci cally mentioned in Section 15.4.1,
Section 15.1.3 provides the analysis procedures that are permit-
ted for nonbuilding structures.

In Table 15.4-1, seismic coef cients, system restrictions, and
height limits are speci ed for a few nonbuilding structures
similar to buildings. The values of R, ¢, and Cy; the detailing
requirement references; and the structural system height limits
are the same as those in Table 12.2-1 for the same systems,
except for ordinary moment frames. In Chapter 12, increased
height limits for ordinary moment frame structural systems apply
to metal building systems, whereas in Chapter 15 they apply to
pipe racks with end plate bolted moment connections. The
seismic performance of pipe racks was judged to be similar to
that of metal building structures with end plate bolted moment
connections, so the height limits were made the same as those
speci ed in previous editions.

Table 15.4-1 also provides lower R values with less restrictive
height limits in SDCs D, E, and F based on good performance in
past earthquakes. For some options, no seismic detailing is
required if very low values of R (and corresponding high seismic
design forces) are used. The concept of extending this approach
to other structural systems is the subject of future research using
the methodology developed in FEMA P-695 (FEMA 2009).

For nonbuilding structures not similar to buildings, the seismic
design loads are determined as in Chapter 12 with three excep-
tions: the fundamental periods are determined in accordance
with Section 15.4.4, the minima are those speci ed in Section
15.4.1(2), and the seismic coef cients are those speci ed in
Table 15.4-2.

Some entries in Table 15.4-2 may seem to be con icting or
confusing. For example, the rst major entry is for elevated
tanks, vessels, bins, or hoppers. A subset of this entry is for tanks
on braced or unbraced legs. This subentry is intended for
structures where the supporting columns are integral with the
shell (such as an elevated water tank). Tension-only bracing is
allowed for such a structure. Where the tank or vessel is
supported by buildinglike frames, the frames are to be designed
in accordance with all of the restrictions normally applied to
building frames. Section 15.3 provides provisions for nonbuild-
ing structures supported by buildinglike frames. Beginning with
the 2005 edition of ASCE 7, Table 15.4-2 contained an entry for
“Tanks or vessels supported on structural towers similar to
buildings.” Under certain circumstances, text provided with this
table entry con icted with the requirements of Section 15.3. If the
weight of the nonbuilding structure is relatively small compared
to the weight of the structure (less than 25% of the weight of the
structure) or the nonbuilding structure is rigid, the supported
nonbuilding structure can be treated as a nonstructural compo-
nent and the values of the supporting structure seismic coef -
cients can be taken from Table 15.4-1. Under these circum-
stances, the deleted entry was correct. However, if the weight of
the supported nonbuilding structure is not small and the
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nonbuilding structure is exible (which is generally the case
especially when you consider the vertical and rocking exibility
of supporting oor beams), the seismic coef cients are deter-
mined as the most conservative.

The accidental torsion requirements of Section 12.8.4.2 were
formulated primarily for use in building structures. The primary
factors that contribute to accidental torsion are lateral force-
resisting systems that are located primarily near the center of the
structure rather than the perimeter, disproportionate concentra-
tion of inelastic demands in system components, the effects of
nonstructural elements, uncertainties in de ning the structure’s
stiffness characteristics, and spatial variation (and rotational
components of ground motions) of horizontal input motions
applied to long structures. Inherently torsionally resistant sys-
tems as de ned in Section 15.4.1, Item 5, with R values less than
or equal to 3.5 are not expected to have inelastic demands of a
level that would require additional consideration of accidental
torsion. Additionally, nonbuilding structures rarely contain
signi cant nonstructural elements that are not accounted for
explicitly in the design of these structures and typically have
very well-known mass and stiffness characteristics. Nonbuilding
structures also rarely, if ever, have their lateral force-resisting
systems located at the center of the structure in plan rather than at
the perimeter. The requirement that the calculated center of
rigidity at each diaphragm is greater than 5% of the plan
dimension of the diaphragm in each direction from the calculated
center of mass of the diaphragm prevents con gurations of lateral
force-resisting elements that are inherently susceptible to the
effects of torsion from being exempted from the effects of
accidental torsion. Spatial variations of ground motions should
be considered in the design of structures of considerable length.
If there are signi cant variations between full and empty weights
of the structure, the inherent torsion caused by these variations
should be considered in the design of the structure. If there is a
nonuniform distribution of mass in silos or bins storing bulk
materials because of multiple Iling or discharge points, multiple
hoppers, nonuniform funnel ow, bulk material behavior, or other
operational considerations, the inherent torsion caused by these
conditions should be considered in the design of the silo or bin.

C15.4.1.1 Importance Factor. The Importance Factor for a
nonbuilding structure is based on the risk category de ned in
Chapter 1 of the standard or the building code being used in
conjunction with the standard. In some cases, reference standards
provide a higher Importance Factor, in which case the higher
Importance Factor is used.

If the Importance Factor is taken as 1.0 based on a hazard and
operability (HAZOP) analysis performed in accordance with
Chapter 1, the third paragraph of Section 1.5.3 requires careful
consideration; worst-case scenarios (instantaneous release of a
vessel or piping system) must be considered. HAZOP risk
analysis consultants often do not make such assumptions, so
the design professional should review the HAZOP analysis with
the HAZOP consultant to con rm that such assumptions have
been made to validate adjustment of the Importance Factor.
Clients may not be aware that HAZOP consultants do not
normally consider the worst-case scenario of instantaneous
release but tend to focus on other, more hypothetical, limited-
release scenarios, such as those associated with a 2-in:2
(1,290 mm?) hole in a tank or vessel.

C15.4.2 Rigid Nonbuilding Structures. The de nition of rigid
(having a natural period of less than 0.06 s) was selected
judgmentally. Below that period, the energy content of seismic
ground motion is generally believed to be very low, and therefore
the building response is not likely to be excessively ampli ed.

Also, it is unlikely that any building will have a rst mode period
as low as 0.06 s, and it is even unusual for a second mode period
to be that low. Thus, the likelihood of either resonant behavior or
excessive ampli cation becomes quite small for equipment that
has periods below 0.06 s.

The analysis to determine the period of the nonbuilding
structure should include the exibility of the soil subgrade.

C15.4.3 Loads. As for buildings, the seismic weight must
include the range of design operating weight of permanent
equipment.

C15.4.4 Fundamental Period. A signi cant difference be-
tween building structures and nonbuilding structures is that the
approximate period formulas and limits of Section 12.8.2.1 may
not be used for nonbuilding structures. In lieu of calculating a
speci ¢ period for a nonbuilding structure for determining
seismic lateral forces, it is of course conservative to assume a
period of T =T, which results in the largest lateral design forces.
Computing the fundamental period is not considered a signi cant
burden because most commonly used computer analysis pro-
grams can perform the required calculations.

C15.4.7 Drift, De ection, and Structure Separation. Non-
building structure drifts, de ection, and structure separation are
calculated using strength design factored load combinations in
order to be compatible with the seismic load de nition and the
de nition of the C4 factors. This philosophy is consistent with
that of drift, de ections, and structure separation for buildings
de ned in Chapter 12.

C15.4.8 Site-Speci ¢ Response Spectra. Where site-speci ¢
response spectra are required, they should be developed in
accordance with Chapter 21 of the standard. If determined for
other recurrence intervals, Section 21.1 applies, but Sections 21.2
through 21.4 apply only to risk-targeted maximum considered
earthquake (MCER) determinations. Where other recurrence
intervals are used, it should be demonstrated that the require-
ments of Chapter 15 also are satis ed.

C15.4.9 Anchors in Concrete or Masonry. Many nonbuild-
ing structures rely on the ductile behavior of anchor bolts to
justify the response modi cation factor, R, assigned to the
structure. Nonbuilding structures typically rely more heavily
on anchorage to provide system ductility. The additional
requirements of Section 15.4.9 provide additional anchorage
strength and ductility to support the response modi cation
factors assigned to these systems. The addition of Section
15.4.9 provides a consistent treatment of anchorage for non-
building structures.

C15.4.9.4 ASTM F1554 Anchors. ASTM F1554 contains a
requirement that is not consistent with the anchor requirements
found in Chapter 15. Section 6.4 of ASTM F1554 allows the
anchor supplier to substitute weldable Grade 55 anchors for
Grade 36 anchors without the approval of the registered design
professional. Because many nonbuilding structures rely on the
ability of the anchors to stretch to justify the response modi ca-
tion factor, R, assigned to the structure, a higher yield anchor
cannot be allowed to be substituted for a lower yield anchor
without the approval of the registered design professional.
Except where anchors are speci ed and are designed as ductile
steel anchors in accordance with ACI 318, Section 17.2.3.4.3(a),
or where the design must meet the requirements of Section 15.7.5
or Section 15.7.11.7b, this provision does not prohibit ductility
from being provided by another element of the structure. In that
case, the ASTM F1554 anchors would be designed for the
corresponding forces.
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C15.4.10 Requirements  for  Nonbuilding  Structure
Foundations on Lique able Sites. Section 12.13.9 allows shal-
low foundation to be built on lique able soils with a number of
restrictions. Many nonbuilding structures are sensitive to large
foundation settlements. This sensitivity is caused by restraint
imposed by interconnecting piping and equipment and the
buckling sensitivity of shell structures. Therefore, in order to
build these structures on shallow foundations on lique able
soils, it must be demonstrated that the foundation, nonbuilding
structure not similar to buildings, and connecting systems can
be designed for the soil strength loss, the anticipated settlements
from lateral spreading, and total and differential settlements
induced by MCEg earthquake ground motions.

C15.5 NONBUILDING STRUCTURES SIMILAR TO
BUILDINGS

C15.5.1 General. Although certain nonbuilding structures ex-
hibit behavior similar to that of building structures, their func-
tions and occupancies are different. Section 15.5 of the standard
addresses the differences.

C15.5.2 Pipe Racks. Freestanding pipe racks supported at or
below grade with framing systems that are similar to building
systems are designed in accordance with Section 12.8 or 12.9 and
Section 15.4. Single-column pipe racks that resist lateral loads
should be designed as inverted pendulums.

Based on good performance in past earthquakes, Table 15.4-1
sets forth the option of lower R values and less restrictive height
limits for structural systems commonly used in pipe racks. The R
value versus height limit tradeoff recognizes that the size of some
nonbuilding structures is determined by factors other than tradi-
tional loadings and results in structures that are much stronger than
required for seismic loadings. Therefore, the ductility demand is
generally much lower than that for a corresponding building. The
intent is to obtain the same structural performance at the increased
heights. This option proves to be economical in most situations
because of the relative cost of materials and construction labor.
The lower R values and increased height limits of Table 15.4-1
apply to nonbuilding structures similar to buildings; they cannot be
applied to building structures. Table C15.5-1 illustrates the R
values and height limits for a 70-ft (21.3-m) high steel ordinary
moment frame (OMF) pipe rack.

C15.5.3.1 Steel Storage Racks. The two approaches to the
design of steel storage racks set forth by the standard are intended
to produce comparable results. The speci c revisions to the Rack
Manufacturers Institute (RMI) speci cation cited in earlier

Table C15.5-1 R Value Selection Example for Steel OMF

Pipe Racks
Seismic Seismic
Design ASCE/SEI Detailing
Category R 7-10 Table System Requirements
C 35 12.2-1or Steel ordinary moment AISC 341

15.4-1 frame (OMF)

C 3 12.2-1 Structural steel systems None
not speci cally detailed
for seismic resistance

DorE 25 15.4-1 Steel OMF with permitted AISC 341
height increase

D,E,orF 1 15.4-1 Steel OMF with unlimited AISC 341

height
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editions of this standard and the detailed requirements of the
ANSI/RMI MH 16.1 speci cation re ect the recommendations
of FEMA 460 (FEMA 2005).

Although the ANSI/RMI MH 16.1 speci cation re ects the
recommendations of FEMA 460 (FEMA 2005), the anchorage
provisions of the ANSI/RMI MH 16.1 speci cation are not in
conformance with ASCE/SEI 7. Therefore, speci ¢ anchorage
requirements were added in Sections 15.5.3.1.1 and 15.5.3.1.2.

These recommendations address the concern that storage racks
in warehouse-type retail stores may pose a greater seismic risk to
the general public than exists in low-occupancy warehouses or
more conventional retail environments. Under normal condi-
tions, retail stores have a far higher occupant load than an
ordinary warehouse of a comparable size. Failure of a storage
rack system in a retail environment is much more likely to cause
personal injury than would a similar failure in a storage ware-
house. To provide an appropriate level of additional safety in
areas open to the public, an Importance Factor of 1.50 is
speci ed. Storage rack contents, though beyond the scope of
the standard, may pose a potentially serious threat to life should
they fall from the shelves in an earthquake. It is recommended
that restraints be provided, as shown in Fig. C15.5-1, to prevent
the contents of rack shelving open to the general public from
falling during strong ground shaking.

C15.5.3.2 Steel Cantilevered Storage Racks. The two
approaches to the design of steel cantilevered storage racks set
forth by the standard are intended to produce comparable results.
The speci ¢ development of a new RMI standard to include the
detailed requirements of the new ANSI/RMI MH 16.3 (2016)
speci cation, re ect the unique characteristics of this structural
storage system, along with the recommendations of FEMA 460,
Seismic Considerations for Steel Storage Racks Located in Areas
Accessible to the Public.

The values of R, C4, and , added to Table 15.4-1 for
Steel Cantilever Storage Racks were taken directly from
Table 2.7.2.2.3 (1) of ANSI/RMI MH 16.3.

The anchorage provisions of the ANSI/RMI MH 16.3 speci -
cation are not in conformance with ASCE/SEI 7. Therefore,
speci ¢ anchorage requirements were added in Section 15.5.3.2.1.

These recommendations address the concern that steel canti-
levered storage racks in warehouse-type retail stores may pose a
greater seismic risk to the general public than exists in
low-occupancy warehouses or more conventional retail

FIGURE C15.5-1 Merchandise restrained by netting

Source: FEMA 460 Seismic Considerations for Steel Storage Racks.
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does not generally preserve the record-to-record response vari-
ability observed when evaluating a structure for unmodi ed
motions, but it can capture the mean response well, particularly
if nonlinear response is moderate.

Vertical response spectra of earthquake records are typically
signi cantly different than the horizontal spectra. Therefore,
regardless of whether amplitude scaling or spectral matching is
used, separate scaling of horizontal and vertical effects is
required.

C16.2.3.1 Period Range for Scaling or Matching. The period
range for scaling of ground motions is selected such that the
ground motions accurately represent the MCEg hazard at the
structure’s fundamental response periods, periods somewhat
longer than this to account for period lengthening effects
associated with nonlinear response and shorter periods associ-
ated with a higher mode response. Before the 2016 edition of the
standard, ground motions were required to be scaled between
periods of 0.2T and 1.5T. The lower bound was selected to
capture higher mode response, and the upper bound, period
elongation effects. In the 2016 edition, nonlinear response
history analyses are performed at the MCEg ground motion
level. Greater inelastic response is anticipated at this level as
compared to the design spectrum, so the upper bound period has
accordingly been raised from 1.5T to 2.0T, where T is rede ned
as the maximum fundamental period of the building (i.e., the
maximum of the fundamental periods in both translational
directions and the fundamental torsional period). This increase
in the upper bound period is also based on recent research,
which has shown that the 1.5T limit is too low for assessing
ductile frame buildings subjected to MCEg motions (Haselton
and Baker 2006).

For the lower bound period, the 0.2T requirement is now
supplemented with an additional requirement that the lower
bound also should capture the periods needed for 90% mass
participation in both directions of the building. This change is
made to ensure that when used for tall buildings and other
long-period structures, the ground motions are appropriate to
capture response in higher modes that have signi cant
response.

25 T T T T T T T
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RotD100 spectra of selected ground motions
~—— Average of RotD100 spectra
2 Period range considered
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In many cases, the substructure is included in the structural
model, and this inclusion substantially affects the mass partici-
pation characteristics of the system. Unless the foundation
system is being explicitly designed using the results of the
response history analyses, the above 90% modal mass require-
ment pertains only to the superstructure behavior; the period
range does not need to include the very short periods associated
with the subgrade behavior.

C16.2.3.2 Amplitude Scaling. This procedure is similar to
those found in earlier editions of the standard, but with the
following changes:

1. Scaling is based directly on the maximum direction spec-
trum, rather than the square root of the sum of the squares
spectrum. This change was made for consistency with the
MCEg ground motion now being explicitly de ned as a
maximum direction motion.

2. The approach of enforcing that the average spectrum “does
not fall below” the target spectrum is replaced with
requirements that (a) the average spectrum “matches the
target spectrum” and (b) the average spectrum does not fall
below 90% of the target spectrum for any period within the
period range of interest. This change was made to remove
the conservatism associated with the average spectrum
being required to exceed the target spectrum at every period
within the period range.

The scaling procedure requires that a maximum direction
response spectrum be constructed for each ground motion. For
some ground motion databases, this response spectrum de nition
is already precomputed and publicly available (e.g., for the
Ancheta 2012). The procedure basically entails computing the
maximum acceleration response to each ground motion pair
for a series of simple structures that have a single mass. This
procedure is repeated for structures of different periods, allowing
construction of the spectrum. A number of software tools can
automatically compute this spectrum for a given time-history pair.

Fig. C16.2-2 shows an example of the scaling process for an
example site and structure. This gure shows how the average of
the maximum direction spectra meets the target spectrum (a) and

Loma Prieta, Gilroy Array #3, spectrum
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FIGURE C16.2-2 Ground Motion Scaling for an Example Site and Structure, Showing (a) the Ground Motion Spectra for All 11 Motions and
(b) an Example for the Loma Prieta, Gilroy Array #3 Motion
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shows more detail for a single Loma Prieta motion in the scaled
ground motion set (b).

C16.2.3.3 Spectral Matching. Spectral matching of ground
motions is de ned as the modi cation of a real recorded
earthquake ground motion in some manner such that its response
spectrum matches a desired target spectrum across a period range
of interest. There are several spectral matching procedures in use,
as described in the NIST GCR 11-917-15 report (NIST 2011).
The recommendations in this report should be followed regarding
appropriate spectral matching techniques to be applied.

This section requires that when spectral matching is applied,
the average of the maximum direction spectra of the matched
motions must exceed the target spectrum over the period range of
interest; this is intentionally a more stringent requirement, as
compared to the requirement for scaled unmatched motions,
because the spectral matching removes variability in the ground
motion spectra and also has the potential to predict lower mean
response (e.g., Luco and Bazzurro 2007; Grant and Diaferia
2012).

The speci ¢ technique used to perform spectral matching is
not prescribed. It is possible to match both components of motion
to a single target spectrum or to match the individual components
to different spectra, as long as the average maximum direction
spectra for the matched records meets the speci ed criteria.

Spectral matching is not allowed for near-fault sites, unless
the pulse characteristics of the ground motions are retained after
the matching process has been completed. This is based on the
concern that, when common spectral matching methods are used,
the pulse characteristics of the motions may not be appropriately
retained.

C16.2.4 Application of Ground Motions to the Structural
Model. This section explains the guidelines for ground motion
application for both non-near-fault and near-fault sites.

Sites That Are Not Near-Fault. In this standard, the maximum
direction spectral acceleration is used to describe the ground
motion intensity. This spectral acceleration de nition causes a
perceived directional dependence to the ground motion. Howev-
er, the direction in which the maximum spectral acceleration
occurs is random at distances beyond 5 km (3.1 mi) from the fault
(Huang et al. 2008), does not necessarily align with a principal
direction of the building, and is variable from period to period.
Accordingly, for the analysis to result in an unbiased prediction
of structural response, the ground motions should be applied to
the structure in a random orientation to avoid causing a biased
prediction of structural response. True random orientation is
dif cult to achieve. Instead, the standard speci es that the
average of the spectra applied in each direction should be similar
to each other, such that unintentional bias in the application of
motion, with one building axis experiencing greater demand than
the other, is avoided.

Near-Fault Sites. Some recorded ground motions obtained
from instruments located near zones of fault rupture have
exhibited motion of signi cantly different character in one
direction than the other. When this effect, known as directionali-
ty, occurs, it is common for the component of motion perpendic-
ular to the fault to be stronger than that parallel to the fault and
also for the fault-normal component to exhibit large velocity
pulses. Sites located close to faults and that can experience
motion having these characteristics are termed near-fault in this
standard. For such sites, the fault-normal and fault-parallel
components of recorded ground motions should be maintained
and applied to the corresponding orientations of the structure.

It is important to note that not all near-fault records exhibit
these characteristics and also that when records do have these
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characteristics the direction of maximum motion is not always
aligned perpendicular to the fault strike. If appropriate selection
of records is performed, some of the records used in the analysis
should have these characteristics and some not. For those
records that do exhibit directionality, the direction of strong
shaking is generally aligned at varying azimuths, as occurred in
the original recordings. It is also important to note that because
ground motions have considerable variability in their character-
istics, it is speci cally not intended that buildings be designed
weaker in the fault-parallel direction than in the fault-normal
direction.

C16.3 MODELING AND ANALYSIS

C16.3.1 Modeling. Nonlinear response history analysis offers
several advantages over linear response history analysis, includ-
ing the ability to model a wide variety of nonlinear material
behaviors, geometric nonlinearities (including P-delta and large
displacement effects), gap opening and contact behavior, and
nonlinear viscous damping, and to identify the likely spatial and
temporal distributions of inelasticity. Nonlinear response history
analysis has several disadvantages, including increased effort to
develop the analytical model, increased time to perform the
analysis (which is often complicated by dif culties in obtaining
converged solutions), sensitivity of computed response to system
parameters, large amounts of analysis results to evaluate, and the
inapplicability of superposition to combine live, dead, and
seismic load effects.

While computation of collapse probability is not necessary, it
is important to note that mathematical models used in the analysis
should have the capability to determine if collapse occurs when
the structure is subjected to MCER level ground motions. The
ability to predict collapse is important because the global
acceptance criteria in Section 16.4.1.1 allow collapse (or unac-
ceptable response) to occur for only one of the 11 ground
motions for Risk Category | and Il buildings and allows no
such responses for Risk Category 111 and IV buildings. Develop-
ment of models with the ability to predict collapse requires
attributes such as cyclic loss of strength and stiffness, low cycle
fatigue failure, and geometric nonlinearity.

Although analytical models used to perform linear analysis in
accordance with Chapter 12 typically do not include representa-
tion of elements other than those that compose the intended
lateral-force-resisting system, the gravity-load-carrying system
and some nonstructural components can add signi cant stiffness
and strength. Because the goal of nonlinear response history
analysis is to accurately predict the building’s probable perfor-
mance, it is important to include such elements in the analytical
model and also to verify that the behavior of these elements will
be acceptable. This inclusion may mean that contribution of
stiffness and strength from elements considered as nonpartici-
pating elements in other portions of this standard should be
included in the response history analysis model. Since structures
designed using nonlinear response history analysis must also be
evaluated using linear analyses, this analysis ensures that the
strength of the intended seismic force-resisting system is not
reduced relative to that of structures designed using only the
linear procedures.

Expected material properties are used in the analysis model,
attempting to characterize the expected performance as closely as
possible. It is suggested that expected properties be selected
considering actual test data for the proposed elements. Where test
data are not readily available, the designer may consider esti-
mates as found in ASCE 41 and the PEER TBI Guidelines
(Bozorgnia et al. 2009). Guidance on important considerations in

STANDARD ASCE/SEI 7-16



modeling may also be found in Nonlinear Structural Analysis for
Seismic Design, NIST GCR 10-917-5 (NIST 2010).

Two-dimensional structural models may be useful for initial
studies and for checking some speci ¢ issues in a structure;
however, the nal structural model used to con rm the structural
performance should be three-dimensional.

For certain structures, the response under both horizontal and
vertical ground motions should be considered. NIST GCR 11-
917-15 (NIST 2011) provides some guidance to designers
considering the application of vertical ground motions. To
properly capture the nonlinear dynamic response of structures
where vertical dynamic response may have a signi cantin uence
on structural performance, it is necessary to include vertical mass
in the mathematical model. Typically the vertical mass must be
distributed across the oor and roof plates to properly capture
vertical response modes. Additional degrees of freedom (e.g.,
nodes at quarter points along the span of a beam) need to be
added to capture this effect, or horizontal elements need to be
modeled with consistent mass. Numerical convergence problems
caused by large oscillatory vertical accelerations have been noted
(NIST 2012) where base rotations caused by wall cracking in

ber wall models are the primary source of vertical excitation.
See also the Commentary on Chapter 22.

Consideration of the additional vertical load of 0.2Sps D,
per Section 12.4.2, is inappropriate for response history analysis.
Response history analyses are desired to re ect actual building
response to the largest extent possible. Applying an arti cial
vertical load to the analysis model before application of a ground
motion results in an offset in the yield point of elements carrying
gravity load because of the initial arti cial stress. Similarly,
applying an arti cial vertical load to the model at the conclusion
of a response history analysis is not indicative of actual building
response. If vertical ground motions are expected to signi cantly
affect response, application of vertical shaking to the analysis
model is recommended. It should be noted that vertical response
often occurs at higher frequencies than lateral response, and
hence, a ner analysis time-step might be required when vertical
motions are included.

For structures composed of planar seismic force-resisting
elements connected by oor and roof diaphragms, the dia-
phragms should be modeled as semirigid in plane, particularly
where the vertical elements of the seismic force-resisting system
are of different types (such as moment frames and walls). Biaxial
bending and axial force interaction should be considered for
corner columns, nonrectangular walls, and other similar
elements.

Nonlinear response history analysis is load path dependent,
with the results depending on combined gravity and lateral load
effects. The MCE shaking and design gravity load combinations
required in ASCE 7 have a low probability of occurring simulta-
neously. Therefore, the gravity load should instead be a realistic
estimate of the expected loading on a typical day in the life of the
structure. In this chapter, two gravity load cases are used. One
includes an expected live loading characterizing probable live
loading at the time of the Maximum Considered Earthquake
shaking, and the other, no live load. The case without live load is
required to be considered only for those structures where live
load constitutes an appreciable amount of the total gravity
loading. In those cases, structural response modes can be signi -
cantly different, depending on whether the live load is present.
The dead load used in this analysis should be determined in a
manner consistent with the determination of seismic mass. When
used, the live load is reduced from the nominal design live load to
re ect both the low probability of the full design live load
occurring simultaneously throughout the building and the low

probability that the design live load and Maximum Considered
Earthquake shaking will occur simultaneously.

The reduced live load values, of 0.8L, for live loads that
exceed 100 Ib ft? (4.79 kN m?) and 0.4L, for all other live
loads, were simply taken as the maximum reduction allowable in
Sections 4.7.2 and 4.7.3.

Gravity loads are to be applied to the nonlinear model rstand
then ground shaking simulations applied. The initial application
of gravity load is critical to the analysis, so member stresses and
displacements caused by ground shaking are appropriately added
to the initially stressed and displaced structure.

C16.3.3 P-Delta Effects. P-delta effects should be realistically
included, regardless of the value of the elastic story stability
coef cient =P I, Vh . The elastic story stability coef cient
is not a reliable indicator of the importance of P-delta during
large inelastic deformations. This problem is especially important
for dynamic analyses with large inelastic deformations because
signi cant ratcheting can occur. During these types of analyses,
when the global stiffness starts to deteriorate and the tangent
stiffness of story shear to story drift approaches zero or becomes
negative, P-delta effects can cause signi cant ratcheting (which
is a precursor to dynamic instability) of the displacement re-
sponse in one direction. The full reversal of drifts is no longer
observed, and the structural integrity is compromised. To ascer-
tain the full effect of P-delta effects for a given system, a
comparison of static pushover curves from a P-delta model and
non-P-delta model can be compared.

When including P-delta effects, it is important to capture not
only the second-order behavior associated with lateral displace-
ments but also with global torsion about the vertical axis of the
system. Additionally, the gravity load used in modeling P-delta
effects must include 100% of the gravity load in the structure. For
these reasons, the use of a single “leaning column,” where much
of a structure’s vertical weight is lumped at a single vertical
coordinate, is discouraged, and instead, the structure’s vertical
load should be distributed throughout the structure in a realistic
manner, either through direct modeling of the gravity system or
by appropriately distributed “leaning columns.”

In some structures, in addition to considering P-delta effects
associated with global structural deformation, it is also important
to consider local P-delta effects associated with the local defor-
mation of members. This is particularly important for slender
elements subject to buckling.

C16.3.4 Torsion. Inherent torsion is actual torsion caused by
differences in the location of the center of mass and center of
rigidity throughout the height of the structure. Accidental torsion
effects per Section 12.8.4.2 are arti cial effects that attempt to
account for actual variations in load and material strengths during
building operation that differ from modeling assumptions. Some
examples of this difference would be nonuniformity of the actual
mass in the building, unaccounted for openings in the diaphragm,
torsional foundation input motion caused by the ground motion
being out of phase at various points along the base, the lateral
stiffness of the gravity framing, variation in material strength
and stiffness caused by typical construction tolerances, and
incidental stiffness contribution by the nonstructural elements.

When the provision for accidental torsion was rst introduced,
it was to address buildings that have no inherent torsion but are
sensitive to torsional excitation. Common examples of this type
of con guration are cruciform core or I-shaped core buildings. In
reality, many things can cause such a building to exhibit some
torsional response. None of the aforementioned items are typi-
cally included in the analysis model; therefore, the accidental
torsion approach was introduced to ensure that the structure has
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some minimum level of resistance to incidental twisting under
seismic excitation.

The accidental torsion also serves as an additional check to
provide more con dence in the torsional stability of the
structure. During the initial proportioning of the structure using
linear analysis (per Section 16.1.1), accidental torsion is
required to be enforced in accordance with Section 12.8.4.2.
When there is no inherent torsion in the building, accidental
torsion is a crucial step in the design process because this
arti cial offset in the center of mass is a simple way to force a
minimum level of twisting to occur in the building. The
accidental torsion step (i.e., the required 5% force offsets) is
also important when checking for plan irregularities in sym-
metric and possibly torsionally exible buildings. Where there
is already inherent torsion in the building, additional accidental
torsion is not generally a crucial requirement (though still
required, in accordance with Section 12.8.4.2) because the
building model will naturally twist during analysis, and no
additional arti cial torsion is required for this twisting to occur.
However, for buildings exhibiting either torsional or extreme
torsional irregularities, inclusion of accidental torsion in the
nonlinear analysis is required by this standard to assist in
identi cation of potential nonlinear torsional instability.

C16.3.5 Damping. Viscous damping can be represented by
combined mass and stiffness (Rayleigh) damping. To ensure that
the viscous damping does not exceed the target level in the primary
response modes, the damping is typically set at the target level for
two periods, one above the fundamental period and one below the
highest mode frequency of signi cance. For very tall buildings, the
second and even third modes can have signi cant contributions to
response; in this case, the lower multiple on T; may need to be
reduced to avoid excessive damping in these modes.

Viscous damping may alternatively be represented by modal
damping, which allows for the explicit speci cation of the target
damping in each mode.

Various studies have shown that the system damping may vary
with time as the structure yields, and in some cases, damping well
above the target levels can temporarily exist. Zareian and Medina
(2010) provide recommendations for implementation of damping
in such a way that the level of viscous damping remains relatively
constant throughout the response.

The level of structural damping caused by component-level
hysteresis can vary signi cantly based on the degree of inelastic
action. Typically, hysteretic damping provides a damping con-
tribution less than or equal to 2.5% of critical.

Damping and/or energy dissipation caused by supplemental
damping and energy dissipation elements should be explicitly

s
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accounted for with component-level models and not included in
the overall viscous damping term.

C16.3.6 Explicit Foundation Modeling. The PEER TBI
guidelines (Bozorgnia et al. 2009) and NIST GCR 12-917-21
(NIST 2012) both recommend inclusion of subterranean building
levels in the mathematical model of the structure. The modeling
of the surrounding soil has several possible levels of sophistica-
tion, two of which are depicted below in (b) and (c) of
Fig. C16.3-1, which are considered most practical for current
practice. For an MCERg-level assessment, which is the basis for
the Chapter 16 RHA procedure, the rigid bathtub model is
preferred by PEER TBI (Bozorgnia et al. 2009) and NIST
(2012) (Fig. C16.3-1c). This model includes soil springs and
dashpots, and identical horizontal ground motions are input at
each level of the basement. Such a modeling approach, where the
soil is modeled in the form of springs and/or dashpots (or similar
methods) placed around the foundation, is encouraged but is not
required. When spring and dashpot elements are included in the
structural model, horizontal input ground motions are applied to
the ends of the horizontal soil elements rather than being applied
to the foundation directly. A simpler but less accurate model is to
exclude the soil springs and dashpots from the numerical model
and apply the horizontal ground motions at the bottom level of
the basement (Fig. C16.3-1b), which is xed at the base. Either
the xed-base (Fig. C16.3-1b) or bathtub (Fig. C16.3-1c)
approaches are allowed, but the bathtub approach is encouraged
because it is more accurate.

For the input motions, the PEER TBI (Bozorgnia et al. 2009)
guidelines allow the use of either the free- eld motion, which is
the motion de ned in Section 16.2.2, or a foundation input
motion modi ed for kinematic interaction effects. Guidelines
for modeling kinematic interaction are contained in NIST (2012).

More sophisticated procedures for soil-structure interaction
modeling, including the effects of multisupport excitation, can
also be applied in RHA. Such analyses should follow the guide-
lines presented in NIST (2012).

Approximate procedures for the evaluation of foundation
springs are provided in Chapter 19 of this standard.

C16.4.1 Global Acceptance Criteria

C16.4.1.1 Unacceptable Response. This section summarizes
the criteria for determining unacceptable response and how the
criteria were developed. It must be made clear that these unac-
ceptable response acceptance criteria are not the primary accep-
tance criteria that ensure adequate collapse safety of the building;
the primary acceptance criteria are the story drift criteria and the
element-level criteria discussed later in Section C16.4. The

(c) Model for maximum-
considered earthquake

FIGURE C16.3-1 lllustration of the Method of Inputting Ground Motions into the Base of the Structural Model

Source: NIST 2011.
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Table C16.4-2 Likelihood of Observing Collapses in 11 Analyses,
Given Various MCEg Collapse Probabilities and a Record-
to-Record Uncertainty of 0.25

Likelihood for Various PiCjMCEg Values

Number of

Collapses 0.05 0.10 0.15 0.20 0.30
0 of 11 1.00 0.99 0.93 0.79 0.30
1of 11 0 0.01 0.07 0.19 0.38
20f 11 0 0 0 0.02 0.22
3of11 0 0 0 0 0.08
4 of 11 0 0 0 0 0.02
5o0f 11 0 0 0 0 0

observing no collapses, a 23% chance of observing one collapse,
a 3% chance of observing two collapses, and virtually no chance
of observing more than two collapses. In comparison, for a
building with PiCjMCEg =20%, there is a 30% chance of
observing no collapses, a 38% chance of observing one collapse,
a 22% chance of observing two collapses, and a 10% chance of
observing more than two collapses.
This table illustrates that

» Even if no collapses are observed in a set of 11 records, this
does not, in any way, prove that the PiCjMCEgr =10%
performance goal has been met. For example, even for a
building with PxCjMCER = 20%, there is still a 30% chance
that no collapses will be observed in the analysis. Therefore,
the other noncollapse acceptance criteria (e.g., criteria for
drifts and element demands) must be relied upon to enforce
the 10% collapse probability goal.

o If the PiCJMCER =10% performance goal is met, it is
highly unlikely (only a 3% chance) that two collapses will
be observed in the set of 11 records. Therefore, an accep-
tance criterion that prohibits two collapses is reasonable.

The collapse likelihoods show in Table C16.4-1 are based on a
relatively large record-to-record variability value of 0.40. Ta-
ble C16.4-2 illustrates similar statistics for the case when the
record-to-record variability is suppressed in ground motion
selection and scaling, such as occurs with spectral matching.
This table shows that, for a building meeting the PiCjMCER =
10% performance goal and with record-to-record variability
taken as 0.25, the likelihood of observing a collapse response
is very low. This is why no unacceptable responses are permitted
in the suite of analyses when spectral matching is used.

For Risk Category | and Il structures, if more than 11 ground
motions are used for analysis, then additional unacceptable
responses may be permissible. Two unacceptable responses
would be permissible if 20 or more motions are used, and three
unacceptable responses are permissible when 30 or more motions
are used. For Risk Category Ill and IV structures, the collapse
probability goals are 6% and 3%, respectively, at the MCEg
level. When the above computations are redone using these lower
collapse probability targets, this shows that the acceptance
criteria should require that no motions of the 11 produce an
unacceptable response for these categories.

Typically, mean building response values (story drifts, ele-
ment deformations, and forces) are used in acceptance evalua-
tions, where the “mean” is the simple statistical average for the
response parameter of interest. When an unacceptable response
occurs, it is not possible to compute a mean value of the building
response values because one of the 11 response quantities is
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unde ned. In this case, rather than the mean, the standard
requires use of the counted median response multiplied by 1.2
but not less than the mean response from the remaining motions.

To compute the median value, the unacceptable response is
assumed as larger than the other responses and then, assuming
that 11 analyses were performed, the counted median value is
taken to be the 6th largest value from the set of 11 responses.
The 1.2 factor is based on a reasonable ratio of mean to
median values for a lognormal distribution ( =0.4 results in
mean median=1.08, =0.5 results in mean median=1.13,

=0.6 results in mean median=1.20, and =0.7 results in
mean median =1.28).

The requirement to also check the mean of the remaining 10
response results is simply an added safeguard to ensure that the
1.2 x median value does not underpredict the mean response
values that should be used when checking the acceptance criteria.

Although currently the purpose of this acceptance criterion is
not to quantify the structure’s collapse probability under MCEg
ground motions, the acceptance criterion can be recast to do so in
future provisions. The collapse probability can be inferred from
analysis results and compared to the target value (e.g., 10% for
structures in Risk Category | or I1). In this alternate light, existing
statistical inference theory can be used to determine the number
of acceptable responses, and the number of ground motions
required to conclude that the proposed design may have an
acceptable collapse probability.

As was done in the previous section, analysis results can be
thought of as following a binomial distribution. Based on this
distribution, one could use the observed counts of collapsed and
noncollapsed responses (indicated by unacceptable and accept-
able responses) to estimate the collapse probability of the
proposed design in a manner that accounts for the uncertainty
in the estimated collapse probability. This uncertainty depends
on the total number of ground motions. If few ground motions are
used, there is a large uncertainty in the collapse probability. If
many ground motions are used, there is a small uncertainty. For
example, compare a set of 11 ground motions with 1 unaccept-
able response to a set of 110 ground motions with 10 unaccept-
able responses. Both sets have a most likely unacceptable
response probability of 9.1%. The design with 1 unacceptable
and 10 acceptable responses has only a 34% chance that its
unacceptable response probability is 10% or less. The design
with 10 unacceptable and 100 acceptable responses has a 56%
chance that its unacceptable response probability is 10% or less.

In the current acceptance criterion, the choice to require 11
ground motions follows from the need to have con dence in the
average values of the resulting element-level and story-level
responses (Section C16.2.3.1). These element-level and story-level
responses are then used to implicitly demonstrate adequate collapse
safety. If future provisions seek to explicitly ensure that the
proposed design has an acceptable collapse probability, then this
unacceptable response acceptance criterion should be revised using
statistical inference theory to establish the number of required
ground motions and the maximum number of unacceptable
responses, as well as the element- and story-level response limits.

C16.4.1.2 Story Drift. The limit on mean story drift was
developed to be consistent with the linear design procedures of
this standard. To this end, the basic Table 12.12-1 story drift
limits are the following:

* Increased by a factor of 1.5, to re ect the analysis being
completed at the MCEg ground motion level rather than at
2/3 of the MCEg level, and

* Increased by another factor of 1.25, to re ect an average
ratio of R Cy.
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These two above increases are the basis for the requirement
that the mean story drift be limited to 1.9 (which was rounded to
2.0) of the standard Table 12.12-1 limits.

The masonry-speci ¢ drift limits of Table 12.12-1 are not
enforced in this section because the component-level acceptance
criteria of Section 16.4.2 are expected to result in equivalent
performance (i.e., a masonry building designed in accordance
with Chapter 16 is expected to have similar performance to a
masonry building designed using linear analysis methods and the
more stringent drift limits of Table 12.12-1).

The standard does not require checks on residual drift. Resid-
ual drifts are an indicator of incipient dynamic instability, and a
prudent engineer checks for this instability. Limiting residual
drifts is an important consideration for postearthquake operabili-
ty and for limiting nancial losses, but such performance goals
are not included in the scope of the ASCE 7 standard. For Risk
Category 1 and 11 buildings, the ASCE 7 standard is primarily
meant to ensure the protection of life safety. Additionally,
residual drifts can be extremely dif cult to predict reliably with
available structural analysis tools.

C16.4.2 Element-Level Acceptance Criteria. The element-
level acceptance criteria require classi cation of each element
action as either force-controlled or deformation-controlled, simi-
lar to the procedures of ASCE 41. Note that this is done for each
element action, rather than for each element. For example, for a
single column element, the exural behavior may be classi ed as
a deformation-controlled action, whereas the axial behavior may
be classi ed as a force-controlled action.

Deformation-controlled actions are those that have reliable
inelastic deformation capacity. Force-controlled actions pertain
to brittle modes where inelastic deformation capacity cannot be
ensured. Based on how the acceptance criteria are structured, any
element action that is modeled elastically must be classi ed as
being force-controlled.

Some examples of force-controlled actions are

e Shear in reinforced concrete (other than diagonally rein-
forced coupling beams).

« Axial compression in columns.

e Punching shear in slab—column joints without shear
reinforcing.

¢ Connections that are not explicitly designed for the strength
of the connected component, such as some braces in braced
frames.

« Displacement of elements resting on a supporting element
without rigid connection (such as slide bearings).

¢ Axial forces in diaphragm collectors.

Some examples of deformation-controlled actions are

¢ Shear in diagonally reinforced coupling beams.
 Flexure in reinforced concrete columns and walls.
¢ Axial yielding in buckling restrained braces.
 Flexure in special moment frames.

Section 16.4.2 further requires categorization of component
actions as critical, ordinary, or noncritical based on the conse-
qguence of their exceeding strength or deformation limits.
Because of the differences in consequence, the acceptance
criteria are developed differently for each of the above classi-

cations of component actions. An element’s criticality is
judged based on the extent of collapse that may occur, given
the element’s failure, and also a judgment as to whether the
effect of the element’s failure on seismic resistance is substan-
tive. An element’s failure could be judged to have substantial
effect on the structure’s seismic resistance if analysis of a model

of the building without the element present predicts unaccept-
able performance, while analysis with the element present
does not.

Limits placed on response quantities are correlated to building
performance and structural reliability. In order for compliance
with these limits to meaningfully characterize overall perfor-
mance and reliability, grouping of certain component actions for
design purposes may be appropriate. For example, while sym-
metrical design forces may be obtained for symmetrical struc-
tures using equivalent lateral force and modal response spectrum
analysis procedures, there is no guarantee that component actions
in response history analysis of symmetrical models will be the
same—or even similar—for identical components arranged sym-
metrically. Engineering judgment should be applied to the design
to maintain symmetry by using the greater demands (that is, the
demands on the more heavily loaded component determined
using the appropriate factor on its mean demand) for the design
of both components. For this purpose, using the mean demands
of the pair of components would not be appropriate because this
method would reduce the demand used for design of the more
heavily loaded component.

Though this point is perhaps trivial in the case of true
symmetry, it is also a concern in nonsymmetrical structures.
For these buildings, it may be appropriate to group structural
components that are highly similar either in geometric place-
ment or purpose. The demands determined using the suite mean
(the mean response over all ground motions within a suite) may
be very different for individual components within this group-
ing. This is a result both of the averaging process and the
limited explicit consideration of ground motion to structure
orientation in the provisions. Although the analysis may indi-
cate that only a portion of the grouped components do not meet
the provisions, the engineer ought to consider whether such
nonconformance should also suggest redesign in other similar
elements. Thus response history analysis places a higher burden
on the judgment of the engineer to determine the appropriate
methods for extracting meaningful response quantities for
design purposes.

C16.4.2.1 Force-Controlled Actions. The acceptance criteria
for force-controlled actions follow the framework established by
the PEER TBI guidelines (Bozorgnia et al. 2009), shown in
Eq. (C16.4-1):

F. Fne (C16.4-1)
where is a calibration parameter, F, is the mean demand for the
response parameter of interest, is the strength reduction factor
from a material standard, and F,. is the nominal strength
computed from a material standard considering expected material
properties.

To determine appropriate values of , we begin with the
collapse probability goals of Table 1.3-2 (for Risk Categories
I and Il) for MCER motions. These collapse probability goals
include a 10% chance of a total or partial structural collapse and a
25% chance of a failure that could result in endangerment of
individual lives. For the assessment of collapse, we then make the
somewhat conservative assumption that the failure of a single
critical force-controlled component would result in a total or
partial structural collapse of the building.

Focusing rst on the goal of a 10% chance of a total or partial
structural collapse, we assume that the component force demand
and component capacity both follow a lognormal distribution and
that the estimate of F, . represents the true expected strength of
the component. We then calibrate the  value required to achieve
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acceptable capacities except that member and connection
strengths can be taken as their nominal strengths with
resistance factors, , taken as 1.0.

Vertical ground motion excitation affects bounding axial loads
on isolation bearings and vertical stability design checks. The E
component of load combination 5 of Section 2.3.2 should
consider the maximum of E, per code or the dynamic ampli ca-
tion from analysis when signi cant vertical acceleration is
anticipated per Section C17.2.

C17.2.4.7 Overturning. The intent of this requirement is to
prevent both global structural overturning and overstress of
elements caused by localized uplift. Isolator uplift is
acceptable as long as the isolation system does not disengage
from its horizontal-resisting connection details. The connection
details used in certain isolation systems do not develop tension
resistance, a condition which should be accounted for in the
analysis and design. Where the tension capacity of an isolator is
used to resist uplift forces, design and testing in accordance with
Sections 17.2.4.6 and 17.8.2.5 must be performed to demonstrate
the adequacy of the system to resist tension forces at the total
maximum displacement.

C17.2.4.8 Inspection and Replacement. Although most
isolation systems do not require replacement following an
earthquake event, access for inspection, repair, and
replacement must be provided. In some cases (Section 17.2.6),
recentering may be required. The isolation system should be
inspected periodically as well as following signi cant earthquake
events, and any damaged elements should be repaired or
replaced.

C17.2.4.9 Quality Control. A testing and inspection program
is necessary for both fabrication and installation of the isolator
units. Because of the rapidly evolving technological advances of
seismic isolation, reference to speci ¢ standards for testing and
inspection is dif cult for some systems, while reference for some
systems is possible (e.g., elastomeric bearings should follow
ASTM D4014 requirements (ASTM 2012). Similar standards are
yet to be developed for other isolation systems. Special
inspection procedures and load testing to verify manufacturing
quality should therefore be developed for each project. The
requirements may vary depending on the type of isolation
system used. Speci ¢ requirements for quality control testing
are now given in Section 17.8.5.

C17.2.5 Structural System

C17.25.2 Minimum Building Separations. A minimum
separation between the isolated structure and other structures
or rigid obstructions is required to allow unrestricted horizontal
translation of the superstructure in all directions during an
earthquake event. The separation dimension should be
determined based on the total design displacement of the
isolation system, the maximum lateral displacement of the
superstructure above the isolation, and the lateral deformation
of the adjacent structures.

C17.2.5.4 Steel Ordinary Concentrically Braced
Frames. Section 17.5.4.2 of this standard implies that only
seismic force-resisting systems permitted for  xed-based
building applications are permitted to be used in seismic
isolation applications. Table 12.2-1 limits the height of steel
ordinary concentrically braced frames (OCBFs) in xed-based
multistory buildings assigned Seismic Design Categories D and
E to 35 ft (10.7 m) and does not permit them in buildings
assigned to Seismic Design Category F. Section 17.2.5.4 permits
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them to be used for seismic isolation applications to heights of
160 ft (48.8 m) in buildings assigned to Seismic Design
Categories D, E, and F, provided that certain additional
requirements are satis ed. The additional design requirements
that must be satis ed include that the building must remain
elastic at the design earthquake level (i.e., R, = 1.0), that the moat
clearance displacement, D1y, be increased by 20%, and that the
braced frame be designed to satisfy Section F1.7 of AISC 341. It
should be noted that currently permitted OCBFs in seismically
isolated buildings assigned to Seismic Design Categories D and
E also need to satisfy Section F1.7 of AISC 341.

Seismic isolation has the bene t of absorbing most of the
displacement of earthquake ground motions, allowing the seis-
mic force-resisting system to remain essentially elastic. Restric-
tions in Chapter 17 on the seismic force-resisting system limit the
inelastic reduction factor to a value of 2 or less to ensure
essentially elastic behavior. A steel OCBF provides the bene t
of providing a stiff superstructure with reduced drift demands
on drift-sensitive nonstructural components while providing
signi cant cost savings as compared to special systems. Steel
OCBFs have been used in the United States for numerous
(perhaps most) new seismically isolated essential facility build-
ings since the seismic isolation was rst introduced in the 1980s.
Some of these buildings have had heights as high as 130 ft
(39.6 m). The 160-ft (48.8-m) height limit was permitted for
seismic isolation with OCBFs in high seismic zones when
seismic isolation was rst introduced in the building code as
an appendix to the UBC in 1991. When height limits were
restricted for xed-based OCBFs in the 2000 NEHRP Recom-
mended Provisions, it was not recognized the effect the restric-
tion could have on the design of seismically isolated buildings.
The Section 17.2.5.4 change recti es that oversight. It is the
judgment of this committee that height limits should be increased
to the 160-ft (48.8-m) level, provided that the additional condi-
tions are met.

The AISC Seismic Committee (Task Committee-9) studied the
concept of steel OCBFs in building applications to heights of
160 ft (48.8 m) in high seismic areas. They decided that
additional detailing requirements are required, which are found
in Section F1.7 of AISC 341.

There has been some concern that steel ordinary concentrically
braced frames may have an unacceptable collapse hazard if
ground motions greater than MCEg cause the isolation system
to impact the surrounding moat wall. While there has not been a
full FEMA P-695 (FEMA 2009) study of ordinary steel concen-
trically braced frame systems, a recent conservative study of one
structure using OCBFs with R, =1 on isolation systems per-
formed by Armin Masroor at SUNY Buffalo (Masroor and
Mosqueda 2015) indicates that an acceptable risk of collapse
(10% risk of collapse given MCE ground motions) is achieved if
a 15-20% larger isolator displacement is provided. The study
does not include the backup capacity of gravity connections or
the in uence of concrete- lled metal deck oor systems on the
collapse capacity. Even though there is no requirement to
consider ground motions beyond the risk-targeted maximum
considered earthquake ground motion in design, it was the
judgment of this committee to provide additional conservatism
by requiring 20% in moat clearance. It is possible that further
P-695 studies will demonstrate that the additional 1.2 factor of
displacement capacity may not be needed.

C17.2.5.5 Isolation System Connections. This  section
addresses the connections of the structural elements that join
isolators together. The isolators, joining elements, and
connections comprise the isolation system. The joining
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elements are typically located immediately above the isolators;
however, there are many ways to provide this framing, and this
section is not meant to exclude other types of systems. It is
important to note that the elements and the connections of the
isolation system are designed for V,, level forces, while elements
immediately above the isolation system are designed for V level
forces.

Although ductility detailing for the connections in the isolation
system is not required, and these elements are designed to remain
elastic with V,, level forces using R=1.0, in some cases it may
still be prudent to incorporate ductility detailing in these con-
nections (where possible) to protect against unforeseen loading.
This incorporation has been accomplished in the past by provid-
ing connection details similar to those used for a seismic force-
resisting system of Table 12.2-1, with connection moment and
shear strengths beyond the code minimum requirements. Ways of
accomplishing this include factoring up the design forces for
these connections, or providing connections with moment and
shear strengths capable of developing the expected plastic mo-
ment strength of the beam, similar to AISC 341 or ACI 318
requirements for ordinary moment frames (OMFs).

C17.2.6 Elements of Structures and Nonstructural
Components. To accommodate the differential horizontal and
vertical movement between the isolated building and the ground,

exible utility connections are required. In addition, stiff
elements crossing the isolation interface (such as stairs,
elevator shafts, and walls) must be detailed to accommodate
the total maximum displacement without compromising life
safety provisions.

The effectiveness and performance of different isolation
devices in building structures under a wide range of ground
motion excitations have been assessed through numerous exper-
imental and analytical studies (Kelly et al. 1980, Kelly and
Hodder 1981, Kelly and Chaloub 1990; Zayas et al. 1987;
Constantinou et al. 1999; Warn and Whittaker 2006; Buckle
et al. 2002; Kelly and Konstantinidis 2011). The experimental
programs included in these studies have typically consisted of
reduced-scale test specimens, constructed with relatively high
precision under laboratory conditions. These studies initially
focused on elastomeric bearing devices, although in recent years
the attention has shifted to the single- and multiconcave friction
pendulum bearings. The latter system provides the option for
longer isolated periods.

Recent full-scale shake table tests (Ryan et al. 2012) and
analytical studies (Katsaras 2008) have shown that the isolation
systems included in these studies with a combination of longer
periods, relatively high yield/friction levels and small yield
displacements will result in postearthquake residual displace-
ments. In these studies, residual displacements ranging from 2 to
6 in. (50 to 150 mm) were measured and computed for isolated
building structures with a period of 4 seconds or greater and a
yield level in the range of 8 to 15% of the structure’s weight. This
permanent offset may affect the serviceability of the structure and
possibly jeopardize the functionality of elements crossing the
isolation plane (such as re protection and weatherproo ng
elements, egress/entrance details, elevators, and joints of primary
piping systems). Since it may not be possible to recenter some
isolation systems, isolated structures with such characteristics
should be detailed to accommodate these permanent offsets.

The Katsaras report (2008) provides recommendations for
estimating the permanent residual displacement in any isolation
system based on an extensive analytical and parametric study.
The residual displacements measured in full-scale tests (Ryan
et al. 2012) are reasonably predicted by this procedure, which
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FIGURE C17.2-1 De nitions of Static Residual Displacement D,
for a Bilinear Hysteretic System

uses an idealized bilinear isolation system, shown in Fig. C17.2-1.
The three variables that affect the residual displacement are the
isolated period (based on the second slope stiffness Kp), the yield/
friction level (Fq), and the yield displacement (D,).

The procedure for estimating the permanent residual displace-
ment, D,y (see Eq. C17.2-1) is a function of the system yield
displacement Dy, the static residual displacement, D, =F, K,
and D, which is a function of D,,, the maximum earthquake
displacement shown in Table C17.2-2. For most applications,
D, is typically equal to D,.

Dyg = D0'87D'm 5 (C17.2-1)
1 437™ 1 3172
D, 3 D,

Thus, there is a simple two-step process to estimate the
permanent residual displacement, D,4:

« Calculate the static residual displacement, D,, based on the
isolated period (using the second slope stiffness, Kp) and
the yield/friction levels. Table C17.2-3 provides values of
D, for a range of periods from 2.5 to 20 seconds and a range
of yield/friction levels from 0.03 W to 0.15 W.

* Using the value of D, calculated for the isolation system and
the yield displacement, Dy, of the system, the permanent
residual displacement, D4, can be calculated from
Eqg. (C17.2-1), and Tables C17.2-4 and C17.2-5 provide
the residual displacements for earthquake displacements
(Dyy) of 10 in. and 20 in. (250 mm to 500 mm), respectively.

The cells with bold type in Tables C17.2-4 and C17.2-5
correspond to permanent residual displacements exceeding 2.0 in.
(50 mm). Note that for yield displacements of approximately
2.0 in. (50 mm), residual displacements will not occur for most
isolation systems.

Table C17.2-2 Values of Static Residual Displacement, D,

Range of Maximum Displacement, D ax Static Residual Displacement, D,

0 Dmx Dy 0
D, Dpx<D; 2D,
Dr 2D, D D,
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Table C17.2-3 Values of Static Residual Displacement, D, (in.), for
Various Isolated Periods, T (s), and Yield/Friction Levels, Fq

Fo

T(s) 0.03 0.06 0.09 0.12 0.15

25 1.8 3.6 5.3 71 8.9
2.8 2.4 4.7 7.1 9.5 11.9
35 3.6 71 10.7 14.2 17.8
4.0 4.7 9.5 14.2 19.0 23.7
5.0 7.2 14.5 21.7 28.9 36.1
5.6 9.2 18.5 27.7 37.0 46.2
6.0 10.7 21.3 32.0 42.7 53.3
7.0 14.2 28.4 42.7 56.9 71.1
8.0 18.7 374 56.2 74.9 93.6
9.0 23.7 47.4 711 94.8 1185
20.1 1185 237.0 355.5 474.0 592.5

Note: 1 in. = 25 mm.

Table C17.2-4 Permanent Residual Displacement, D4, for a
Maximum Earthquake Displacement, D,,, of 10 in. (250 mm)

Dy (in.)

D, (in.) 0.005 0.01 0.02 0.20 0.39 0.59 0.98 1.97

4.0 063 060 056 025 016 011 0.07 0.04
7.9 128 125 121 073 050 039 02 014
11.9 186 184 179 122 09 071 050 0.27
15.8 232 230 225 167 129 104 075 043
19.8 272 270 266 207 165 137 101 059
23.7 308 306 302 243 199 168 127 0.76
271.7 339 337 334 275 230 197 151 092
31.6 368 366 362 305 259 224 175 1.09
35.6 393 391 387 332 28 249 197 125
39.5 416 414 411 356 3.09 273 219 141

Note: 1 in. = 25 mm.
Bold values designate D,4 values of 2 inches or more.

Table C17.2-5 Permanent Residual Displacements, D,q4, for a
Maximum Earthquake Displacement, D,,, of 20 in. (500 mm)

D, (in.)

D, (in.) 0.005 0.01 0.02 0.20 0.39 0.59 0.98 1.97

4.0 063 060 056 025 016 011 0.07 0.04
7.9 128 125 121 073 050 039 026 0.15
11.9 193 190 185 128 095 076 054 031
15.8 258 255 250 18 145 119 087 052
19.8 323 320 315 247 198 165 124 0.75
23.7 375 372 367 297 245 208 159 0.99
271.7 422 420 415 345 290 250 195 124
31.6 467 464 460 390 333 290 230 150
35.6 508 506 502 432 374 330 265 176
39.5 547 545 541 472 413 367 299 202

Note: 1 in. = 25 mm.
Bold values designate D,y values of 2 inches or more.

C17.2.8 Isolation System Properties. This section de nes and
combines sources of variability in isolation system mechanical
properties measured by prototype testing, permitted by
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manufacturing speci cation tolerances, and occurring over the
life span of the structure because of aging and environmental
effects. Upper bound and lower bound values of isolation system
component behavior (e.g., for use in response history analysis
procedures) and maximum and minimum values of isolation
system effective stiffness and damping based on these bounding
properties (e.g., for use in equivalent lateral force procedures) are
established in this section. Values of property modi cation
factors vary by product and cannot be speci ed generically in
the provisions. Typical “default” values for the more commonly
used systems are provided below. The designer and peer reviewer
are responsible for determining appropriate values of these
factors on a project-speci ¢ and product-speci ¢ basis.

This section also re nes the concept of bounding (upper
bound and lower bound) values of isolation system component
behavior by

1. Explicitly including variability caused by manufacturing
tolerances, aging, and environmental effects. ASCE/SEI
7-10 only addressed variability associated with prototype
testing and

2. Simplifying design by basing bounding measures of am-
plitude-dependent behavior on only MCEg ground
motions. ASCE/SEI 7-10 used both design earthquake
(DE) and MCER ground motions.

The new section also re nes the concept of maximum and
minimum effective stiffness and damping of the isolation system
by use of revised formulas that

1. De ne effective properties of the isolation system on
bounding values of component behavior (i.e., same two
re nements, described above) and

2. Eliminates the intentional conservatism of ASCE/SEI 7-10
that de nes minimum effective damping in terms of maxi-
mum effective stiffness.

C17.2.8.2 Isolator Unit Nominal Properties. Isolator
manufacturers typically supply nominal design properties that
are reasonably accurate and can be con rmed by prototype tests
in the design and construction phases. These nominal properties
should be based on past prototype tests as de ned in
Section 17.8.2; see Fig. C17.2-2.

C17.2.8.3 Bounding Properties of Isolation System
Components. The methodology for establishing lower and
upper bound values for isolator basic mechanical properties
based on property modi cation factors was rst presented in
Constantinou et al. (1999). It has since then been revised in
Constantinou et al. (2007) based on the latest knowledge of
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FIGURE C17.2-2 Example of the Nominal Properties of a Bilinear
Force De ection System
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lifetime behavior of isolators. The methodology presented uses
property modi cation factors to adjust isolator nominal
properties based on considerations of natural variability in
properties, effects of heating during cyclic motion, and the
effects of aging, contamination, ambient temperature and
duration of exposure to that temperature, and history of
loading. The nominal mechanical properties should be based
on prototype (or representative) testing on isolators not
previously tested, at normal temperature and under dynamic
loading.

The methodology also modi es the property modi cation
factors to account for the unlikely situation of having several
events of low probability of occurrence occur at the same time
(i.e., maximum earthquake, aging, and low temperature) by use
of property adjustment factors that are dependent on the signi -
cance of the structure analyzed (values range from 0.66 for a
typical structure to 1.0 for a critical structure). This standard
presumes that the property adjustment factor is 0.75. However,
the registered design professional may opt to use the value of 1.0
based on the signi cance of the structure (e.g., health-care
facilities or emergency operation centers) or based on the number
of extreme events considered in the establishment of the property
modi cation factor. For example, if only aging is considered,
then a property adjustment factor of unity is appropriate.

Examples of application in the analysis and design of bridges
may be found in Constantinou et al. (2011). These examples may
serve as guidance in the application of the methodology in this
standard. Constantinou et al. (2011) also presents procedures for
estimating the nominal properties of lead-rubber and friction
pendulum isolators, again based on the assumption that prototype
test data are not available. Data used in the estimation of the
range of properties were based on available test data, all of which
were selected to heighten heating effects. Such data would be
appropriate for cases of high-velocity motion and large lead core
size or high friction values.

Recommended values for the speci cation tolerance on the
average properties of all isolators of a given size isolator are
typically inthe 10%to 15% range. Fora 10% speci cation
tolerance, the corresponding lambda factors would be

spec, max =1.10 and  spec, min =0.90. Variations in individ-
ual isolator properties are typically greater than the tolerance on the
average properties of all isolators of a given size as presented in
Section 17.2.8.4. It is recommended that the isolator manufacturer
be consulted when establishing these tolerance values.

Section 17.2.8.4 requires the isolation system to be designed
with consideration given to environmental conditions, including
aging effects, creep, fatigue, and operating temperatures. The
individual aging and environmental factors are multiplied togeth-
er and then the portion of the lambda factor differing from unity
is reduced by 0.75 based on the assumption that not all of the
maximum values will occur simultaneously. As part of the
design process, it is important to recognize that there will be
additional variations in the nominal properties because of
manufacturing. The next section speci es the property modi -
cation factors corresponding to the manufacturing process or
default values if manufacturer-speci ¢ data are not available.
These factors are combined with the property modi cation
factors (Section 17.2.8.4) to determine the maximum and mini-
mum properties of the isolators (Section 17.2.8.5) for use in the
design and analysis process.

The lambda-test values test max @Nd  test min are determined
from prototype testing and shall bound the variability and
degradation in properties caused by speed of motion, heating
effects, and scragging from Item 2 of Section 17.8.2.2. The
registered design professional (RDP) shall specify whether this

testing is performed quasi-statically, as in Item 2(a), or dynami-
cally, as in Item 2(b). When testing is performed quasi-statically,
the dynamic effects shall be accounted for in analysis and design
using appropriate adjustment of the lambda-test values.

Item 3 of the testing requirements of Section 17.8.2.2 is
important for property determination since it is common to Item
2. Using this testing, the lambda-test values test max and

test min May be determined by three fully reversed cycles of
dynamic (at the effective period Ty,) loading at the maximum
displacement 1.0Dy, on full-scale specimens. This test regime
incorporates the effects of high-speed motion. The upper and
lower bound values of Ky shall also envelop the 0.67D,, and
1.0Dy, tests of Item 2 of Section 17.8.2.2. Therefore, the lambda-
test values bound the effects of heating and scragging. As de ned
by Section 17.2.8.2, the nominal property of interest is de ned as
the average among the three cycles of loading. test max Shall be
determined as the ratio of the rst cycle property to the nominal
property value. test min Shall be determined as the ratio of the
property value at a representative cycle, determined by the RDP,
to the nominal property value. The number of cycles shall be
representative of the accepted performance of the isolation
system for the local seismic hazard conditions, with the default
cycle being the third cycle. A critique and guidance are provided
in McVitty and Constantinou (2015).

C17.2.8.4 Property Modi cation Factors. The lambda factors
are used to establish maximum and minimum mathematical
models for analysis, the simplest form of which is the linear
static procedure used to assess the minimum required design base
shear and system displacements. More complex mathematical
models account for various property variation effects explicitly
(e.g., velocity, axial load, bilateral displacement, and
instantaneous temperature). In this case, the cumulative effect
of the lambda factors reduces (the combined lambda factor is
closer to 1.0). However, some effects, such as speci cation
tolerance and aging, are likely to always remain since they
cannot be accounted for in mathematical models. Default
lambda factors are provided in Table C17.2-6 as isolators
from unknown manufacturers that do not have quali -
cation test data. Default lambda factors are provided in
Table C17.2-7 for most common types of isolators fabricated
by quality manufacturers. Note that this table does not have any
values of property modi cation factors for the actual stiffness
(Ky4) of sliding isolators. It is presumed that sliding isolators,
whether at or spherical, are produced with suf ciently high
accuracy that their actual stiffness characteristics are known. The
RDP may assign values of property modi cation factors different
than unity for the actual stiffness of sliding bearings on the basis
of data obtained in the prototype testing or on the basis of lack of
experience with unknown manufacturers. Also note that this
table provides values of property modi cation factors to
approximately account for uncertainties in the materials and
manufacturing methods used. These values presume lack of
test data or incomplete test data and unknown manufacturers.
For example, the values in Table C17.2-6 for sliding bearings
presume unknown materials for the sliding interfaces so that
there is considerable uncertainty in the friction coef cient values.
Also, the data presume that elastomers used in elastomeric
bearings have signi cant scragging and aging. Moreover, for
lead-rubber bearings, the data in the table presume that there is
considerable uncertainty in the starting value (before any
hysteretic heating effects) of the effective yield strength of lead.

Accordingly, there is a considerable range in the upper and
lower values of the property modi cation factors. Yet, these
values should be used with caution since low-quality fabricators
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Generally, ambient temperature effects can be ignored for
most isolation systems if they are in conditioned space where
the expected temperature varies between 30°F and 100°F.

The following comments are provided in the approach to be
followed for the determination of the bounding values of me-
chanical properties of isolators:

1. Heating effects (hysteretic or frictional) may be accounted
for on the basis of a rational theory (e.g., Kalpakidis and
Constantinou 2008, 2009; Kalpakidis et al. 2010) so that
only the effects of uncertainty in the nominal values of the
properties, aging, scragging, and contamination need to be
considered. This is true for lead-rubber bearings where lead
of high purity and of known thermomechanical properties
is used. For sliding bearings, the composition of the sliding
interface affects the relation of friction to temperature and
therefore cannot be predicted by theory alone. Moreover,
heating generated during high-speed motion may affect the
bond strength of liners. Given that there are numerous
sliding interfaces (and that they are typically proprietary),
that heating effects in sliding bearings are directly depen-
dent on pressure and velocity, and that size is important in
the heating effects (Constantinou et al. 2007), full-scale
dynamic prototype and production testing are very impor-
tant for sliding bearings.

2. Heating effects are important for sliding bearings and the
lead core in lead-rubber bearings. They are not important
and need not be considered for elastomeric bearings of
either low or high damping. The reason for this is described
in Constantinou et al. (2007), where it has been shown,
based on theory and experimental evidence, that the rise in
temperature of elastomeric bearings during cyclic motion
(about one degree centigrade per cycle) is too small to
signi cantly affect their mechanical properties. Prototype
and production testing of full-size specimens at the
expected loads and displacements should be suf cient to
detect poor material quality and poor material bonding in
plain elastomeric bearings, even if done quasi-statically.

3. Scragging and recovery to the virgin rubber properties (see
Constantinou et al. 2007 for details) are dependent on the
rubber compound, size of the isolator, the vulcanization
process, and the experience of the manufacturer. Also, it
has been observed that scragging effects are more pro-
nounced for rubber of low shear modulus and that the
damping capacity of the rubber has a small effect. It has
also been observed that some manufacturers are capable of
producing low-modulus rubber without signi cant scrag-
ging effects, whereas others cannot. It is therefore recom-
mended that the manufacturer should present data on the
behavior of the rubber under virgin conditions (not previ-
ously tested and immediately after vulcanization) so that
scragging property modi cation factors can be determined.
This factor is de ned as the ratio of the effective stiffness in
the rst cycle to the effectiveness stiffness in the third cycle,
typically obtained at a representative rubber shear strain
(e.g., 100%). It has been observed that this factor can be as
high as, or can exceed, a value of 2.0 for shear-modulus
rubber less than or equal to 0.45 MPa (65 psi). Also, it has
been observed that some manufacturers can produce rubber
with a shear modulus of 0.45 MPa (65 psi) and a scragging
factor of approximately 1.2 or less. Accordingly, it is
preferred to establish this factor by testing for each project
or to use materials quali ed in past projects.

4. Aging in elastomeric bearings has in general small effects
(typically increases in stiffness and strength of the order of

10% to 30% over the lifetime of the structure), provided
that scragging is also minor. It is believed that scragging is
mostly the result of incomplete vulcanization, which is thus
associated with aging as chemical processes in the rubber
continue over time. Inexperienced manufacturers may
produce low shear modulus elastomers by incomplete
vulcanization, which should result in signi cant aging.
Aging in sliding bearings depends on the composition of
the sliding interface. There are important concerns with
bimetallic interfaces (Constantinou et al. 2007), even in the
absence of corrosion, so that they should be penalized by
large aging property modi cation factors or simply not
used. Also, lubricated interfaces warrant higher aging and
contamination property modi cation factors. The designer
can refer to Constantinou et al. (2007) for detailed values of
the factor depending on the conditions of operation and the
environment of exposure. Note that lubrication is meant to
be liquid lubrication typically applied either directly at the
interface or within dimples. Solid lubrication in the form of
graphite or similar materials that are integrated in the fabric
of liners and used in contact with stainless steel for the
sliding interface does not have the problems experienced
by liquid lubrication.

C17.2.8.5 Upper Bound and Lower Bound Force-De ection
Behavior of Isolation System Components. An upper and
lower bound representation of each type of isolation system
component shall be developed using the lambda factors
developed in Section 17.2.8.4. An example of a bilinear force

de

ection loop is shown in Fig. C17.2-2. In C17.2-3, the upper

and lower bound lambda factors are applied to the nominal
properties of the yield/friction level and the second or bilinear
slope of the lateral force-displacement curve to determine the
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FIGURE C17.2-3 Example of the Upper and Lower Bound
Properties of a Bilinear Force De ection System
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upper and lower bound representation of an isolation system
component. The nomenclature shown in Fig. C17.2-3 is
important to note. The effective stiffness and effective
damping are calculated for both the upper and lower bound
properties at the corresponding Dy,. The maximum and minimum
effective stiffness and effective damping are then developed from
these upper and lower bound lateral force-displacement
relationships in Section 17.2.8.6.

C17.3 SEISMIC GROUND MOTION CRITERIA

C17.3.1 Site-Speci ¢ Seismic Hazard. This new section
consolidates existing site-speci ¢ hazard requirements from
other sections.

C17.3.3 MCE, Ground Motion Records. The MCEg
spectrum is constructed from the Sys, Sy, parameters of
Section 11.4.5, or 11.4.6, or 11.4.7.

When vertical excitation is included in isolated building
response history analysis or response spectrum analysis, it is
recommended that the vertical design spectra be computed by
one of the following methods:

1. 2009 NEHRP Provisions (FEMA 2009) in new Chapter 23,
equivalent to Annex A of Chapter 15, where the term Spg is
replaced with Sys.  The vertical spectrum s
computed based on near-fault or far-fault conditions
through the parameter S¢ (short-period horizontal spectral
acceleration for the site), as well as soil conditions (site
classi cation).

2. Site-speci ¢ seismic hazard analysis using ground motion
prediction equations for vertical shaking.

3. Multiplying the ordinates of the target spectrum corre-
sponding to horizontal shaking by empirically based verti-
cal-to-horizontal ratios that may be dependent on vertical
period, site class, and proximity to fault.

4. Other approaches discussed in NIST GCR 11-917-15
(NIST 2011) consisting of a vertical conditional spectrum
or conditional mean spectrum, envelope scaling, and mean
spectral matching, or others.

Where response history analysis procedures are used, MCEg
ground motions should consist of not less than seven pairs of
appropriate horizontal acceleration components.

Where vertical excitation is included in isolated building
response history analysis, scaling of the vertical ground motion
component may follow one of the following recommended
procedures:

» The vertical motions are spectrally matched to the design
vertical spectrum using a vertical period range of 0.2T, to
1.5T,, where T, is the building’s primary vertical period of
vibration. A wider period range may be considered because
of uncertainty in the estimation of the primary vertical
period of the building.

* The vertical component should be scaled by the same factor
as the horizontal ground motion component(s). If the verti-
cal component is included in the response of the structure,
the response spectra of the vertical components of the
records should be evaluated for reasonableness by compar-
ing their spectra with a design vertical spectrum (NIST
2011).

If achieving a spectral t to the vertical component spectrum is
desirable, the vertical components of the selected records can be
scaled by different factors than those used for horizontal com-
ponents. Amplitude scaling of vertical components to a target
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vertical spectrum can be used using a least square error tto a
vertical period range of 0.2T, to 1.5T,, where T, is the building’s
primary vertical period of vibration. A wider period range may be
considered in this case because of uncertainty in the estimation of
the primary vertical period of the building.

C17.4 ANALYSIS PROCEDURE SELECTION

Three different analysis procedures are available for determining
design-level seismic loads: the equivalent lateral force (ELF)
procedure, the response spectrum procedure, and the response
history procedure. For the ELF procedure, simple equations
computing the lateral force demand at each level of the building
structure (similar to those for conventional, xed-base structures)
are used to determine peak lateral displacement and design forces
as a function of spectral acceleration and isolated-structure period
and damping. The provisions of this section permit increased use
of the ELF procedure, recognizing that the ELF procedure is
adequate for isolated structures whose response is dominated by
a single translational mode of vibration and whose superstructure
is designed to remain essentially elastic (limited ductility demand
and inelastic deformations) even for MCEg level ground
motions. The ELF procedure is now permitted for the design
of isolated structures at all sites (except Site Class F) as long as
the superstructure is regular (as de ned in new Section 17.2.2),
hasa xed-base period (T) that is well separated from the isolated
period (T in), and the isolation system meets certain “response
predictability” criteria with which typical and commonly used
isolation systems comply.

The design requirements for the structural system are based on
the forces and drifts obtained from the MCER, earthquake using a
consistent set of upper and lower bound isolation system prop-
erties, as discussed in Section C17.5. The isolation system—
including all connections, supporting structural elements, and the
“gap”—is required to be designed (and tested) for 100% of
MCERg demand. Structural elements above the isolation system
are now designed to remain essentially elastic for the MCEg
earthquake. A similar xed-base structure would be designed for
design earthquake loads (2 3MCEg) reduced by a factor of 6 to 8
rather than the MCEg demand reduced by a factor of up to 2 for a
base-isolated structure.

C17.5 EQUIVALENT LATERAL FORCE PROCEDURE

The lateral displacements given in this section approximate
peak earthquake displacements of a single-degree-of-freedom,
linear-elastic system of period, T, and effective damping, .
Egs. (17.5-1) and (17.5-3) of ASCE 7-10 provided the peak
displacement in the isolation system at the center of mass for both
the DE and MCERr earthquakes, respectively. In these prior
equations, as well as the current equation, the spectral accelera-
tion terms at the isolated period are based on the premise that the
longer period portion of the response spectra decayed as 1 T.
This is a conservative assumption and is the same as that required
for design of a conventional, xed-base structure of period Ty.
A damping factor B, is used to decrease (or increase) the
computed displacement demand where the effective damping
coef cient of the isolation system is greater (or smaller) than 5%
of critical damping. A comparison of values obtained from
Eg. (17.5-1) and those obtained from nonlinear time history
analyses are given in Kircher et al. (1988) and Constantinou et al.
(1993).

The ELF formulas in this new edition compute minimum
lateral displacements and forces required for isolation system
design based only on MCEg level demands, rather than on a
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obtained by changing the damper constant (C) value. No varia-
tion is considered for the velocity exponent, . The following
diagrams are shown:

¢ A pair of lines corresponding to damper nominal constitu-
tive relationship computed with the C value increased or
decreased by 10%. These lines account for the . factors as
de ned in Section 18.2.5.4;  emax = 1.1,

For these particular devices, the variation in properties
caused by aging and environmental factors is taken as
5% ( aemax =1.05, aemin =0.95), and the speci ca-
tion tolerance is set at 5% ( specmax = 1.05,
specmin = 0.95). These values should be developed in
conjunction with the device manufacturer based on their
history of production damper test data and experience with
aging and other environmental effects. Using these values
in Egs. (18.2-3a) and (18.2-3b) results in ., =1.20 and
min = 0.82. These values satisfy the minimum variation
requirements of Section 18.2.4.5. They are rounded to
max = 1.2 and i, =0.8.

e A pair of lines corresponding to the cumulative maximum
and minimum  values (accounting for testing, speci cation
tolerance, and other factors listed in Section 18.2.4.5) com-
puted with the nominal C value increased or decreased
by 20%.

For this example, analysis with minimum and maximum
damper properties should be conducted by using 80% and
120% of the nominal value for C, respectively. The analysis
with maximum damper properties typically produces larger
damper forces for use in the design of members and connections,
whereas the analysis with minimum damper properties typically
produces less total energy dissipation and hence larger drifts.

test;min =0.9.

C18.2.4.6 Damping System Redundancy. This provision is
intended to discourage the use of damping systems with low
redundancy in any story. At least four damping devices should be
provided in each principal direction, with at least two devices in
each direction on each side of the center of stiffness to control
torsional response. In cases where there is low damping system
redundancy by this de nition, all damping devices in all stories
must be capable of sustaining increased displacements (with
associated forces) and increased velocities (with associated
displacements and forces) relative to a system with adequate
redundancy. The penalty is 130%.

C18.3 NONLINEAR RESPONSE HISTORY
PROCEDURE

Those elements of the SFRS and the DS that respond essentially
elastically at MCER (based on a limit of 1.5 times the expected
strength calculated using =1) are permitted to be modeled
elastically. Modeling parameters and acceptance criteria provid-
ed in ASCE 41, with a performance objective de ned in Ta-
ble 2.2, as modi ed in this chapter, are deemed satisfactory to
meet the requirements of this section.

The hardware of all damping devices (for example, the
cylinder of a piston-type device) and the connections between
the damping devices and the remainder of the structure must
remain elastic at MCEg (see Section 18.2.1.2). The nonlinear
behavior of all other elements of both the SFRS and the DS must
be modeled based on test data, which must not be extrapolated
beyond the tested deformations. Strength and stiffness degrada-
tion must be included if such behavior is indicated. However, the
damping system must not become nonlinear to such an extent
that its function is impaired.

Table C18.3-1 Analysis Cases for Establishing Ampli cation

Factors
Case Damper Properties Accidental Eccentricity
| Minimum No
lla Minimum Yes, X direction
I1b Minimum Yes, Y direction

Nonlinear response history analysis (NRHA) is performed at
both the design earthquake (DE) and the MCEg, levels. Acciden-
tal eccentricity is included at MCEg but need not be included at
the DE level, since the SFRS design checks from Section 18.2.1.1
include accidental eccentricity. However, the results from the
NRHA at DE using a model of the combined SFRS and DS must
be used to recheck all elements of the SFRS, since the checks of
Section 18.2.1.1 are conducted using a representation of the
structure excluding the damping system. This requirement is
de ned in Section 18.4.1. The damping system is designed and
evaluated based on the results of the MCER analyses, as de ned
in Section 18.4.2.

For sites classi ed as near-fault, individual pairs of horizontal
ground motion components must be applied to the model to
re ect the fault-normal and fault-parallel directions. For all other
sites, each pair of horizontal ground motion components should
be applied to the building at orthogonal orientations such that the
mean of the component response spectra for the records applied
in each direction is approximately equal (close to  10%) to the
mean of the component response spectra of all records applied for
the period range speci ed in Section 18.2.2.2. The design
reviewer would be the judge of what constitutes “approximately
equal.”

C18.3.2 Accidental Mass Eccentricity. In order to avoid the
need to perform a large number of nonlinear response history
analyses that include the suites of ground motions, the upper and
lower bound damper properties, and ve or more locations of the
center of mass, the exception in this provision allows the center-
of-mass analysis results to be scaled and used to account for the
effects of mass eccentricity in different building quadrants.

The following is one suggested method of developing appro-
priate ampli cation factors for deformations and forces for use
with center-of-mass NRHAs to account for the effects of acci-
dental eccentricity. The use of other rationally developed ampli-

cation factors is permitted and encouraged given that the
arti cial shift of the center of mass changes the dynamic char-
acteristics of the analyzed structure and may lead to the paradox
of reduced torsional response with increasing accidental eccen-
tricity (Basu et al. 2014).

The most critical directions for moving the calculated center of
mass are such that the accidental eccentricity adds to the inherent
eccentricity in each orthogonal direction at each level. For each
of these two eccentric mass positions, and with minimum damper
properties, the suite of NRHAs should be run and the results
processed in accordance with Section 18.3.3. The analysis cases
are de ned in Table C18.3-1.

The results from Cases Ila and I1b are then compared in turn to
those from Case I. The following ampli cation factors (ratio of
Case lla or Ilb response to Case | response) are computed:

(@ The ampli cation for story drift in the structure at the plan
location with the highest drift, enveloped over all stories;

(b) The ampli cation for frame-line shear forces at each story
for the frame subjected to the maximum drift.
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The larger of the two resulting scalars on drift should be used
as the deformation ampli er, and the larger of the two resulting
scalars on force should be used as the force ampli er. Once the
ampli cation factors are established, the effects of accidental
eccentricity should be considered as follows.

The NRHA procedure should be run for the inherent mass
eccentricity case only, considering both maximum and minimum
damper properties. For each damper property variation, response
quantities should be computed in accordance with Section 18.3.3.
All resulting deformation response quantities should be increased
by the deformation ampli er, and all resulting force quantities
should be increased by the force ampli er before being used for
evaluation or design.

C18.4 SEISMIC LOAD CONDITIONS AND
ACCEPTANCE CRITERIA FOR NONLINEAR
RESPONSE HISTORY PROCEDURE

C18.4.1 Seismic Force-Resisting System. All elements of
the SFRS are checked under two conditions. First, the SFRS
(excluding the damping system) is checked under the minimum
base shear requirements of Section 18.2.1.1. Second, the de-
mands from the NRHA at DE (with a model of the com-
bined SFRS and DS) must be used to recheck all elements of
the SFRS.

There are three limiting values for the analytically computed
drift ratios at MCEg. Table 12.12-1 lists the allowable drifts for
structures. These limiting drift ratios are checked against drift
ratio demands computed from the code procedure. Since the
code design is an implied DE intensity, the drift ratios in the
table are also intended to be used at analysis conducted at
this level.

1. 3% limit: For most common structures, the DE allowable
drift ratio ( ,=h) is 2%. Because for most cases, the ratio of
MCEgR to DE intensity is 1.5, then the allowable drift ratio
at MCER becomes 3% (1.5 x 2%).

2. 1.9 factor: When NRHA analysis is used, the code (Sec-
tion 16.2.4.3 of ASCE 7-10) allows the DE drift ratios
computed from analysis to be limited to 125% of the DE
drift ratio limits of Table 12.12-1. Therefore, the MCEg
drift ratios are limited to 1.9 (approximately equal to
1.5 x 1.25) of limits of Table 12.12-1.

3. 1.5R=Cy factor: The de ections , of Eq. (12.8-15) are
computed by amplifying the de ections computed from
analysis by the de ection ampli cation factor (C4). The
elastic de ections used in Chapter 12 themselves are
computed at DE intensity using elastic analysis with forces
that are reduced by the response modi cation factor, R.
Thus, for the purpose of comparing drift ratios computed
from NRHA with Table 12.12-1, the entries of the table
need to be modi ed by the R=Cy factor for comparison at
DE level. Therefore, the allowable drift ratios at MCEg
correspond to 1.5R=Cy of entries of the table.

Example: Five-Story Steel Special Moment Frames in Risk
Category 1 or Il

» Allowable drift ratio from Table 12.12-1 =2%.
 Allowable drift ratio for structures with dampers using
NRHA then would be the smallest of
3%,
1.9 x 2% = 3.8%, and
1.5x 8=55 x 2% =4.4%.
» 3% controls. Thus, all computed drift ratios from NRHA
should be 3% or less at MCEg.
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C18.5 DESIGN REVIEW

The independent design review of many structures incorporating
supplemental damping may be performed adequately by one
registered and appropriately experienced design professional.
However, for projects involving signi cant or critical structures,
it is recommended that a design review panel consisting of two or
three registered and appropriately experienced design profes-
sionals be used.

C18.6 TESTING

C18.6.1.2 Sequence and Cycles of Testing. The use of
1= 1.5T, as the testing frequency is based on a softening of
the combined SFRS and DS associated with a system ductility
of approximately 2. Test 2 (d) in Section 18.6.1.2 ensures that the
prototype damper is tested at the maximum force from analysis.

It should be noted that velocity-dependent devices (for example,
those devices characterized by F=C,) are not intended to be
characterized as frequency-dependent under item 4 of this section.

C18.6.1.3 Testing Similar Devices. In order for existing
prototype test data to be used to satisfy the requirement of
Section 18.6.1, the conditions of this provision must be
satis ed. It is imperative that identical manufacturing and
quality control procedures be used for the preexisting
prototype and the project-speci ¢ production damping devices.
The precise interpretations of “similar dimensional charac-
teristics, internal construction, and static and dynamic internal
pressures” and “similar maximum strokes and forces” are left to
the RDP and the design review team. However, variations in
these characteristics of the preexisting prototype device beyond
approximately 20% from the corresponding project-speci c
values should be cause for concern.

C18.6.1.4 Determination of Force-Velocity-Displacement
Characteristics. When determining nominal properties (item
2) for damping devices whose rst-cycle test properties differ
signi cantly from the average properties of the rst three cycles,
an extra cycle may be added to the test, and the nominal
properties may be determined from the average value using
data from the second through fourth cycles. In this case, the
effect of rst-cycle properties must be addressed explicitly and
included in the . factor. It should be noted that if the property
variation methodology of Sections 18.2.4.4 and 18.2.4.5 is
applied consistently, the maximum and minimum design
properties (Egs. (18.2-4a) and (18.2-4b)) will be identical,
regardless of whether the nominal properties are taken from
the average of cycles 1 through 3 or cycles 2 through 4.

C18.6.2 Production Tests. The registered design professional
is responsible for de ning in the project speci cations the scope
of the production damper test program, including the allowable
variation in the average measured properties of the production
damping devices. The registered design professional must decide
on the acceptable variation of damper properties on a project-by-
project basis. This range must agree with the speci cation
tolerance from Section 18.2.4.5. The standard requires that all
production devices of a given type and size be tested.
Individual devices may be permitted a wider variation (typically
15% or 20%) from the nominal design properties. For exam-
ple, in a device characterized by F =C,,, the mean of the force
at a speci ed velocity for all tested devices might be permitted to
vary no more than  10% from the speci ed value of force, but the
force at a speci ed velocity for any individual device might be
permitted to vary no more than 15% from the speci ed force.
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The production dynamic cyclic test is identical (except for
three versus ve cycles) to one of the prototype tests of Sec-
tion 18.6.1.2, so that direct comparison of production and
prototype damper properties is possible.

The exception is intended to cover those devices that would
undergo Yyielding or be otherwise damaged under the production
test regime. The intent is that piston-type devices be 100%
production tested, since their properties cannot be shown to meet
the requirements of the project speci cations without testing. For
other types of damping devices, whose properties can be demon-
strated to be in compliance with the project speci cations by other
means (for example, via material testing and a manufacturing
quality control program), the dynamic cyclic testing of 100% of
the devices is not required. However, in this case, the RDP must
establish an alternative production test program to ensure the
quality of the production devices. Such a program would typically
focus on such things as manufacturing quality control procedures
(identical between prototype and production devices), material
testing of samples from a production run, welding procedures, and
dimensional control. At least one production device must be tested
at 0.67 times the MCEg, stroke at a frequency equal to 1= 1.5T, ,
unless the complete project-speci c prototype test program has
been performed on an identical device. If such a test results in
inelastic behavior in the device, or the device is otherwise
damaged, that device cannot be used for construction.

C18.7 ALTERNATE PROCEDURES AND
CORRESPONDING ACCEPTANCE CRITERIA

This section applies only to those cases where either the RS or the
ELF procedure is adopted.

C18.7.1 Response-Spectrum Procedure and C18.7.2 Equiv-
alent Lateral Force Procedure

Effective Damping. In the standard, the reduced response of a
structure with a damping system is characterized by the damping
coef cient, B, based on the effective damping, , of the mode of
interest. This approach is the same as that used for isolated
structures. Like isolation, effective damping of the fundamental
mode of a damped structure is based on the nonlinear force-
de ection properties of the structure. For use with linear analysis
methods, nonlinear properties of the structure are inferred from
the overstrength factor, o, and other terms.

Fig. C18.7-1 illustrates reduction in design earthquake re-
sponse of the fundamental mode caused by increased effective
damping (represented by coef cient, B,p). The capacity curve is
a plot of the nonlinear behavior of the fundamental mode in
spectral acceleration-displacement coordinates. The reduction
caused by damping is applied at the effective period of the
fundamental mode of vibration (based on the secant stiffness).

In general, effective damping is a combination of three
components:

1. Inherent Damping ( ,)—Inherent damping of the structure
at or just below yield, excluding added viscous damping
(typically assumed to be 2-5% of critical for structural
systems without dampers).

2. Hysteretic Damping ( )—Postyield hysteretic damping of
the seismic force-resisting system and elements of the
damping system at the amplitude of interest (taken as
0% of critical at or below yield).

3. Added Viscous Damping ( y)—The viscous component of
the damping system (taken as 0% for hysteretic or friction-
based damping systems).
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FIGURE C18.7-1 Effective Damping Reduction of Design Demand

Both hysteretic damping and added viscous damping are
amplitude-dependent, and the relative contributions to total
effective damping change with the amount of postyield response
of the structure. For example, adding dampers to a structure
decreases postyield displacement of the structure and, hence,
decreases the amount of hysteretic damping provided by the
seismic force-resisting system. If the displacements are reduced
to the point of yield, the hysteretic component of effective
damping is zero and the effective damping is equal to inherent
damping plus added viscous damping. If there is no damping
system (as in a conventional structure), effective damping simply
equals inherent damping.

Linear Analysis Methods. The section speci es design earth-
quake displacements, velocities, and forces in terms of design
earthquake spectral acceleration and modal properties. For equiv-
alent lateral force (ELF) analysis, response is de ned by two
modes: the fundamental mode and the residual mode. The
residual mode is used to approximate the combined effects of
higher modes. Although typically of secondary importance to
story drift, higher modes can be a signi cant contributor to
story velocity and, hence, are important for design of velocity-
dependent damping devices. For response spectrum analysis,
higher modes are explicitly evaluated.

For both the ELF and the response spectrum analysis proce-
dures, response in the fundamental mode in the direction of
interest is based on assumed nonlinear (pushover) properties of
the structure. Nonlinear (pushover) properties, expressed in terms
of base shear and roof displacement, are related to building
capacity, expressed in terms of spectral coordinates, using mass
participation and other fundamental-mode factors shown in
Fig. C18.7-2. The conversion concepts and factors shown in
Fig. C18.7-2 are the same as those de ned in Chapter 9 of ASCE/
SEI 41 (2014), which addresses seismic rehabilitation of a
structure with damping devices.

Where using linear analysis methods, the shape of the funda-
mental-mode pushover curve is not known, so an idealized
elastoplastic shape is assumed, as shown in Fig. C18.7-3. The
idealized pushover curve is intended to share a common point
with the actual pushover curve at the design earthquake displace-
ment, D;p. The idealized curve permits de nition of the global
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detailed in Luco et al. (2007). Summarizing, the hazard curve is
combined with a collapse fragility (or probability distribution of
the ground motion amplitude that causes collapse) that depends
on the risk-targeted probabilistic ground motion itself. The
combination quanti es the risk of collapse. Iteratively, the
risk-targeted probabilistic ground motion is modi ed until
combination of the corresponding collapse fragility with the
hazard curve results in a risk of collapse of 1% in 50 years.
This target is based on the average collapse risk across the
western United States that is expected to result from design
for the probabilistic MCE ground motions in ASCE 7.

C21.2.2 Deterministic (MCEyR) Ground Motions.
Deterministic ground motions are to be based on characteristic
earthquakes on all known active faults in a region. The
magnitude of a characteristic earthquake on a given fault
should be a best estimate of the maximum magnitude capable
for that fault but not less than the largest magnitude that has
occurred historically on the fault. The maximum magnitude
should be estimated considering all seismic-geologic evidence
for the fault, including fault length and paleoseismic
observations. For faults characterized as having more than a
single segment, the potential for rupture of multiple segments in a
single earthquake should be considered in assessing the
characteristic maximum magnitude for the fault.

For consistency, the same attenuation equations and ground
motion variability used in the PSHA should be used in the
deterministic seismic hazard analysis (DSHA). Adjustments for
directivity and/or directional effects should also be made, when
appropriate. In some cases, ground motion simulation methods
may be appropriate for the estimation of long-period motions at
sites in deep sedimentary basins or from great (M  8) or giant
(M 9) earthquakes, for which recorded ground motion data are
lacking.

Values of the site coef cients (F, and F,) for setting the
deterministic (MCEg) ground motion oor are introduced to
incorporate both site ampli cation and spectrum shape adjust-
ment as described in the research study “Investigation of an
Identi ed Short-Coming in the Seismic Design Procedures of
ASCE 7-16 and Development of Recommended Improvements
for ASCE 7-16” (Kircher 2015). This study found that the shapes
of the response spectra of ground motions were not accurately
represented by the shape of the design response spectrum of
Figure 11.4-1 for the following site conditions and ground
motion intensities: (1) Site Class D where values of S;  0.2;
and (2) Site Class E where values of S 1.0 and/or S;  0.2.
An adjustment of the corresponding values of F, and F, was
required to account for this difference in spectrum shape, which
was causing the design response spectrum to underestimate long-
period motions. Two options were considered to address this
shortcoming. For the rst option, the subject study developed
values of new “spectrum shape adjustment” factors (C, and C,)
that could be used with site factors (F, and F,) to develop
appropriate values of design ground motions (Sps and Sp;). The
second option, ultimately adopted by ASCE 7-16, circumvents
the need for these new factors by requiring site-speci c analysis
for Site Class D site conditions where values of S; 0.2, and for
Site Class E site conditions where values of S 1.0 and/or S;
0.2 (i.e., new requirements of Section 11.4.8 of ASCE 7-16). The
spectrum shape adjustment factors developed by the subject
study for Option 1 provide the basis for the values of site
coef cients (F, and F,) proposed for Section 21.2.2 and Section
21.3 that incorporate both site ampli cation and adjustment for
spectrum shape. Speci cally, the proposed value of F, =2.5 for
Site Class D is based on the product of 1.7 (Site Class D

ampli cation at S; =0.6, without spectrum shape adjustment)
and 1.5 (spectrum shape adjustment factor); the proposed value
of F, =4.0 is based on the product of 2.0 (Site Class E ampli -
cation at S; =0.6 without spectrum shape adjustment) and 2.0
(spectrum shape adjustment factor), where values of spectrum
shape adjustment are taken from Section 6.2.2 (Table 11.4-4) of
the subject study. The proposed value of F, =1.0 is based on the
product of 0.8 (Site Class E ampli cation at Sg=1.5 without
spectrum shape adjustment) and 1.25 (spectrum shape adjust-
ment factor), where the value of the spectrum shape adjustment is
taken from Section 6.2.2 (Table 11.4-3) of the subject study. Site
ampli cation adjusted for spectrum shape effects is approximate-
ly independent of ground motion intensity and, for simplicity, the
proposed values of site factors adjusted for spectrum shape are
assumed to be valid for all ground motion intensities.

C21.2.3 Site-Speci ¢ MCEy. Because of the deterministic
lower limit on the MCEg spectrum (Fig. 21.2-1), the site-
speci ¢ MCEg ground motion is equal to the corresponding
risk-targeted probabilistic ground motion wherever it is less than
the deterministic limit (e.g., 1.5g and 0.6g for 0.2 and 1.0 s,
respectively, and Site Class B). Where the probabilistic ground
motions are greater than the lower limits, the deterministic
ground motions sometimes govern, but only if they are less
than their probabilistic counterparts. On the MCEg ground
motion maps in ASCE/SEI 7-10, the deterministic ground
motions govern mainly near major faults in California (like
the San Andreas) and Nevada. The deterministic ground
motions that govern are as small as 40% of their probabilistic
counterparts.

C21.3 DESIGN RESPONSE SPECTRUM

Eighty percent of the design response spectrum determined in
accordance with Section 11.4.6 was established as the lower limit
to prevent the possibility of site-speci ¢ studies generating
unreasonably low ground motions from potential misapplication
of site-speci ¢ procedures or misinterpretation or mistakes in the
quanti cation of the basic inputs to these procedures. Even if
site-speci ¢ studies were correctly performed and resulted in
ground motion response spectra less than the 80% lower limit,
the uncertainty in the seismic potential and ground motion
attenuation across the United States was recognized in setting
this limit. Under these circumstances, the allowance of up to a
20% reduction in the design response spectrum based on site-
speci c studies was considered reasonable.

As described in Section 21.2.2, values of the site coef cients
(F, and F,) for setting the deterministic (MCEg) ground motion

oor are introduced to incorporate both site ampli cation and
spectrum shape adjustment.

Although the 80% lower limit is reasonable for sites not
classi ed as Site Class F, an exception has been introduced at
the end of this section to permit a site class other than E to be used
in establishing this limit when a site is classi ed as F. This
revision eliminates the possibility of an overly conservative
design spectrum on sites that would normally be classi ed as
Site Class C or D.

C21.4 DESIGN ACCELERATION PARAMETERS

The Spg criteria of Section 21.4 are based on the premise that the
value of the parameter Spg should be taken as 90% of peak value
of site-speci ¢ response spectral acceleration regardless of the
period (greater than or equal to 0.2 s) at which the peak value of
response spectral acceleration occurs. Consideration of periods
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The gust wind speeds associated with a given sustained wind
speed may vary with storm size and intensity, as suggested in
Vickery et al. (2009a).

Wind Speeds for Serviceability Design. For serviceability
applications such as drift and habitability, the Appendix C
Commentary presents maps of peak gust wind speeds at 33 ft
(10 m) above ground in Exposure C conditions for return
periods of 10, 25, 50, and 100 years (Figs. CC.2-1 through
CC.2-4).

The probability, P, that the wind speed associated with a
certain annual probability, P,, will be equaled or exceeded at
least once during an exposure period of n years is given by

P,=1 (1 P,)" (C26.5-3)

where

Pa=1 el 1MR]) (C26.5-4)

For MRIs of about 10 years or longer, P, is very closely
approximated by the reciprocal of the mean recurrence interval,
ie, P, 1 MRI.

As an example, if a wind speed is based upon P, =0.02 year
(50-year MRI), the probability that this speed will be equaled
or exceeded (at least once) during a 25-year period is 0.40
(i.e., 40%), and the probability of being equaled or exceeded
in a 50-year period is 64%. Similarly, if a wind speed is based
upon P,=0.00143 (700-year MRI), the probability that this
speed will be equaled or exceeded during a 25-year period is
3.5%, and the probability of being equaled or exceeded in a 50-
year period is 6.9%.

Some products have been evaluated, and test methods have
been developed based on design wind speeds that are consistent
with the unfactored load effects typically used in allowable stress
design (ASD). Table C26.5-7 provides a comparison of the
strength design-based wind speeds used in the ASCE 7-10 and
7-16 basic wind speed maps and the ASCE 7-05 basic wind
speeds used in these product evaluation reports and test methods.
A column of values is also provided to allow comparison with
ASCE 7-93 basic wind speeds.

C&C Rating for Building Envelope Products. Building
envelope products that have been tested to air pressure standards
(such as ASTM E330, CSA A123.21, or other standards that

Table C26.5-7 Basic Wind Speeds: ASCE 7-93 to ASCE 7-16

ASCE 7-95 through ASCE
7-05 Basic Wind Speed

ASCE 7-10 and ASCE
7-16 Basic Wind Speed

ASCE 7-93 and Prior
Editions Basic Wind Speed

(3-s gust in mi/h) (3-s gust, mi/h) (fastest mile, mi/h)
85 108% 71
90 1142 76

100 126 85

105 133 90

110 139 95

120 152 104

130 164 114

140 177 123

145 183 128

150 190 133

170 215 152

#In ASCE 7-10 wind speed values of 108 mi/h and 114 mi/h were rounded to
110 mi/h and 115 mi/h, respectively.
Note: Conversion of mi/h to m s mi=h x 0.44704=m s.
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incorporate a safety factor) are typically rated for an allowable
stress design wind pressure (0.6W) rather than a strength design
pressure (1.0W) or wind speed. In order to properly select
products tested and rated in this manner, the C&C pressures
determined from Chapter 30 should be adjusted for the allowable
stress design load factor of 0.6W in Section 2.4.1.

C26.5.2 Special Wind Regions. Although the wind speed maps
of Figs. 26.5-1 and 26.5-2 are valid for most regions of the
country, there are special regions in which wind speed
anomalies are known to exist. Some of these special regions are
noted in Figs. 26.5-1 and 26.5-2. In 2016, the special wind regions
were restored to the areas originally designated in ANSI A58.1
through ASCE 7-93. The regions had inadvertently been changed
in ASCE 7-95 because of an unintended graphical error. The
special wind regions around the Great Lakes in the northeast
United States and in the Puget Sound area near Seattle were
omitted intentionally in ASCE 7-95 because of lack of
meteorological data demonstrating the existence of wind speeds
higher than could be explained by exposure. Winds blowing over
mountain ranges or through gorges or river valleys in these special
regions can develop speeds that are substantially higher than the
values indicated on the map. When selecting basic wind speeds in
these special regions, use of regional climatic data and consultation
with a wind engineer or meteorologist is advised.

It is also possible that anomalies in wind speeds exist on a
micrometeorological scale. For example, wind speed-up over
hills and escarpments is addressed in Section 26.8. Wind speeds
over complex terrain may be better determined by wind tunnel
studies as described in Chapter 31. Adjustments of wind speeds
should be made at the micrometeorological scale on the basis
of wind engineering or meteorological advice and used in
accordance with the provisions of Section 26.5.3 when such ad-
justments are warranted. Because of the complexity of moun-
tainous terrain and valley gorges in Hawaii, there are topo-
graphic wind speed-up effects that cannot be addressed solely
by Fig. 26.8-1 (Applied Research Associates 2001). In the
Hawaii special wind region, research and analysis have estab-
lished that there are special K, topographic effect adjustments
(Chock et al. 2005).

The southernmost special wind region in California experi-
ences Santa Ana winds (dry, mountain downslope winds). The
appropriate boundaries of this region are dif cult to quantify
because of a lack of data.

C26.5.3 Estimation of Basic Wind Speeds from Regional
Climatic Data. When using regional climatic data in accor-
dance with the provisions of Section 26.5.3 and in lieu of the
basic wind speeds given in Figs. 26.5-1 and 26.5-2, the user is
cautioned that the gust factors, velocity pressure exposure
coef cients, gust-effect factors, pressure coef cients, and
force coef cients of this standard are intended for use with
the 3-s gust speed at 33 ft (10 m) above ground in terrain with
open exposure. It is necessary, therefore, that regional climatic
data based on a different averaging time, for example, hourly
mean, 10-min mean, fastest minute, or fastest mile, be adjusted
to re ect peak gust speeds at 33 ft (10 m) above ground in
terrain with open exposure. The results of statistical studies of
wind-speed records, reported by Durst (1960) for extratropical
winds and for hurricanes (Vickery et al. 2000), are given in
Fig. C26.5-1, which de nes the relation between wind speed
averaged over time t in seconds, V,, and the hourly wind speed,
Vag00- The hurricane simulation model described in Section
C26.5.1 uses the gust-factor curve from ESDU (1982, 1993),
which has been shown to be valid for hurricane winds (Vickery
and Skerlj 2005). Similar conclusions regarding hurricane gust
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Notes

1. For each selected wind direction at which the wind loads are to be
determined, the exposure of the building or structure shall be deter-
mined for the two upwind sectors extending 45° either side of the
selected wind direction.

2. Consider open patches of sizes equal to or greater than the areas given
in Figure C26.7-4 per Commentary Section C26.7.

3. Determine the proportion of open patches in any 45-degree sector
within radii of 500 ft, 1,500 ft, or the greater of 2,600 ft or 20 times the
height of the structure.

4. If the proportion of open patch within any of the three radii above is
less than 25% of the sector area, the sector is considered to meet the
requirements for Exposure B. Where the proportion within any of the
three radii above exceeds 25% of the sector area but is not greater than
50%, the values of K, are taken as the average of the Exposure B and C
values within 100 ft height above grade. Above 100 ft, Exposure B
values shall still apply. Where the proportion of open patches within
any of the three radii of the structure exceeds 50%, the values of K,
shall be based on Exposure C.

5. Apply the exposure requirements of Section 26.7.4 once the directional
exposures are determined for each sector. See Commentary Section
C26.7.4.

FIGURE C26.7-3 Exposure B with Upwind Open Patches
Sector Analysis

C26.7.4 Exposure Requirements. Section 26.5.1 of the
standard requires that a structure be designed for winds from
all directions. A rational procedure to determine directional wind
loads is described here. Wind load for buildings using Section
27.3.1 and Figs. 27.3-1, 27.3-2, or 27.3-3 are determined for
eight wind directions at 45° intervals, with four falling along
primary building axes, as shown in Fig. C26.7-8. For each of the
eight directions, upwind exposure is determined for each of two
45° sectors, one on each side of the wind direction axis. The
sector with the exposure giving highest loads is used to de ne
wind loads for that direction. For example, for winds from the
north, the exposure from Sector 1 or 8, whichever gives the
higher load, is used. For wind from the east, the exposure from
Sector 2 or 3, whichever gives the highest load, is used. For wind
coming from the northeast, the more exposed of Sectors 1 or 2 is
used to determine full x and y loading individually, and then 75%
of these loads are to be applied in each direction at the same time,
according to the requirements of Section 27.3.5 and Fig. 27.3-8.
The procedure de ned in this section for determining wind loads
in each design direction is not to be confused with the
determination of the wind directionality factor, Ky. The Ky
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FIGURE C26.7-4 Minimum Area of Individual Open Patches
Affecting Quali cation of Exposure B

factor determined from Section 26.6 and Table 26.6-1 applies
for all design wind directions. See Section C26.6.

C&C loads for all buildings and MWFRS loads for low-rise
buildings are determined using the upwind exposure for the
single surface roughness in one of the eight sectors of
Fig. C26.7-8 that gives the highest wind loads.

C26.8 TOPOGRAPHIC EFFECTS

This section speci es when topographic effects need to be
applied to a particular structure (Means et al. 1996). In an
effort to exclude situations where little or no topographic effect
exists, Condition 2 recognizes the fact that the topographic
feature should protrude signi cantly above (by a factor of 2 or
more) upwind terrain features before it becomes a factor. For
example, if a signi cant upwind terrain feature has a height of
35 ft (10.7 m) above its base elevation and has a top elevation of
100 ft (30.5 m) above mean sea level, then the topographic feature
(hill, ridge, or escarpment) must have at least the H speci ed and
extend to elevation 170 ft (52 m) above mean sea level [100 ft
(2x35ft)] or 831 m (2x10m) in S.I. within the 2-mi
(3.2-km) radius speci ed.

Condition 5 speci es a lower height, H, for consideration of
topographic effects in Exposure C and D than for Exposure B
(Means et al. 1996), and observation of actual wind damage has
shown that the affected height, H, is less in Exposures C and D.

Buildings sited on the upper half of an isolated hill or
escarpment may experience signi cantly higher wind speeds
than buildings situated on level ground. The topographic feature
(2D ridge or escarpment, or 3D axisymmetrical hill) is described
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FIGURE C26.7-8 Determination of Wind Loads from Different
Directions

judgment, expert advice, or the Wind Tunnel Procedure as de-
scribed in Chapter 31 may be required. Background material on
topographic speed-up effects may be found in the literature (Jackson
and Hunt 1975; Lemelin et al. 1988; Walmsley et al. 1986).
The designer is cautioned that, at present, the standard contains
no provision for vertical wind speed-up because of a topographic
effect, even though this phenomenon is known to exist and can
cause additional uplift on roofs. Additional research is required to
quantify this effect before it can be incorporated into the standard.

C26.9 GROUND ELEVATION FACTOR

The ratio of air pressure and density at elevation z relative to the
standard values at z=0, with constant temperature, is given by
the barometric formula

P;: Po= ; o=¢€ gz RT
where

g = acceleration of gravity = 32.174 ft s? (9.807 m s?),

R =gas constant of air = 1,718 Ib-ft/slug/°R (287 N-m kg K),
and

T =absolute temperature = 518°R (288K).

With these values and elevation z = elevation of ground above
sea level, the ratio is determined from the formulas given in
Table 26.9-1 where K, = , . For reference, a more complete

Table C26.9-1. Gound Elevation Factor including Air Density

Ground elevation, Z4 Air density, Ratio, K,

ft m slug ft® kg m? 0

10,000 305 0.000247 1.269 1.04
0 0 0.000238 1.224 1.00
1,000 305 0.000229 1.180 0.96
2,000 610 0.000221 1.138 0.93
3,000 914 0.000213 1.098 0.90
4,000 1,219 0.000206 1.059 0.86
5,000 1,524 0.000198 1.021 0.83
6,000 1,829 0.000191 0.985 0.80
7,000 2,134 0.000185 0.950 0.78
8,000 2,438 0.000178 0.916 0.75
9,000 2,743 0.000172 0.883 0.72
10,000 3,048 0.000166 0.852 0.70
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version of Table 26.9-1 including air density values is provided
in Table C26.9-1.

K. =1.0 is permitted in all cases. While this is somewhat
unconservative for elevations below sea level, the committee
believes it is reasonable to permit this since the effect is very
small for all areas below sea level in the U.S. (0 to 300 ft in
Death Valley, a maximum of 1 percent increase in air density),
and is likely to be reduced even more due to higher average
temperatures.

C26.10 VELOCITY PRESSURE

C26.10.1 Velocity Pressure Exposure Coef cient. The velocity
pressure exposure coef cient K, can be obtained using the
equations:

Z 2
K,=2.01 (i) for 15ft z gz (C26.10-1)
z 2 . .
K,= 2.01(5) or4d6m z zz (C26.10-1si)
K,=201 e ’ forz 15ft (C26.10-2)
S €) '
Ku=2.01 20 i forz 46m (C26.10-2.si)
w T e (zg) . : :

in which values of and z, are given in Table 26.11-1. These
equations are now given in Table 26.10-1 to aid the user.

The values of given in Table 26.11-1 de ne gust pro les.
The mean pro les implied by these values are based on 4.5, 7.0,
and 10 for Exposures B, C, and D, respectively. These have been
in use for the underlying mean velocity provided for K, since
1982. The ~ values in Table 26.11-1 based on 4.0, 6.5, and 9.0
are used only to calculate the gust factor, G;, for exible
structures in Section 26.11.5.

Changes were implemented in ASCE 7-98, including trunca-
tion of K, values for Exposures A and B below heights of
100 ft (30.5 m) and 30 ft (9.1 m), respectively, applicable to
Components and Cladding (C&C) and the Envelope Procedure.
Exposure A was eliminated in the 2002 edition.

In the ASCE 7-05 standard, the K, expressions were un-
changed from ASCE 7-98. However, the possibility of interpo-
lating between the standard exposures using a rational method
was added in the ASCE 7-05 edition. One rational method is
provided in the following text.

To a reasonable approximation, the empirical exponent and
gradient height z in the preceding expressions [Egs. (C26.10-1)
and (C26.10-2)] for exposure coef cient K, may be related to the
roughness length z, (where z, is de ned in Section C26.7) by the
relations

=¢,7,01% (C26.10-3)

and

g =Cy231% (C26.10-4)
where
¢1 =5.65 and ¢, =450, when units of z, and z; are m, and
¢; =6.62 and ¢, =1,273, when units of z; and z, are ft.
The preceding relationships are based on matching the ESDU
boundary-layer model (ESDU 1982, 1993) empirically with the
power law relationship in Egs. (C26.10-1) and (C26.10-2), the
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From Eq. (C26.10-8),
Xo=Cy x 10 (Kamo Kww)® 23=0621
x 10 062 107 23=0,00241 mi
From Eq. (C26.10-7),

log;o(6.21 0.36)

F k&)= 15g,6.21 0.00221) 8
Therefore, from Eq. (C26.10-6),
0.82
K=(1.00 0.67) WO.SG =0.15

Note that because j Kj is 0.15, which is less than the 0.38
value of jKgz, Kaszgj, 0.15 is retained. Finally, from
Eq. (C26.10-5), the value of K, is

K,=K,y K=082 0.15=0.97

Because the value 0.97 for K, lies between the values 0.88 and
1.16, which would be derived from Table 26.11-1 for Exposures
B and C, respectively, it is an acceptable interpolation. If it falls
below the Exposure B value, then the Exposure B value of K, is
to be used. The value K, =0.97 may be compared with the value
1.16 that would be required by the simple 2,600-ft fetch length
requirement of Section 26.7.3.

The most common case of a single roughness change where
an interpolated value of K, is needed is for the transition from
Exposure C to Exposure B, as in the example just described. For
this particular transition, using the typical values of z, of 0.066 ft
and 1.0 ft, the preceding formulas can be simpli ed to

6.21
Ky =Kag 1 0146logy ~ =

KZB Kz KZC

D))
(C26.10-9)

where x is in miles, and K,y is computed using =6.62.
K,z and K, are the exposure coef cients in the standard
Exposures B and C, respectively. Fig. C26.10-2 illustrates the
transition from terrain roughness C to terrain roughness B from
this expression. Note that it is acceptable to use the typical z,
rather than the lower limit for Exposure B in deriving this
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FIGURE C26.10-2 Transition from Terrain Roughness C to Terrain
Roughness B, Eq. (26.10-9)
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Table C26.10-1 Tabulated Exposure Coef cients

Transition from sea to K33;u K33:d K50;d F« Kso K%)
Station 1 1.215 0.667 0.758 0.220 0.137 0.895
Transition from Station 1 to K33'u K33'd KSO'd F K KSO K(SZO)
Station 2 0667 1215 1.301 0324 0190 1.111
Transition from Station 2 to Kazy Kazg Ksgg F Kso K(S%)
Station 3 1215 0667 0758 0498 0310 1.067

Note: The equilibrium values of the exposure coef cients, K3, K334 and
Kso.q (downwind value of K, at 50 ft), were calculated from Eq. (C26.10-1)
using and z4 values obtained from Egs. (C26.10-3) and (C26.10-4) with the
roughness va?ues given. Then F  is calculated using Egs. (C26.10-7) and
(C26.10-8), and then the value of K at 50-ft height, Ksg, is calculated from

Eqg. (C26.10-6). Finally, the exposure coef cient at 50 ft at Station i, K(S'()J is
obtained from Eg. (C26.10-5).

formula because the rate of transition of the wind pro les is
dependent on average roughness over signi cant distances, not
local roughness anomalies. The potential effects of local rough-
ness anomalies, such as parking lots and playing elds, are
covered by using the standard Exposure B value of exposure
coef cient, K,g, as a lower limit to the calculated value of K,.

Example 2: Multiple Roughness Change. Suppose we have
a coastal waterway situation, as illustrated in Fig. C26.10-1,
where the wind comes from open sea with roughness type D, for
which we assume z,=0.01 ft and passes over a strip of land
1 mi wide, which is covered in buildings that produce typical
B type roughness, i.e., zo =1 ft. It then passes over a 2-mi-wide
strip of coastal waterway where the roughness is again charac-
terized by the open water value zo =0.01 ft. It then travels over
0.1 mi of roughness type B (zo =1 ft) before arriving at the site,
Station 3 in Fig. C26.10-1, where the exposure coef cient is
required at the 50-ft height. The exposure coef cient at Station 3
at a 50-ft height is calculated as shown in Table C26.10-1.

The value of the exposure coef cient at 50 ft at Station 3 is
seen from the table to be 1.067. This is above that for Exposure B,
which would be 0.81, but well below that for Exposure D, which
would be 1.27, and similar to that for Exposure C, which would
be 1.09.

C26.10.2 Velocity Pressure. The basic wind speed is con-
verted to velocity pressure g, in Ib ft?2 (N m?) at height z by
the use of Eq. (26.10-1).

The constant in this equation re ects the mass density of air for
the standard atmosphere, that is, temperature of 59°F (15°C) and
sea level pressure of 29.92 in. of mercury (101.325 kPa), equal to
0.0765 Ibm ft® or 0.002378 slug ft* or 0.002378 Ib-s? ft*
(1.225 kg mq), and dimensions associated with wind speed in
mi h (m/s). The constant is obtained as follows:

Dynamic pressure from Bernoulli’s law:

p=1Y% V?
with V in mi h:
p=1(0.002378 Ibs? f4YV mi h(88 ft s 60 mi h)2
=0.00256V2 b ft2
with V inm s:
p="%(1.225 kg m®)(1 N 1 kgm s?)(Vm s)?
=0.613V2N m? (i)

Values of air density other than the standard-atmosphere
values above may be adjusted using the factor K, as described
in Section C26.9.
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60 ft (18.3 m) above the ground level of buildings sited in wind-
borne debris regions has a widely varying and comparatively
higher vulnerability to breakage from missiles, unless the glazing
can withstand reasonable missile loads and subsequent
wind loading, or the glazing is protected by suitable shutters.
[See Section C26.12 for discussion of glazing above 60 ft
(18.3 m).] When glazing is breached by missiles, development
of higher internal pressure may result, which can overload the
cladding or structure if the higher pressure was not accounted for
in the design. Breaching of glazing can also result in a signi cant
amount of water in ltration, which typically results in consider-
able damage to the building and its contents (Surry et al. 1977;
Reinhold 1982; Stubbs and Perry 1993).

The in uence of compartmentalization on the distribution of
increased internal pressure has not been researched. If the space
behind breached glazing is separated from the remainder of the
building by a suf ciently strong and reasonably airtight com-
partment, the increased internal pressure would likely be con-

ned to that compartment. However, if the compartment is
breached (e.g., by an open corridor door or by collapse of the
compartment wall), the increased internal pressure will spread
beyond the initial compartment quite rapidly. The next compart-
ment may contain the higher pressure, or it too could be
breached, thereby allowing the high internal pressure to continue
to propagate. Because of the great amount of air leakage that
often occurs at large hangar doors, designers of hangars should
consider using the internal pressure coef cients in Table 26.13-1
for partially enclosed buildings

C26.14 TORNADO LIMITATION

Tornadoes have not been considered in the wind load provisions
because of their very low probability of occurrence. However,
some building owners might want to have portions of their
buildings designed to provide a greater level of occupant pro-
tection from tornadoes or minimize building damage associated
with EFO-EF2 rated tornadoes (see Section C26.14.1 for tornado
ratings). Maintaining continuity of building operations for facili-
ties such as emergency operations centers and hospitals is also a
factor when considering whether or not to design for tornado
wind and wind-borne debris loads. This section provides infor-
mation and design guidance for those designers and building
owners who desire to design for reduced property damage or
increased occupant protection, in case the building under con-
sideration is impacted by a tornado.

The following topics are addressed in this section: 1) tornado
wind speeds and probabilities, 2) wind pressures induced by
tornadoes versus other windstorms, 3) designing for occupant
protection, 4) designing to minimize building damage, 5) design-
ing to maintain continuity of building operations, and 6) designing
trussed communications towers for wind-borne debris. (Mehta
etal. (1976), Minor (1982), Minor etal. (1977), and Wen and Chu
(1973) provide early background information on tornadoes.)

C26.14.1 Tornado Wind Speeds and Probabilities. The
National Weather Service (NWS) rates tornado severity
according to the six levels of observed damage in the Enhanced
Fujita Scale (EF Scale). The scale ranges from EFO to EF5. See
Table C26.14-1 for the wind speeds associated with the EF ratings.
Damage indicators (DI) and degrees of damage (DOD) are used to
establish EF ratings. Dls consist of buildings, other structures, and
trees. Information on the EF scale and a description of DIs and
DODs can be found in McDonald and Mehta (2006).

NWS data indicate that the median number of tornadoes in the
United States between 1990 and 2014 was 1,173 per year. During
this time, the fewest number of tornadoes (888) occurred in 2014,

Table C26.14-1 Enhanced Fujita (EF) Scale

EF Number Wind Speed (mph) (m/s)
EFO 65-85 29-38
EF1 86-110 39-49
EF2 111-135 50-60
EF3 136-165 61-73
EF4 166-200 74-89
EF5 >200 >89

Note: Speeds are for 3-s peak gust, Exposure C, 33 ft (10 m) above grade.
Conversion of mph to m s mph x 0.44704=m s.
Source: NOAA (http://www.spc.noaa.gov/efscale/ef-scale.html).

and the greatest number (1,817) occurred in 2004. Tornado-related
winds have a signi cantly lower probability of occurrence at a
speci c location than the high winds associated with meteorolog-
ical events (frontal systems, thunderstorms, and hurricane winds)
responsible for the basic wind speeds given in ASCE 7. The
probability of occurrence is a function of the area covered by a
tornado and of the speci ¢ location. The probability of a site-
speci ¢ EFO to EF1 rated tornado strike in the central portion of
the United States is on the order of a 4,000-year MRI (Ramsdell
and Rishel 2007). (Considering that Risk Category 1V buildings
and structures have an MRI of 3,000 years in the standard,
designing for an EF1 tornado would only result in a small increase
in design wind pressures. It would be prudent to design for an EF1
or greater tornado, as discussed in Sections C26.14.4 and
C26.14.5.) In the areas of the country where the risk of EF4 and
EF5 rated tornadoes is greatest, the annual probabilities that a
particular building will be affected by an EF4 or EF5 rated tornado
are on the order of 10 7 (a 10,000,000-year MRI) (Ramsdell
and Rishel 2007). Tornadoes in the West are rare, as illustrated
by NWS annual tornado maps from 1952 to 2011 (http://www.
spc.noaa.gov/wcem/annualtornadomaps/).

Fig. C26.14-1 shows the recorded EF3-EF5 rated tornadoes
between 1950 and 2013. Of the 56,221 recorded tornadoes that
occurred between 1950 and 2011, 95% were rated as EFO-EF2 by
the NWS, 4% were rated as EF3, and 1% were rated as EF4—EF5.

Damage investigations have indicated that tornado winds are
more likely to generate more wind-borne debris compared to non-
tornadic winds of the same speed. EFO and EF1 rated tornadoes
may generate wind-borne debris that can break unprotected glaz-
ing and puncture many types of door, wall, and roof assemblies.

As illustrated in Table C26.14-3, depending on a building’s
location and Risk Category, EF2 and EF3 rated tornadoes
produce wind pressures that range from below to above those
derived from ASCE 7-10 for hurricane-prone regions. Hence, for
buildings designed for wind pressure in accordance with ASCE
7, the performance of structural elements (i.e., MWFRS), doors,
and walls in tornadoes will depend on the relationship between
the tornado severity and the basic wind speed. For example, a
building in Miami is expected to have greater resistance to strong
tornadoes than a building in Orlando, where the basic wind speed
is lower than Miami’s basic wind speed. However, wind-borne
debris can break unprotected glazing and puncture many types of
door, wall, and roof assemblies. Even if the glazing is protected
from hurricane debris, debris from an EF3 rated tornado may
penetrate the glazing because the momentum of debris generated
by an EF3 rated tornado may signi cantly exceed the impact test
criteria adopted for hurricane opening protection.

EF3 through EF5 rated tornadoes can produce wind pressures
and wind-borne debris loads that are in excess of those derived
from the highest design wind speeds for hurricane-prone areas
and the wind-borne debris test standards for opening protection
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It is important to note that signi cant torsion can occur on low-
rise buildings also (Isyumov and Case 2000), and therefore, the
wind loading requirements of Section 27.3.5 are now applicable
to buildings of all heights.

As discussed in Chapter 31, the wind tunnel procedure should
always be considered for buildings with unusual shapes, rectan-
gular buildings with larger aspect ratios, and dynamically sensi-
tive buildings. The effects of torsion can more accurately be
determined for these cases and for the more normal building
shapes using the wind tunnel procedure.

PART 2: ENCLOSED SIMPLE DIAPHRAGM BUILDINGS
WITHh 160 ft (h 48.8 m)

This section was added to ASCE 7-10 to cover the common
practical cases of enclosed simple diaphragm buildings up to
height h=160 ft (h=48.8 m). Two classes of buildings are
covered by this method. Class 1 buildings have h 60 ft
(h  18.3 m) with plan aspect ratios L/B between 0.2 and 5.0.
Cases A through F are described in Appendix D to allow the
designer to establish the lines of resistance of the MWFRS in
each direction so that the torsional load cases of Fig. 27.3-8 need
not be considered. Class 2 buildings have 60 ft<h 160 ft
(183 m<h 48.8 m) with plan aspect ratios of L/B between
0.5 and 2.0. Cases A through E of Appendix D are described to
allow the designer to establish the lines of resistance of the
MWFRS so that the torsional load cases of Fig. 27.3-8 need not
be considered.

For the type of buildings covered in this method, the internal
building pressure cancels out and need not be considered for the
design of the MWFRS. Design net wind pressures for roofs and
walls are tabulated directly in Tables 27.5-1 and 27.5-2 using the
Directional Procedure as described in Part 1. Guidelines for
determining the exterior pressures on windward, leeward, and
sidewalls are provided in footnotes to Table 27.5-1.

The requirements in Class 2 buildings for natural building
frequency (75/h) and structural damping ( =1.5% critical) are
necessary to ensure that the gust-effect factor, G, which has been
calculated and built into the design procedure, is consistent with
the tabulated pressures. The frequency of 75/h represents a
reasonable lower bound to values found in practice. If calculated
frequencies are found to be lower, then consideration should be
given to stiffening the building. A structural damping value of
1.5%, applicable at the ultimate wind speeds as de ned in the
new wind speed maps, is conservative for most common building
types and is consistent with a lgamping value of 1% for the
ultimate wind speeds divided by = 1.6, as contained in the ASCE
7-05 wind speed map. Because Class 1 buildings are limited to
h 60 ft, (h 18.3 m) the building can be assumed to be rigid
as de ned in the glossary, and the gust-effect factor can be
assumed to be 0.85. For this class of buildings, frequency and
damping need not be considered.

C27.5 WIND LOADS: MAIN WIND FORCE RESISTING
SYSTEM

C27.5.1 Wall and Roof Surfaces: Class 1 and 2
Buildings. Wall and roof net pressures are shown in Tables
27.5-1 and 27.5-2 and are calculated using the external pressure
coef cients in Fig. 27.3-1. Along-wind net wall pressures are
applied to the projected area of the building walls in the direction
of the wind, and exterior sidewall pressures are applied to the
projected area of the building walls normal to the direction of the
wind acting outward, simultaneously with the roof pressures
from Table 27.5-2. Distribution of the net wall pressures between

windward and leeward wall surfaces is de ned in Note 4 of
Table 27.5-1. The magnitude of exterior sidewall pressure is
determined from Note 2 of Table 27.5-1. It is to be noted that all
tabulated pressures are de ned without consideration of internal
pressures because internal pressures cancel out when considering
the net effect on the MWFRS of simple diaphragm buildings.
Where the net wind pressure on any individual wall surface is
required, internal pressure must be included as de ned in Part 1
of Chapter 27.

The distribution of wall pressures between windward and
leeward wall surfaces is useful for the design of oor and roof
diaphragm elements such as drag strut collector beams, as well as
for MWFRS wall elements. The values de ned in Note 4 of
Table 27.5-1 are obtained as follows: The external pressure
coef cient for all windward walls is C, =0.8 for all L/B values.
The leeward wall C,, value is ( 0.5) for L/B values from 0.5 to
1.0 and is ( 0.3) for L/B=2.0. Noting that the leeward wall
pressure is constant for the full height of the building, the leeward
wall pressure can be calculated as a percentage of the p;, value in
the table. The percentage is 0.5/ 0.8 0.5 x100=38% for
L/B=0.5 to 1.0. The percentage is 0.3/ 0.8 0.3 x100=
27% for L/B=2.0. Interpolation between these two percentages
can be used for L/B ratios between 1.0 and 2.0. The windward
wall pressure is then calculated as the difference between the total
net pressure from the table using the p, and py values and the
constant leeward wall pressure.

Sidewall pressures can be calculated in a similar manner to the
windward and leeward wall pressures by taking a percentage of
the net wall pressures. The C, value for sidewalls is ( 0.7). Thus,
for L/IB=0.5 to 1.0, the percentage is 0.7/ 0.8 05 x
100=54%. For L/B=2.0, the percentage is 0.7/ 0.8 0.3 x
100 =64%. Note that the sidewall pressures are constant up the
full height of the building.

The pressures tabulated for this method are based on simpli-
fying conservative assumptions made to the different pressure
coef cient (GC,) cases tabulated in Fig. 27.3-1, which is the
basis for the traditional all heights building procedure (de ned as
the Directional Procedure in ASCE 7-10) that has been a part of
the standard since 1972. The external pressure coef cients, C,
for roofs have been multiplied by 0.85, a reasonable gust-effect
factor for most common roof framing, and then combined with an
internal pressure coef cient for enclosed buildings ( 0.18) to
obtain a net pressure coef cient to serve as the basis for pressure
calculation. The linear wall pressure diagram has been conceived
so that the applied pressures from the table produce the same
overturning moment as the more exact pressures from Part 1 of
Chapter 27. For determination of the wall pressures tabulated, the
actual gust-effect factor has been calculated from Eq. (26.11-10)
based on building height, wind speed, exposure, frequency, and
the assumed damping value.

C27.5.2 Parapets. The effect of parapet loading on the MWFRS
isspeci edin Section 27.3.5 of Part 1. The net pressure coef cient
for the windward parapet is 1.5 and for the leeward parapet is
-1.0. The combined effect of both produces a net coef cient of

2.5 applied to the windward surface to account for the
cumulative effect on the MWFRS in a simple diaphragm
building. This pressure coef cient compares to a net pressure
coef cient of 1.3G; for the tabulated horizontal wall pressure p, at
the top of the building. Assuming that a lower bound gust-effect
factor G; =0.85, the ratio of the parapet pressure to the wall
pressure is 2.5/ 0.85x 1.3 =2.25. Thus, a value of 2.25 is
assumed as a reasonable constant to apply to the tabulated wall
pressure py, to account for the additional parapet loading on the
MWEFRS.
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C27.5.3 Roof Overhangs. The effect of vertical wind loading
on a windward roof overhang is speci ed in Section 27.3.4 of
Part 1. A positive pressure coef cient of 0.8 is speci ed. This
compares to a net pressure coef cient tabulated for the windward
edge Zone 3 of 1.06 (derived from 0.85x 1.3x0.8 0.18).
The 0.85 factor represents the gust-effect factor G, the 0.8
multiplier accounts for the effective wind area reduction to the
1.3 value of C, speci edinFig. 27.3-1of Part 1, and the 0.18 is
the internal pressure contribution. The ratio of coef cients is
0.8/1.06 =0.755. Thus, a multiplier of 0.75 on the tabulated
pressure for Zone 3 in Table 27.5-2 is speci ed.
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C29.3.2 Solid Attached Signs. Signs attached to walls and
subject to the geometric limitations of Section 29.3.2 should
experience wind pressures approximately equal to the external
pressures on the wall to which they are attached. The dimension
requirements for signs supported by frameworks, where there is a
small gap between the sign and the wall, are based on the
collective judgment of the committee.

C29.4 DESIGN WIND LOADS: OTHER STRUCTURES

Guidance for determining G, Cs, and A; for structures found in
petrochemical and other industrial facilities that are not otherwise
addressed in ASCE 7 can be found in Wind Loads for Petro-
chemical and Other Industrial Facilities (ASCE Task Committee
on Wind-Induced Forces (2011)).

Figs. 29.4-1, 29.4-2, and 29.4-3. With the exception of
Fig. 29.4-3, the pressure and force coef cient values in these
tables are unchanged from ANSI A58.1-1972 (ANSI 1972). The
coef cients speci ed in these tables are based on wind tunnel
tests conducted under conditions of uniform ow and low
turbulence, and their validity in turbulent boundary-layer ows
has yet to be completely established. Additional pressure coef -
cients for conditions not speci ed herein may be found in two
references (SIA 1956; ASCE 1961).

With regard to Fig. 29.4-3, the force coef cients are a
re nement of the coef cients speci ed in ANSI A58.1-1982
(1982) and in ASCE 7-93 (1994). The force coef cients speci ed
are offered as a simpli ed procedure that may be used for trussed
towers and are consistent with force coef cients given in TIA
(1991) and force coef cients recommended by Working Group
No. 4 (IASS 1981).

It is not the intent of this standard to exclude the use of other
recognized literature for the design of special structures, such as
transmission and telecommunications towers. Recommenda-
tions for wind loads on tower guys are not provided as in
previous editions of the standard. Recognized literature should
be referenced for the design of these special structures as is noted
in Section 29.1.3. For the design of agpoles, see NAAMM
(2007). For the design of structural supports for highway signs,
luminaires, and traf c signals, see AASHTO LTS-6 (AASHTO
2013).

C29.4.1 Rooftop  Structures and  Equipment for
Buildings. Wind loads on rooftop structures and equipment are
revised in ASCE 7-16 to use Egs. (29.4-2) and (29.4-3) for
buildings of all heights. The change provides an improved
representation of the limited amount of research that is available
(Hosoya et al. 2001; Kopp and Traczuk 2007). The change also
eliminates inconsistencies between equipment on roofs below
versus slightly above the 60-ft (18-3 m) height. The research in
Hosoya et al. (2001) only treated one value of A; (0.04Bh). The
research in Kopp and Traczuk (2008) treated values of
A; =0.02Bh and 0.03Bh, and values of A, =0.0067BL. Because
GC, is expected to approach 1.0 as A; or A, approaches that of
the building (Bh or BL), a linear interpolation is included as a way
to avoid a step function in load if the designer wants to treat other
sizes. However, the loads provided by these provisions are best
suited for units that are much smaller than the building, A; <
0.05Bh and A, < 0.01BL. The resulting loads are expected to be
overly conservative if applied to linelike structures that extend
more than 0.1B or 0.1L across the roof.

Both research studies showed high uplift forces on the rooftop
equipment. Hence, uplift loads are addressed in Section 29.4.1.

Mechanical equipment screens commonly are used to con-
ceal plumbing, electrical, or mechanical equipment from view
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and are de ned as rooftop structures not covered by a roof and
located away from the edge of the building roof such that they
are not considered parapets. Many con gurations and types of
screens are available ranging from solid walls to porous panels,
which allow some air to ow through. Though the use of
equipment screens is prevalent, little research is available to
provide guidance for determining wind loads on screen walls
and equipment behind screens. Accordingly, rooftop screens,
equipment behind screens, and their supports and attachments
to buildings should be designed for the full wind load deter-
mined in accordance with Section 29.4.1. Where substantiating
data have been obtained using the Wind Tunnel Procedure
(Chapter 31), design professionals may consider wind load
reductions in the design of rooftop screens and equipment. For
example, studies by Zuo et al. (2011) and Erwin et al. (2011)
suggest that wind loads on some types of screen materials and
equipment behind screens may be overestimated by the equa-
tions de ned in Section 29.4.

The design wind forces for ground-mounted tanks or similar
structures (smooth surface such as concrete or steel) with the
aspect ratios H=D (height to diameter) in the range of 0.25 to 4
inclusive shall be determined in accordance with Section 29.4.2.

C29.4.2 Design Wind Loads: Circular Bins, Silos, and Tanks
with h 120 ft(h 365m), D 120ft(D 36.5m), and
0.25 H=D 4. Section 29.4 contains the provisions for de-
termining wind loads on silo and tank walls and roofs. The
provisions are largely based on Standards Australia (2011) and
the wind tunnel tests of low-rise cylindrical structures carried out
at high Reynolds numbers (Re > 1.0 x 10°) by Sabransky and
Melbourne (1987) and Macdonald et al. (1988, 1990). Signi cant
increases in drag forces of grouped silos were found in the wind
tunnel tests, so the provisions of grouped tanks and silos are
speci ed in this section.

C29.4.2.1 External Walls of Isolated Circular Bins, Silos,
and Tanks. This section speci es the drag coef cient, C;, for
the walls of circular bins, silos, and tanks. The drag coef cient is
adopted from Standards Australia (2011). Note that the drag
force of 0.63 obtained from an integration of the equations in
AS/NZS 1170.2 (Standards Australia 2002) is close to the value
of smooth surface type from Fig. 29.4-1.

C29.4.2.2 Roofs of Isolated Circular Bins, Silos, and
Tanks. This section speci es the external pressure coef cients
(Cy) for the roofs of circular bins, silos, and tanks. Two con-
ditions are covered as shown in Fig. 29.4-5: roofs that have the
roof angle < 10° and roofs that have 10° < 30°. The
results of < 10° roofs are based on comparisons of domed
roofsand at roofs from Chapter 27 of ASCE 7-10 for maximum
uplift conditions. The results of 10° < 30° roofs are consis-
tent with data of Sabransky and Melbourne (1987) and Macdo-
nald et al. (1988). According to the wind tunnel tests, only
suctions are observed for the roofs de ned.

C29.4.2.3 Undersides of Isolated Elevated Circular Bins,
Silos, and Tanks. This section speci es the external pressure
coef cients, C,, for the underneath sides of circular bins, silos,
and tanks. The external pressure coef cients, C,, are adopted
from Standards Australia (2011).

For calculating gust-effect factor G, structural period T should
be based on the analysis of the whole structure: tank and support
structure.

C29.4.2.4 Roofs and Walls of Grouped Circular Bins, Silos,
and Tanks. For grouped silos, C, and C; values for roofs and
walls are largely based on Standards Australia (2011) and wind
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tunnel tests by Sabransky and Melbourne (1987) and Macdonald
et al. (1990). Test results of an in-line group of three silos with a
clear spacing of 0.25D between nearest adjacent walls (1.25D
center-to-center) by Sabransky and Melbourne (1987) indicated
that the drag coef cient for the central cylinder in the group
increased by approximately 65% relative to that of the isolated
cylinder. Pressure coef cients over the entire roof were signi -
cantly larger in magnitude than the corresponding pressure
coef cients on the isolated model. It was concluded that a clear
spacing of 0.25D produced the maximum interference between
two nite cylinders.

C29.4.3 Rooftop Solar Panels for Buildings of All Heights
with Flat Roofs or Gable or Hip Roofs with Slopes Less
Than 7°. Section 29.4.3 addresses low-pro le solar panels on
low-slope roofs. Requirements speci c to this type of solar
array are provided because such systems (a) are in widespread
use and (b) have been subject to wind tunnel testing that pro-
vides guidance on appropriate design wind loads. Fig. 29.4-7
intentionally has a limited range of application, with the
maximum height above the roof surface (h,) for the solar panels
limited to 4 ft (1.2 m) and the panel chord length (L,) limited to
6.7 ft (2.0 m). Wind tunnel data (e.g., Kopp 2013) show that
increasing the overall height above the roof or panel chord
length increases the wind loads. Likewise, the height of the gap
between the panels and the roof surface (h;) is limited to 2 ft
(0.61 m); otherwise, the wind ow under the panels can cause
uplift exceeding that covered in the gure. The requirements
are not applicable to open structures because the applicable
test data are from enclosed structures, which have different
aerodynamics than open structures. The roof zones shown in
Fig. 29.4-7 are larger than those for the roof loads, as explained
in Banks (2012) and Kopp (2013). Buildings with nonrectan-
gular plans, such as that sketched in Fig. C29.4-1, adapted from
SEAOC (2012), can be used for guidance in applying the
requirements. Reentrant corners do not create a Zone 3 because
cornering vortices only form at outward or protruded corners.
Similarly, outward corners at angles greater than 90° tend to
weaken the vortices; as this angle becomes more obtuse, the
building corner begins to atten out and resemble more of an
edge condition.

The nominal net pressure coef cient GC,, .o, Curves are
derived from wind tunnel test data within the range of parameters
allowed by Fig. 29.4-7. These curves are created based on a
methodology consistent with that used for the ASCE 7 compo-
nents and cladding (C&C) loads. The net pressure coef cients
shown in the design curves of the gure are denoted GC,, nom

since these values need to be adjusted for array edge conditions,
parapet size, and solar panel length.

The wind tunnel data indicate that the GC,,, ,,n Values are not
linearly related to the panel tilt angle over the full tilt angle range.
The data indicate that there is a relatively small change in

GCin nom Values for the lower tilt panels in the 1° to 5° range.
Then there is a rapid increase in GCyy, oy Values from 5° to 15°.
There is again a relatively small change in GC,,, ,,m Values for
higher tilt panels in the 15° to 35° range because, for the higher
tilt angles, upstream panels create turbulence, which increases the
wind loads on all downstream panels (e.g., Kopp et al. 2012;
Kopp 2013). Thus, the gure was created with two GC,, om
curves to address this phenomenon: a GCy, ,om curve for low-
tilt panels in the 0° to 5° range and another for high-tilt panels in
the 15° to 35° range. For panel tilt angles in the 5° to 15° range,
linear interpolation is permitted.

GCyn nom Values are for both positive and negative values.
Wind tunnel test data show similar positive and negative pres-
sures for solar panels (which are very different than typical roof
member design wind loads).

Parapets typically worsen the wind loads on solar panels,
particularly on wider buildings. The parapets lift the vortices
higher above the roof surface and push them closer together,
inward from the edges. It is not entirely clear why the vortex
effects are more severe in this situation, but tests show that this
can result in wind loads that are signi cantly greater than in the
absence of a parapet, particularly for unshrouded tilted panels.
The parapet height factor, ,, accounts for this effect.

Solar panels are typically installed in large arrays with closely
spaced rows, and the end rows and panels experience larger wind
pressures than interior panels, which are sheltered by adjacent
panels. To account for the higher loading at the end rows and
panels, an array edge increase factor is applied, taken from
SEAOC (2012). However, single rows of solar panels can be
determined using this section, taking into account that all solar
panels are de ned as being exposed.

Rooftop equipment and structures, such as HVAC units,
screens, or penthouses, can provide some sheltering bene ts
to solar arrays located directly downwind of the object; con-
versely, however, the regions around edges of such structures
can have accelerated wind ow under varied wind directions.
Accordingly, the edge increase factor ignores such structures
and is calculated based on the distance to the building edge or
adjacent array, neglecting any intervening rooftop structures.
This results in the panels adjacent to rooftop objects being
designed for higher wind loads to account for the accelerated
wind ow.
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The requirements can be used for arrays in any plan orientation
relative to building axes or edges; the dimensions d; and d, are
measured parallel to the principal axes of the array being
considered. The requirement in Fig. 29.4-7 for array panels to
be set back from the roof edge is meant to ensure that the panels
are out of the high-speed wind in the separated shear layers at
the edge. If the array is made up of a single row of solar panels, or
a single panel, then d, is unde ned and ¢ =1.5.

Wind tunnel studies have shown that the wind loads on rooftop
solar panels need not be applied simultaneously to the roof C&C
wind loads for portions of the roof that are covered by the panel.
Where a portion of the span of a roof member is covered by a
solar array and the remainder is not covered, then the roof
member should be designed with the solar array wind load on
the covered portion with simultaneous application of roof C&C
load on the uncovered portion. In a separate load case, the
member should also be checked for C&C wind loads assuming
that the photovoltaic panels are not present. For installations of
new panels on existing buildings, this separate load case to check
the capacity of the existing roof structure to resist the roof C&C
wind loads applied over the entire roof area (i.e., assuming that
the solar panels are not present) is not required.

The wind loads here were obtained for solar arrays without
aerodynamic treatments such as shrouds or de ectors. Uplifting
wind load for arrays with shrouding may be lower, but because of
the range of possible results and sensitivity to design details, such
arrays would need to be wind tunnel tested in order to use
reduced loads from those speci ed here. It should also be noted
that horizontal (drag) loads could increase with the use of shrouds
or de ectors.

Procedure for Using Fig. 29.4-7. To simplify the use of the

gure, the following is a step-by-step procedure.

Step 1: Con rm applicability of the gure to the solar instal-
lation and building.

Step 2: For panels with 2°andh, 10 in: (254 mm), the
procedure using d, Section 29.4.4 per Note 4 may be
used.

Step 3: Con rm that layout provides minimum distance from
roof edge per Note 5.

Step 4: Determine roof zones.

Step 5: Determine effective wind area and normalized wind
area for each element being evaluated.

Step 6: Compute GC;, o from applicable chart, using linear
interpolation for values of  between 5° and 15°.

Step 7: Apply chord length adjustment factor, ..

Step 8: Apply the Edge Factor d,, g, if necessary.

Step 9: Apply parapet height factor, .

Step 10: Calculate GC,, .

Step 11: Calculate pressure, p, using Eq. (29.4-5).

C29.4.4 Rooftop Solar Panels Parallel to the Roof Surface on
Buildings of All Heights and Roof Slopes. Wind loads of roof-
mounted, planar solar panels that are close to and parallel to the
roof surface tend to be lower than the loads on a bare roof
because of pressure equalization (Kopp et al. 2012; Kopp 2013),
except on the perimeter of the array. The solar array pressure
equalization factor, ,, accounts for this reduction, based, in
particular, on data from Stenabaugh et al. (2015). For pressure
equalization to occur, the panels cannot be too large, there needs
to be a minimum gap between the panels, and the height above
the roof surface cannot be too large. The current requirements are
based on panel sizes up to 6.7 ft (2.0 m) long for heights above
the roof surface that are less than 10 in. (254 mm) and a minimum
gap around the panels of 0.25 in. (6.35 mm). Larger gaps and
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lower heights above the roof surface could further decrease the
wind loads, but wind tunnel testing would be required to take
advantage of this difference. For metal roof panels, the 10-in.
(254-mm) maximum distance above the roof surface is measured
from the at portion of the panels, rather than from the top of the
panel ribs.

Panels around the edge of the array may experience higher
wind loads. The de nition of these exposed panels is the same as
for tilted panels in Section 29.4.3.

C29.5 PARAPETS

Before the 2002 edition of ASCE 7, no provisions for the design
of parapets were included because of the lack of direct research.
In the 2002 edition of ASCE 7, a rational method was added
based on the committee’s collective experience, intuition, and
judgment. In the 2005 edition, the parapet provisions were
updated as a result of research performed at the University of
Western Ontario (Mans et al. 2000, 2001) and at Concordia
University (Stathopoulos et al. 2002a, b).

Wind pressures on a parapet are a combination of wall and
roof pressures, depending on the location of the parapet and
the direction of the wind (Fig. C29.5-1). A windward parapet
experiences the positive wall pressure on its front surface
(exterior side of the building) and the negative roof edge zone
pressure on its back surface (roof side). This behavior is based on
the concept that the zone of suction caused by the wind stream
separation at the roof eave moves up to the top of the parapet
when one is present. Thus, the same suction that acts on the roof
edge also acts on the back of the parapet.

The leeward parapet experiences a positive wall pressure on its
back surface (roof side) and a negative wall pressure on its front
surface (exterior side of the building). There should be no
reduction in the positive wall pressure to the leeward parapet
caused by shielding by the windward parapet because, typically,
they are too far apart to experience this effect. Because all
parapets would be designed for all wind directions, each parapet
would in turn be the windward and leeward parapet and,
therefore, must be designed for both sets of pressures.

For the design of the main wind force resisting system
(MWEFRS), the pressures used describe the contribution of the
parapet to the overall wind loads on that system. For simplicity,
the front and back pressures on the parapet have been combined
into one coef cient for MWFRS design. The designer should not
typically need the separate front and back pressures for MWFRS
design. The internal pressures inside the parapet cancel out in the
determination of the combined coef cient. The summation of
these external and internal, front and back pressure coef cients is
a new term (GCp,), the combined net pressure coef cient for a
parapet.

For the design of the components and cladding (C&C), a
similar approach was used. However, it is not possible to simplify
the coef cients because of the increased complexity of the C&C
pressure coef cients. In addition, the front and back pressures are
not combined because the designer may be designing separate
elements on each face of the parapet. The internal pressure is
required to determine the net pressures on the windward and
leeward surfaces of the parapet. The provisions guide the
designer to the correct (GC,) and velocity pressure to use for
each surface, as illustrated in Fig. C29.5-1.

Interior walls that protrude through the roof, such as party
wallsand re walls, should be designed as windward parapets for
both MWFRS and C&C.

The internal pressure that may be present inside a parapet is
highly dependent on the porosity of the parapet envelope.
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with an internal pressure coef cient ( 0.18) to obtain a net

coef cient from which pressures were calculated. The tabulated

pressures are applicable to the entire zone shown in the various
gures.

Pressures in Table 30.6-2 are shown for an effective wind area
of 10 ft? (0.93 m?). A reduction factor is also shown to obtain
pressures for larger effective wind areas. The reduction factors
are based on the graph of external pressure coef cients shown in
the gures in Part 3 and are based on the most conservative
reduction for each zone from the various gures.

Note that the roof pressures tabulated for buildings with h
60 ft (h 183 m) in Fig. 30.4-1 are based on h=30 ft
(h=9.1 m) and Exposure B. An adjustment factor is applied
to the tabulated pressures for other heights and exposures. The
tabulated pressures in Table 30.6-2 are based on Exposure C. An
adjustment factor (EAF) from Eq. (30.6-1) is applied for other
exposures.

C30.6.1 Wind Load: Components and Cladding.

C30.6.1.2 Parapets. Parapet C&C wind pressures can be
obtained from the tables as shown in the parapet gures. The
pressures obtained are slightly conservative based on the net
pressure coef cients for parapets compared to roof zones from
Part 3. Two load cases must be considered based on pressures
applied to both windward and leeward parapet surfaces, as shown
in Fig. 30.6-1.

C30.6.1.3 Roof Overhangs. C&C pressures for roof overhangs
for at and monoslope roofs with h > 60 ft (h > 18.3 m) can be
obtained from the tables as shown in Fig. 30.6-2. These pressures
are slightly conservative and are based on the external pressure
coef cients from Part 3. Pressures for roof overhangs in at,
gable, hip, monoslope, and mansard roofs with h 60 ft
(h 183 m) can be obtained directly from the tabulated
pressures in Fig. 30.4-1.

PART 5: OPEN BUILDINGS

C30.7 BUILDING TYPES

In determining loads on C&C elements for open building roofs
using Figs. 30.7-1, 30.7-2, and 30.7-3, it is important for the
designer to note that the net pressure coef cient, Cy, is based on
contributions from the top and bottom surfaces of the roof. This
fact implies that the element receives load from both surfaces. Such
would not be the case if the surface below the roof were separated
structurally from the top roof surface. In this case, the pressure
coef cient should be separated for the effect of top and bottom
pressures, or conservatively, each surface could be designed using
the Cy value from Figs. 30.7-1, 30.7-2, and 30.7-3.

PART 7: NONBUILDING STRUCTURES

C30.12 CIRCULAR BINS, SILOS, AND TANKS WITH
h 120 ft(h 36.5m)

Section 30.12 contains the provisions for determining wind
pressures on silo and tank walls and roofs, The results of isolated
and grouped silos are largely based on Australian Standards
(Standards Australia 2011), and the wind tunnel tests by Sab-
ransky and Melbourne (1987) and Macdonald et al. (1988, 1990).
Signi cant increases in the mean pressures of grouped silos were
found in the wind tunnel tests, so the provisions of grouped tanks
and silos are speci ed in this section.
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Table C30.12-1 Mean Pressure Coef cients (GC, GC,;) for
Open-Topped Tanks

Aspect RatioH D

Angle 0.25 0.50 1 2 3 4

0° 1.69 1.80 1.9 2 2.07 2.11
15° 1.39 1.50 1.6 1.7 177 1.81
30° 0.99 110 1.2 13 1.37 1.41
45° 0.39 0.50 0.6 0.7 0.77 0.81
60° 0.01 0.01 0.1 0.1 0.13 0.09
75° 0.11 0.31 0.5 0.7 0.83 0.89
90° 0.11 0.31 0.5 0.7 0.83 0.89
105° 0.01 0.11 0.2 0.3 0.33 0.29
120° 0.09 0.10 0.2 0.2 0.27 0.21
135° 0.29 0.30 0.4 0.5 0.47 0.51
150° 0.29 0.40 0.5 0.5 0.57 0.61
165° 0.29 0.40 0.5 0.5 0.57 0.61
180° 0.29 0.40 0.5 0.5 0.57 0.61

Note: D = diameter of circular structure, in ft (m); H = height in ft (m);
= angle from the wind direction to a point on the wall of a circular bin, silo,
or tank, in degrees.

C30.12.2 External Walls of Isolated Circular Bins, Silos, and
Tanks. This section speci es the external pressure coef cients
(GCp ) for the walls of circular bins, silos, and tanks. The
pressure coef cients for isolated silos are adopted from
Australian Standards (Standards Australia 2011).

C30.12.3 Internal Surface of Exterior Walls of Isolated
Open-Topped Circular Bins, Silos, and Tanks. This section
speci es the internal pressure coef cients (GC;) for the walls of
circular bins, silos, and tanks. The internal pressure coef cients
(GC,;) are adopted from Standards Australia (2011). Based on
the wind tunnel test results, mean pressures on walls for open-
topped bins, silos, and tanks are different from the values of
circular bins, silos, and tanks with at or conical roofs.
Table C30.12-1 lists the mean pressure coef cients (GC, GC,)
for open-topped circular bins, silos, and tanks, based on Egs.
(30.12-2) and (30.12-5). The distribution of the external pressure
around the perimeter of the wall is shown in Fig. C30.12-1.

C30.12.4 Roofs of Isolated Circular Bins, Silos, and
Tanks. This section speci es the external pressure
coef cients (GC;) for the roofs of circular bins, silos, and
tanks. Two conditions are covered as shown in Fig. 30.12-2:
Class 1 roofs have the roof angle < 10°, and Class 2 roofs have
10° < 30°. Zone 1 pressures are de ned differently that
either increase with the increment of the silo heights for Class
1 roofs, or with the silo or tank diameters for Class 2 roofs. For
cladding design, Zone 3 pressures are speci ed for the local
pressures near the windward edges applicable to all classes, and
Zone 4 is speci ed for the region near the cone apex used for
Class 2b roofs only. Fig. C30.12-2 is the graphic presentation of
the elevation views for the external pressure coef cients (GC,).
For Class 1 roofs, the external pressure coef cients are based on
comparisons of domed roofs and at roofs from Chapter 27 of
ASCE 7-10 for maximum uplift conditions. The results of Class 2
roofs are consistent with data of Sabransky and Melbourne
(1987) and Macdonald et al. (1988).

C30.12.6 Roofs and Walls of Grouped Circular Bins, Silos,
and Tanks. For grouped silos, (GC,) values for roofs and walls
are largely based on AS/ NZS 1170.2 (Standards Australia 2011)
and wind tunnel tests by Sabransky and Melbourne (1987) and
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The designer should consider a suf cient number of structural
design res to properly address the risks with consideration of
uncertainty associated with heating parameters. Based
upon the time-dependent thermal boundary conditions from re
exposure, the thermal response of structural members and con-
nections can be determined based upon principles of heat
transfer.

CE.5.1 Fuel Load. Structural design res depend on the fuel
load and its distribution. Fuel load is commonly expressed as a
fuel load density, or fuel load per unit oor area. NFPA 557
(2012b) establishes a basis for selecting fuel load density and
distribution. Other methods may be used if acceptable to the
authority having jurisdiction. Although the fuel load density
concept implies a uniform distribution of combustibles in
compartments, the actual distribution of combustibles may
need to be addressed for analyses of structural design res
where localized heating effects may be signi cant.

The fuel load based on the contents of a building, space, or
area typically varies because combustible materials release dif-
ferent levels of thermal energy when burning. For instance,
plastics generally release more energy per unit mass than wood
products. The conversion of building contents into an equivalent
mass based upon their potential energy provides a consistent
basis for determining the total energy of the fuel load. The fuel
load in equivalent mass measured in pound mass (Ibm) (kilo-
grams (kg)) can be readily converted into total energy measured
in British thermal units (Btu) (kilojoules (kJ)) for use in charac-
terization of structural design res.

CE.5.2 Structural Design Fires. Structural design res are
structurally signi cant res based on the physical parameters,
such as building layout, compartment boundary materials
(e.g., walls), ventilation openings (e.g., doors and windows),
and fuel load that are speci c to a particular building space or
spaces. Structurally signi cant res include those that are not
controlled by active re protection systems, such as automatic

re sprinklers or re ghting efforts. Other design res
considered for re detection, evacuation, or other re-related
issues may not be structurally signi cant res.

Provided that there is suf cient oxygen available to support
combustion, the duration of a structural design re is dependent
upon the heat release rate history of the re and the total energy
of the fuel load. A structural design re reaches burnout when
either the available fuel load is fully consumed or there is
insuf cient oxygen to support combustion. The materials in-
volved in a re signi cantly affect the heat release rate history.
Hence, the heat release rate history of a re is not necessarily
correlated with the total energy of the fuel load.

Structural design res should be evaluated using methods
acceptable to the authority having jurisdiction. In certain cases,
it may be necessary to perform re modeling to evaluate struc-
tural design res. Fire modeling generally requires the expertise
of a re protection engineer or a design professional with similar
quali cations. Most re models simulate the effects of re
(e.g., hot air and smoke ows) and not the phenomena of
combustion and ame spread. Where re modeling is required
to determine time-dependent thermal boundary conditions on the
structural system, the designer should substantiate the model
according to SFPE G.06 (2011a).

Based upon the fuel load, ignition(s), and arrangement of
compartments and ventilation openings, a structural design re
may be broadly de ned as one of the following types: enclosure

re, localized re, exterior re, or traveling re. SFPE S.01
(2011b) provides methods to determine time-dependent thermal
boundary conditions on a structural system caused by a structural
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design re for either enclosure or localized res. NFPA 80A
(2012a) provides similar methods for exterior res.

Events such as an earthquake or o0od may result in enclosure,
localized, and/or traveling res within a building. Postevent res
may have compounding factors such as dispersed ammable
contents, electrical malfunctions, interrupted power and/or water
supplies, damage to re sprinkler systems, or overextended
emergency responders. Also, structural damage caused by a
severe event may be exacerbated by a re (e.g., reinforcing steel
exposed by concrete spalling at a connection or loss of member
insulating materials).

Enclosure Fire. An enclosure re is affected by the compart-
ment(s) in which it is contained. As a hot upper gas layer forms
with the progression of re, it reradiates heat back to the re and
fuel packages. The compartment boundaries may radiate inward
as well. These conditions may eventually lead to ashover, at
which point the re is considered to be a fully developed re.
Flashover occurs when there is a rapid transition from localized
burning to simultaneous burning of all combustible materials
within the enclosure. Flashover can only occur in an enclosed
compartment with suf cient fuel and ventilation, where the
ceiling can trap hot gases that lead to radiant heating of all fuels
to the point of combustion.

In most  res, there is variability in the re size, depending on
which items are ignited rst and how the re grows and spreads.
Focusing on fully developed res eliminates much of this
variability since a fully developed (post ashover) re is less
sensitive to which items are ignited rst and how the re grows.
For PBD analyses, neglecting the heating of the structure during
the growth stage of a re is usually a reasonable assumption since
heating of the structure during the fully developed stage is much
greater than heating during the growth stage.

Localized Fire. A localized re burns combustibles at a given
location and does not reach ashover. Localized burning occurs
in open exposures, large spaces, areas with high ceilings, or other
locations that are not conducive to ashover. This typically
occurs in relatively large compartments or spaces, when the fuel
is concentrated within a region. Fires that do not reach ashover
may produce localized heating on the structure.

Exterior Fire. Exterior res may lead to ignition and subse-
quent re exposure within a building, possibly on multiple oors.
For example, buildings in close proximity may mutually increase
the risk of a large re exposure through heat exchange between
buildings. Flame impingement and convective heat transfer from
exterior res, sometimes from res extending out windows from
lower oors, may also create a re hazard.

Traveling Fire. A traveling re is characterized by the spread
of re from combustible to combustible across an open plan that
does not burn simultaneously throughout the entire compartment.
These res move across areas as ames spread, burning over a
limited area at any one time. Traveling res are characterized by
areas with combustibles that are not yet burning, a re front with
generally intense heating, and a trailing region where fuels have
been largely consumed.

CE.5.3 Heat Transfer Analysis. The thermal response of the
structural system depends on the structural design re and the
three modes of heat transfer: conduction, convection, and
radiation. All three modes of heat transfer typically occur
when a structure is heated by re.

Heat transfer analysis methods are speci ¢ to the material’s
physical and chemical response to heat and are used for homo-
geneous and nonhomogeneous materials. Material responses
may include charring, intumescing, dehydration, phase changes,
and chemical reactions. These material responses and associated
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Floor Systems. A study of steel beams and composite oor
systems exposed to a range of heating scenarios (Moss et al.
2004) found that the system behavior at elevated temperatures
caused interrelated changes in the de ected shape, axial force,
bending moments, and internal stresses that varied with the type
of support condition and thermal restraint.

Composite oor systems tested at Cardington (British Steel
1999) and for the FRACOF (Zanon et al. 2011) and COSSFIRE
(Zhao and Roose d 2011) programs found that composite oors
with beam lengths less than 30 ft (9 m) did not experience
failures during the heating phase, but connection failures did
occur during the cooling phase if signi cant deformation oc-
curred in the oor beams during heating. Wang et al. (2011)
found that connection types and axial restraint for oor beams
in uenced the response of oor systems, primarily during the
cooling phase. In contrast, the WTC 7 numerical analysis of
composite oors predicted that shear stud and beam connections
failed during the heating phase of long-span composite oor
systems with one-sided beam-to-girder oor beams of 50- to 56-ft
(15- to 17-m) length (McAllister et al. 2012). This numerical
prediction was not veri ed through observation or physical re
testing because of the large size of the oor bays and inability to
scale structural responses to re. Shear stud failure has not been
observed inany reevent or in any structural re tests. The lack of
observations may be caused by the limitations of full-scale
structural re tests to date. In structural re tests, oor beam
length is typically less than 20-30 ft (7-10 m), columns and
connections are often protected from heating, and/or substantial
restraint of the steel beam and concrete slab prevents thermal
expansion of the composite section. Failure modes for many
structural re tests with shorter, restrained oor beams tend to
occur during the cooling phase at the beam-to-column connection
(Bishy et al. 2013). Bailey et al. (1999) and Elghazouli and
Izzuddin (2001) assessed the performance of the Cardington oor
systems and identi ed response mechanisms of the oor system to
heating and cooling effects. Bailey (2004) presents a performance-
based design approach that considers membrane action in the
composite  oor system.

Reinforced concrete oors, including cast-in-place and pre-
cast/prestressed construction, are typically designed by providing
a speci ed cover thickness over reinforcement. In general, there
is little guidance for the PBD of concrete oor systems for
structural design res. However, PCl (2011) provides design
guidance for precast and prestressed concrete oor systems.
Whereas heating of reinforcement is to be avoided, the heating
of prestressed strands in oor systems should be of particular
concern, as loss of prestress may signi cantly degrade the oor
system performance.

Floor Connections. The performance of connections needs to
be considered in the structural analysis of re effects, particularly
connections in  oor systems. For instance, steel shear connec-
tions may experience bolt shear, local buckling or tear-out of
connection plates, or local buckling of the beam ange near the
connection. Parametric studies of single plate shear ( n) con-
nections (Yu et al. 2009; Selamet and Garlock 2010; Hu and
Engelhardt 2011) and double angle connections (Pakala et al.
2012) identi ed critical dimensions and component interactions
that control connection behavior at elevated temperatures. Huang
et al. (1999) evaluated the role of shear stud connections by
comparing models with varying levels of composite action
against test data from the Cardington re tests of composite
beams.

Heating of concrete and reinforcement in concrete framing
(cast-in-place or precast) may result in concrete spalling that
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accelerates reinforcement heating and loss of strength in the
reinforcement.

Failure Modes. Fire-induced failure modes include large
de ections, member buckling (local, global, or lateral torsional),
connection failures (bearing, bolt tear-out, bolt shear, or weld
failure), reinforcement and anchorage failures, and section loss
(concrete spalling, cracking, or crushing or charred timber
sections).

As temperatures increase suf ciently to reduce the strength
and stiffness of the cross section, yielding or buckling modes
may occur at arbitrary point-in-time (service) load levels. If such
weakening occurs for members with temperature gradients, the
resulting gradient in member stiffness and strength can alter the
combined axial load and moment resistance of the member
(Garlock and Quiel 2008). The strength and stiffness gradient
may also cause the member centroid (i.e., center of strength and
stiffness) to shift toward the cooler (i.e., stronger) side of the
cross section. This centroidal shift induces moments in axially
loaded elements.

CE.6.1 Temperature History for Structural Members and
Connections. Temperature histories of structural members and
connections depend on the thermal response for structural design

res. Temperature histories may include thermal gradients across
a section or along a member length.

Thermal nite element analyses typically use 2D or 3D models
with a ne mesh of solid elements (element size on the order of
inches (centimeters)), whereas structural analyses typically use a
coarser mesh of shell and/or beam elements (element sizes on the
order of feet (meters)). Careful consideration should be given to
the tradeoff between optimal model features for each analysis
versus mapping of temperatures between two sets of nodal data.
For example, a simplistic heat transfer model, such as the lumped
mass method, provides uniform temperatures; uniform tempera-
tures may be inappropriate for a structural system that is likely to
experience signi cant temperature gradients. There may be
situations where it is appropriate to use the same mesh discre-
tization in the thermal and structural models, so that transfer of
nodal temperature data is seamless.

In most cases, results from heat transfer models are mapped to
signi cantly fewer nodes of beam and shell elements in structural
models. The average rate of temperature changes in structural
members and connections typically occurs on the order of
minutes, and temperature data sets for the structural system can
be input at set intervals to re ect the progress of heating and
cooling. Temperatures may be interpolated linearly between the
data sets during the structural analysis.

CE.6.2 Temperature-Dependent Properties. At elevated
temperatures, the strength and stiffness of the material(s)
comprising a structural assembly change. Sources for strength
and stiffness degradation for steel (including prestressing steel),
concrete, masonry, and timber are listed here:

« American Concrete Institute. (ACI). (2007). Code Require-
ments for Determining Fire Resistance of Concrete and
Masonry Construction Assemblies, ACI/TMS.

* ACI. (2001). Guide for Determining the Fire Endurance of
Concrete Elements (Reapproved 2001), 216R-89.

» American Institute of Steel Construction. (AISC). (2010).
Speci cation for Structural Steel Buildings, 14th Ed.,
Appendix A4, “Structural Design for Fire Conditions.”

» American Wood Council. (AWC). (2015). National Design
Speci cation (NDS) for Wood Construction, ANSI/AWC.
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¢ AWC. (2003). Calculating the re resistance of exposed
wood members, TR10.

¢« ASTM International. (2006). Signi cance of Tests and
Properties of Concrete and Concrete-Making Materials,
ASTM STP 169D.

« European Committee for Standardisation. (2005). Eurocode
3: Design of Steel Structures. Part 1-2: General Rules—
Structural Fire Design, EN 1993-1-2.

¢ European Committee for Standardisation. (2004a). Euro-
code 2: Design of Concrete Structures. Part 1-2: General
Rules—Structural Fire Design, EN 1992-1-2.

¢ National Institute of Standards and Technology. (NIST).
(2010). Best Practices Guidelines for Structural Fire Resis-
tant Design of Steel and Concrete Buildings.

¢ Precast/Prestressed Concrete Institute. (PCI). (2011). De-
sign for Fire Resistance of Precast/Prestressed Concrete,
Third Ed., MNL-124-11.

The Eurocode de nes separate curves for material properties at
elevated temperatures for the proportional limit and the yield
stress. However, the yield stress at elevated temperatures is often
de ned at a 0.02 strain in the Eurocode. For ambient tempera-
tures, the yield stress is de ned at a 0.002 offset strain (other
methods are also permitted as de ned in ASTM A6/A6M
(2010a), and the proportional limit is not de ned by an ASTM
test method. However, values for the proportional limit are given
in AISC (2010) Appendix 4 in terms of the ratio to the yield
strength. The analyst should be careful to note these distinctions
in material models.

Where possible, temperature-dependent material properties
should be obtained from consensus standards. Alternative
sources of data, such as research studies and independent
tests, may provide useful data. However, reliance upon a
single test or source of data should be avoided. At a minimum,
test data from several sources should be collected and used to
develop a representative set of temperature-dependent material
properties.

CE.6.3 Load Combinations. For extraordinary events, such as
structurally signi cant res, load combinations 2.5-1 and 2.5-2
are used to evaluate the structural system performance. This load
combination was developed for extraordinary events that may
lead to ultimate limit states such as gross inelastic deformation or
partial collapse.

Load combination 2.5-1 is used to perform a safety check on a
structure designed for the basic load combinations at room
temperature conditions and to evaluate the effect of elevated
temperatures. The force in structural members caused by re
effects, A, has a load factor of 1.0 (Ellingwood and Corotis
1991; Ellingwood 2005). The live load factor of 0.5 is intended
for typical occupancies and arbitrary point-in-time live loads that
likely exist during a signi cant re. The 0.5 live load factor is
also used in other load combinations in Section 2.3 when live
load is a companion load and not the principal load. Note that
the live load in this load combination differs from the approach
used in standard re test methods, where the assembly is loaded
to its design limit for member stress during the standard re
exposure, which represents the application of the full dead and
live load.

Whereas gravity loads for the structure remain constant
during most res (assuming that most of the building contents
are not burning), time-dependent temperature histories may
result in time-varying member strength and thermally induced
forces, depending on the temperatures reached by structural
members.
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Provisions appear on pages 1-402.
Commentary appears on pages 405-822.

Page numbers followed by e, f, or t indicate equations, gures or tables.

access 0ors, seismic design requirements, 127-128, 610
accidental mass eccentricity, 175, 186, 570, 697-698
active fault, de ned, 77
additions, 5, 77. See also alterations
adequate structural strength, use of term, 410
aerodynamic shade, snow drifts and, 59-61, 59e, 62f, 63f, 497-
498, 498f, 499f
aerodynamic wind loads, on tall buildings, 754
aeroelastic model (AM), wind tunnel test, 793
air-permeable cladding, wind loads, 333, 781-783, 782f
air-supported structures, snow loads, 54, 494
aleatory uncertainty, 35
de ned, 466
Alfred P. Murrah Federal Building, 411
“all heights” method. See enclosed, partially enclosed, and open
buildings of all heights
allowable stress design (ASD)
de ned, 1
load combinations, 8-9, 420-421, 421t
procedures, 2, 405
requirement to use, 417
seismic design criteria, 525
along-wind response. See gust effects, wind loads
alterations, 393
de ned, 77
amusement structures, 152
anchorages
access oors, 603-605
in concrete, 637
fall arrest and lifeline, loads and, 16, 436
in masonry, 143, 144, 150
nonbuilding structures, 150, 155, 155t, 637
nonstructural components, 125, 603-605, 605f
structural walls, 4, 108-109, 108e
tanks and vessels, 644, 644f
appendage, de ned, 77
approval, de ned, 77
approved, de ned, 21, 245
approximate fundamental frequency, 751-753, 752e, 752f, 753e
approximate fundamental period, 102, 102e, 561-562, 561f
arched roofs, wind loads MWFRS directional procedure, 278f
architectural components, seismic design requirements,
125-128, 126e, 126t, 127, 128e, 146, 605-611, 608—609t,
611f
ASCE Tsunami Design Geodatabase, 25, 26f, 32, 33f, 456, 465,
465f
atmospheric icing, 69-76, 517-523
de nitions, 69, 518-519
design procedure, 71
design temperatures for freezing rain, 70f, 71, 72-73f, 522
ice loads caused by freezing rain, 70-71, 70e, 70f, 71e, 72-73f,
74f, 75f, 76f, 519-521, 520f, 521t
partial loading, 76, 522
site-speci ¢ studies, 69
wind on ice-covered structures, 71, 72—73f, 74f, 75f, 76, 521—
522, 522t
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attached canopy, de ned, 245

on buildings, 380
attachments, de ned, 78, 526-527, 527f
attics (uninhabitable), live loads, 18

balconies and decks, live loads, 433-434
barrel vault roofs, snow loads, 54, 59, 495, 497
base
de ned, 78
seismic design criteria, 527-529, 527f, 528f, 529f
base ood, de ned, 21
base ood elevation (BFE), de ned, 21
base level, de ned, 167
base shear, de ned, 78
base slab averaging
de ned, 197
soil-structure interaction, 201, 201e, 707, 707f
basic wind speed, de ned, 245
Bathymetric pro le, de ned, 25
bearing walls
alternative structural design criteria, 114-119, 114f, 115t,
116e, 118e, 119
de ned, 81
boilers and pressure vessels, seismic design requirements, 133,
159-160, 616
boundary elements, de ned, 78
braced frame, de ned, 79
breakaway wall
de ned, 21
ood loads, 21, 440
building, de ned, 1, 78
building appurtenances and rooftop structures and equipment
wind loads, components and cladding, 375-382, 375e, 379f,
379t, 380e, 380f, 380t, 381f, 382t
see also wind loads on building appurtenances and other
structure, MWFRS (directional procedure)
building envelope products, C&C ratings for, 740
building frame system, de ned, 79
building structure. See seismic design requirements, building
structure
building types, de ned
enclosed, 245, 732
envelope, 246
exible, 246, 732
low-rise, 245
open, 245, 732
partially enclosed, 245, 732
partially open, 246, 732
regular-shaped, 246, 732
rigid, 246, 732
simple diaphragm, 246
torsionally regular under wind load, 246

cables
material-speci ¢ seismic design and detailing requirements,
136, 620
wind on ice-covered, 521-522, 522t
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